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SUMMARY OF FINDINGS 

 A traditional static axial deep foundation load test is performed by a slow application of a 
force produced against an independent reaction, imitating structural loading. It is the most reliable 
method to determine the pile’s performance as commonly required under typical service conditions. 
The major limitations of this testing are: (i) high cost associated with set-up, test duration, interpreta-
tion and construction delays, and (ii) inability to obtain information about the pile-soil interaction 
along the pile without additional testing means (e.g., tell tales, strain gauges, etc.). These limitations 
are acute when high capacity foundations are involved. 
 Alternative methods to the standard static load testing have been developed in two principal 
avenues: (i) Static loading by methods that either do not require independent, external reaction for 
load application (e.g. Osterberg cell; Osterberg, 1989), or short duration, pseudo-static loading proce-
dures (e.g. Static-Cyclic Testing; Paikowsky et al., 1999) and, (ii) Dynamic testing in which the pile is 
exposed to dynamic efforts (i.e. a force or stress is generated within or at the boundary of the pile 
through the intervention of mass and acceleration). These testing methods include the generation of 
low and high strain waves as well as impacts that produce long relative wavelengths most appropri-
ately termed kinetic testing or fast penetration testing. 
 Both avenues of alternative testing methods (static and dynamic) are researched in the pre-
sented study. Simplified models along with a relative wavelength concept are utilized for pile testing 
classifications. The different innovative testing methods are reviewed, concentrating on three primary 
(widely used) and four secondary pile test types, namely: Drop Weight System, Statnamic test and 
Osterberg Load Cell technology being the primary and Simbat, Fundex, Smartpile and SmartCoil be-
ing the secondary. The static load test procedures including the relatively fast static-cyclic testing 
method are summarized and used as a benchmark. 
 Following a review of the systems and testing procedure, the different testing methods were 
researched according to the available data, need for investigation and perceived difficulties.  
 The drop weight system was investigated via two databases. One of dynamic measurements 
and the associated predicted capacity (DW2000), and the other including drilled shafts for which 
static load tests had been carried out in addition to the dynamic measurements of the drop weight test-
ing (DW/LT2000). Database DW2000 was used to examine the typical performance of a drop weight 
system (e.g. energy transfer), and to develop generic recommendations for the required ram weight 
and stroke height for a given capacity (ultimate or needed). Database DW/LT2000 was used for 
evaluating the developed recommendations and refining them based on the tested foundation; differ-
entiating between the major sources of resistance (end bearing vs. frictional), and associating the rec-
ommendations to the permanent displacement of the deep foundation. The predicted capacities in da-
tabase DW/LT2000 were compared to the capacities measured in the static load tests using various in-
terpretation methods and differentiating between static load tests to failure and non-failed extrapolated 
static loading. The results were compared to the performance of the same dynamic prediction meth-
ods when utilized for driven piles for which large databases are available, as well as the performance 
of static capacity prediction methods. Specific difficulties associated with the ram-pile impact were 
investigated using the impact specific FE code LS-DYNA. Realistic three-dimensional simulation of 
a ram impact with a pile were performed for the first time allowing identification of the major source 
of dynamic measurement difficulties when conducting drop weight testing (i.e. uneven impact), and 
examining various remedies (e.g. soft cushion) and test recommendations (e.g. instrumentation at-

1 



tachment location away from impact). The above analyses and available reviewed codes had led to 
the following major conclusions: 
The ram weight should be larger than 1% of the expected mobilized capacity in the case of frictional 
shafts or shafts for which more than 2mm permanent set (under the analyzed blow) can be achieved. 
For end bearing shafts, the ram weight should be larger than 1.5% of the expected mobilized capacity. 
A distance of two diameters or more should be maintained between the impact and the strain meas-
urements, which should be carried out at least at four locations around the perimeter. The accuracy of 
the tests is as reliable as those carried out for driven piles under restrike, subjected to the limitations of 
the available case histories of database DW/LT2000. 
 The Statnamic testing method was investigated via a database of case histories comparing pre-
dicted capacity to that measured by static load-tests. Sub-categorization and past experience suggested 
large capacity overpredictions when using the method in deep foundations constructed in cohesive 
soils (i.e. silts and clays). Attempt was made to introduce a rate effect factor based on soil type and 
testing performance (e.g. η = 0.69 in silt and η = 0.65 in clays). The use of these “correction factors” 
suggest improved performance of the method in all testing conditions. These factors are based on cur-
rently available small database (e.g. 13 cases in silt and 4 in clay). The approach presented is practical 
for the immediate testing needs and allows the great benefits associated with the Statnamic testing 
method (mobility of very high impacts). It is not based however on a fundamental solution that ad-
dresses the mechanics behind the problem. This was addressed via a rheological model that was de-
veloped in the research that seems to have the potential of addressing kinetic testing for which one-
dimensional wave mechanics is not applicable. 
 The investigation of the Osterberg cell (O-cell) testing method concentrated on a Finite Ele-
ment Method (FEM) study addressing the major issues encountered during O-cell tests in soil or rock 
and researching the controlling factors. The study targeted the issue of underlying differences between 
deep foundation interfacial shear resistance when being loaded from top down (conventional use and 
static testing) versus from down up (O-cell testing). A sample analytical model to examine the same 
issues was developed as well. A limited number of detailed case histories was used to examine the 
analyses. The available data were found to be extremely difficult to use due to their scarcity, the influ-
ence of the tests themselves on the measured results (e.g. shear of concrete-rock interface in static test 
and then comparing the results to O-cell test on the already sheared interface), and spatial variability 
when running two tests on two adjacent foundations. The best comparative tests in soft soil appear to 
indicate relatively good correlation between side shear resistance in O-cell and top down loading. 
Overall, the presented research suggests that the differences in mobilized base resistance from an O-
cell loading and top down loading are relatively minor for shafts in soil or rock. The differences in 
mobilized side shearing resistance from an O-cell loading and top down loading are relatively minor 
in soil with most instances having measured values of unit side shear from an O-cell to be slightly 
conservative relative to top-down loading. For shafts in rock, the unit side shear values mobilized dur-
ing O-cell tests tend to be conservative relative to unit side shear values which may be mobilized from 
top down loading. The differences increase as the modulus of the rock mass approaches 10% or 
higher than the modulus of the shaft’s concrete.  
 The four secondary testing methods were reviewed to the extent of available data and/or pos-
sible examination via models. 
 The Simbat method is essentially a drop-weight testing with improved displacement meas-
urements, and a different interpretation procedure than the standard signal matching analysis. Com-
parisons on the basis of ultimate static capacity seem to show difficulties for piles in clay and overall 
prediction accuracy lower compared to the standard dynamic method procedures. Comparisons be-

2 



tween predicted to measured values on the basis of settlement alone (especially within the working 
loads) are available for a large number of cases but are of limited significance in the context of capac-
ity evaluation, being appropriate for proof testing. 
 The Fundex load testing system extends the time period of an impact via springs. The result-
ing long stress waves cannot be analyzed via wave propagation analyses but require addressing the 
resulting dynamic effects. The simple model used by the method for test result interpretation is not ef-
fective in doing so. The limited information available for comparing testing results to static load tests 
along with the theoretically questionable basis makes the method less attractive for ultimate capacity 
prediction purpose at the present. 
 The Smartpile method employs effective technology to directly measure forces in the pile dur-
ing impact testing mostly of driven piles. The interpretation methods of the test results (under the lim-
ited available data and when comparing the predictions to static load-test results) point to the inability 
of the method to address the complex soil-pile interaction during driving. 
 The Smartcoil method appears to be a novel, interesting concept, but no information is avail-
able of its actual implementation, let alone effectiveness. 
 Several models were developed and utilized to assist the study. A simple model is used to in-
vestigate the behavior of piles under impact and categorize the testing methods, and is demonstrated 
through a detailed case history. The second model represents a change in the approach of testing in-
terpretation. A rheological model is developed for analyzing the deep foundation response under dif-
ferent testing methods. The model, while applicative to all testing methods, seems to be particularly 
attractive for addressing the deficiencies of kinetic testing (e.g. Statnamic tests). 
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CHAPTER 1 
 
INTRODUCTION, RESEARCH APPROACH AND PRINCIPLES 
 
1.1 INTRODUCTION 
 
1.1.1 Background 
 
 Traditional static axial load test is performed by a slow application of a force produced against 
independent reaction, imitating structural loading. It is the most reliable method to determine the 
pile’s performance as commonly required under typical service conditions. The major limitations of 
this testing are: (i) high cost associated with set-up, test duration, interpretation and construction de-
lays, and (ii) inability to obtain information about the pile-soil interaction along the pile without addi-
tional testing means (e.g. tell tales, strain gauges, etc.). These limitations are acute when high capacity 
foundations are involved. 

Alternative methods to the standard static load testing have been developed in two avenues: 
(i) Static loading by methods that either do not require independent, external reaction for load 

application (e.g. Osterberg cells – Osterberg, 1989), or short duration, pseudo-static load-
ing procedures (e.g. Static-Cyclic Testing; Paikowsky et al., 1999). 

(ii) Dynamic testing in which the pile is exposed to dynamic effects i.e., a force or stress is 
generated within or at the boundary of the pile through the intervention of mass and accel-
eration. 

These testing methods include the generation of low and high strain waves as well as impacts that 
produce long relative wavelengths most appropriately termed kinetic testing. (Holeyman, 1992) or 
fast penetration testing.  
 
1.1.2 Research Objectives 

 
1. Evaluate the innovative load testing methods for deep foundations and recommend interim proce-

dures for use and interpretation. 
2. Present a plan for additional research, testing, and analysis needed to provide guidelines for use of 

innovative load testing methods. 
 
1.2 RESEARCH APPROACH 
 

Both avenues of the alternative methods (i.e. static and dynamic) are included in the present 
research project. 

To attain the above objectives, one must first and foremost develop a clear understanding of 
the principles behind the testing methods. Such understanding allows: (i) testing methods categoriza-
tion, (ii) examination of possible methods of analysis, and (iii) clear understanding of the scope of 
each method’s performance under given conditions. 

The research goals were therefore obtained in the outlined stages: 
1. Review of the underlying principles of pile testing methods – in order to gain insight and 

classify the methods based on principles of operation. 
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2. Identification of primary and secondary available testing methods – in order to prioritize 
the research efforts. 
Stage 1 and 2 are presented in Chapter 1. 

3. Detailed review and relevant analyses of the three primary testing methods: 
a. Drop Weight 
b. Statnamic 
c. Osterberg Cell 

4. Review of available analyses and database for the four secondary testing methods: 
a.  Simbat 
b.  Fundex 
c.  Smartpile 
d.  Smartcoil. 
Stages 3 and 4 are presented in Chapter 2.   For the Osterberg cell method limited da-
tabase was used and hence the entire investigation is presented in Chapter 2. 

5. Build up and review analysis of databases for two of the major testing methods: 
a. Static Analyses (Summary) 
b. Drop Weight 
c. Statnamic 
Stage 5 is presented in Chapter 3. 

6. Investigation of three fundamental models dealing with: 
a. Simplified pile-impact body modeling – in order to grasp the controlling parame-

ters for the method employing pile impact. 
b. Detailed impact analysis – in order to study the effect of the impact detail on the 

stresses in the pile and hence the relations between the measurements taken on the 
pile, the assumptions made and the analyses. 

c. Alternative modeling – exploring the difficulty of existing models through the in-
vestigation of alternative model of different principles and its implementation for 
different testing methods. 

Stage 6 is presented in Chapter 4. 
7. Review of existing codes and/or proposals falling under the categories of the investigated 

methods and final recommendations of the methods are presented in Chapter 5. 
8. Final conclusions summarizing the findings and proposing future efforts are also pre-

sented in Chapter 5. 
 

1.3 PRINCIPLES 
 

1.3.1 Outlook 
 
The following section outlines the basic methodology for understanding the underlying prin-

ciples of the testing methods. This leads to the testing categorization (section 1.4) and the description 
and the analyses of the tests themselves (chapters 2 and 3). 
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1.3.2 Load Application and Force Incident 
 

1.3.2.1 Impact Analysis 
 
A realistic analysis of a mass impacting a fixed end rod was discussed by several authors with 

the final solution given by Boussinesq (1883) (see Timoshenko and Goodier, 1934). The following 
section is based on Paikowsky (1982) in which a use of the analysis was made. Figure 1 presents the 
stress propagation in a fixed end bar struck by a moving mass, M 

In a relatively simple analysis based on the conservation of the momentum and the relation-
ship between force and velocity under elastic wave propagation, one can derive the following rela-
tions: (for development details see Timoshenko and Goodier, 1934). 
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for which: 
σo = the front stress of the compressive wave pulse 
vo = impact velocity of the striking mass, M 
E, ρ = modulus of elasticity and mass density of the pile 
So = the compressive wave at time interval 0 < t < T 
T = stress pulse travel time to tip and back  T = 2L/c 
L = Pile length 
C = speed of wave propagation in the pile 
α = Mp/M ratio of mass of pile to impacting mass 
s1 = the compressive wave at time T < t < 2T 

A graphical representation of the functions So and S1 for various values of α (the ratio be-
tween the mass of the rod to the mass of the impacting body) is presented in Figure 2. The relation-
ship of Figure 2 suggests that with the decreasing of the size of the hammer (impacting mass) relative 
to the pile, a sharper pulse of a shorter duration is achieved. For hammers twice the mass of the pile 
the produced stress wavelength is significantly longer than the time required for the wave to travel 
down and up the pile. 

The model and relationship of Figures 1 and 2 and equations 1 to 3 can be directly applied to 
impact driving. Further details of impact representation can be obtained via numerical modeling (e.g. 
Smith 1960), but it is easier in the framework of generic application of bodies in contact (as in this re-
search) to resort to simplified relations based on frequencies. The following review was assisted 
mostly by Holeyman (1992), with appropriate referencing to other relevant publications. 

When external mass, M, interacts under impact velocity, vi, with the head of an half infinite 
long pile, the physical system and its mechanical representation can be described as shown in Figure 3 
(Parola, 1970 and Van Kotten, 1977). The system includes the impacting mass, the cushioning ele-
ment in the impact, and the representation of the pile as a dashpot with a damping factor equal to the 
pile impedance, suitable for short waves dynamic events. This representation allows for easy devel-
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opment of conceptual analytical relationships between the impacting mass size and velocity, the cush-
ioning element, and the pile’s impedance in the shape of non-dimensional force pulses in the pile. 

In developing the graphs shown in Figure 4, the following relationship has been used: 
M, v0 = mass and velocity of impacting body 
k  = equivalent spring coefficient of cushioning element 
I  = pile impedance 
where  I = ρcA 
ρ, A = the pile’s specific mass (density) and cross-section 
c  = one dimensional longitudinal wave speed of the pile’s material 

where 
ρ
Ec =  (4) 

E the pile’s material Young’s modulus 
 

 The force pulse in the pile as presented in Figure 4 is normalized in relation to the pile’s im-
pedance and impact velocity. The developed pulses are calculated as a function of the natural fre-
quency, ωn, for different ratios between the cushioning element and the pile’s stiffness: 

 
m
k

n =ω   ,  
I

k
2

=γ ,  kMIn 2=
γ
ω

 (5) 

The relationships in Figure 4 clearly demonstrate the effect of the cushioning element in relation to 
the pile’s stiffness on the time length of the force pulse developed in the pile, and the magnitude of 
that force as the function of the impact velocity. 

The non-dimensional peak amplitude Fmax/Ivo decreases as 2I/√kM increases, whereas the du-
ration of the impact decreases proportionally with √k/M. For example, in dynamic pile driving of di-
rect impact of steel over steel, a very sharp, short duration pulse force (on the order of 5 milliseconds) 
will develop in the pile. The pulse wavelength will increase when introducing cushion in the system, 
and further increased when using a system like Statnamic all the way to systems of coiled springs un-
der a falling mass, as the tests conducted by “Dynatest” (Gonin et al., 1984) or Fundex (Schellinger-
hout and Revoort, 1996), resulting in a wave length of over 400 milliseconds. For waves of very long 
duration, the representation of the pile in Figure 3 needs to be complemented with a spring in parallel 
to the dashpot that acts practically alone under static loading.  Such system is presented and analyzed 
in section 4.2. 

 
1.3.2.2 Relative Wavelength and Pulse Propagation 

 
While Figure 4 provides the relationship between the testing mechanism and the developed 

wavelength, one next must examine the relationship between the produced wave length and the ability 
to analyze the pile-soil system. Such a measure can be done through the explicit relationship of dis-
tance to time as presented in Figure 2, or the relationship between the wavelength and the pile length, 
introducing the relative wavelength Λ. 

 
 Λ = Length of the force pulse / double length of the pile (2L) (6) 
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The relationship between pile acceleration, force duration, and relative wavelength (which represents 
the sharpness and duration of the force pulse) for different pile tests is presented in Figure 5. To better 
understand the concept of the relative wavelength, one needs to follow the propagation of a force 
pulse through a pile realizing the importance of the pulse sharpness and its length relative to the pile’s 
length. 
 When a compressive force pulse propagates down the pile, it will be reflected whenever there 
is a change in the pile impedance (e.g. change in cross-section) or as a result of external forces (i.e. 
friction), generating two waves, as presented in Figure 6, a compressive wave up and a tension wave 
down, which combines with the initial pulse. Upon reaching the pile toe (under easy or normal driv-
ing conditions, say less than 4 BPI – Blows Per Inch) the resulting downward compressive wave is re-
flected upward and reversed (compression becomes tension) with a compressive offset corresponding 
to the mobilized toe resistance. On its way up toward the pile head, the wave interacts again with (and 
activates) the shaft resistance, and impedance changes, arriving back to the pile top after time t = 2L/c 
in which L is the pile’s length and c speed of wave propagation. This depiction of wave mechanism 
results in the understanding that:  

(i) A shorter pulse duration enables higher resolution of the propagating waves and the com-
bined reflections,  

(ii) The number and complexity of the waves depends on the changes of the cross-section of 
the pile, and  

(iii) The reflecting wave is affected by the interaction of the pile with the soil (shaft and end 
resistances) allowing the interpretation of the soils resistance along the shaft. 

 
1.3.2.3 Pulse Duration, Relative Wavelength and Pile Testing 
 

 Following the above, one can examine the different dynamic testing in light of the pro-
duced relative wavelength and possible interpretation. Integrity testing that utilizes reflection tech-
niques (for a state-of-the-art review see Paikowsky and Chernauyskas 2003, Chernauskas and Pai-
kowsky 1999) uses a small hammer to introduce low strain, short duration pulse that is typically char-
acterized by a relative wave length of 0.1, which provides for maximum depth resolution. Dynamic 
testing during driving is typically characterized by a relative wavelength of 1, associated with force 
duration of 5 to 20 milliseconds. These relations allow for depth resolution for typical piles while pro-
viding high strain testing. Further enhancement of the depth resolution is possible with additional in-
ternal measurement near the pile’s tip (e.g. Smart Pile System; Frederick, 1999 or McVay et al., 
2004). Dynamic Fast Penetration (or Kinetic Testing) such as Statnamic (Berminghamer and Janes, 
1990), as well as Dynatest or Fundex, are characterized by a relative wave length Λ of 10 or higher 
and, therefore, do not allow for depth resolution. The produced pulse duration is about 50 to 200 mil-
liseconds (about an order of magnitude larger than that of impact dynamic testing), and practically the 
front of the wave’s reflection from the tip arrives back to the top before the main portion of the wave 
propagates through the pile. 

Although these tests resort to inertial actions on masses to generate their extended force pulse, 
they can be referred to as “Kinetic Tests” or “Dynamic Fast Penetration” as the inertial forces within 
the pile are small compared to the force being applied. As a result of their high relative wave length, 
the interpretation of these tests cannot make use of the wave equation form of analysis, hence, differ-
ent from tests which can be categorized as Dynamic Wave Action tests (e.g. Drop Weight). This fact 
does not affect the ability to determine the total capacity/resistance of shafts from kinetic tests using 
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other techniques or diminishes their distinctive advantages such as mobility and the ability to produce 
high energy impacts to mobilize the resistance of very high capacity shafts. 

 
1.3.2.4 Intermediate Conclusions 

 
The above presented approach allows for the development of a framework that can obtain the 

required objectives and assess in an unbiased way, the claims (often misleading) of the different test-
ing promoters. 

 
1.4 CLASSIFICATION OF PILE TESTING 
 

The approach presented in previous sections lend to the categorization of pile testing based on 
the nature of the loading and its duration relative to the pile itself. The relative wave length (Λ) ex-
plains the relationship between the loading, the transfer of the loading in the pile, the importance of 
dynamic effects, and the ability to analyze the pile-soil interaction as a result of measurements re-
corded at the pile's top. 

Table 1 outlines the different tests based on this categorization and their relevant method of 
analysis. A discussion of the possible methods of analysis is presented as part of section 4.5. A sum-
mary of the range of possible pile testing and the associated characteristics is presented in Table 2. As 
an illustration of actual testing results, Figure 7 presents data obtained from a research test pile cluster 
at a bridge reconstruction site in Newbury, Massachusetts. The research at the site was conducted by 
the Geotechnical Engineering Research Laboratory at the University of Massachusetts Lowell, guided 
by the author as part of a long-term research sponsored by the Massachusetts Highway Department 
(see e.g. Paikowsky and Chen, 1998, and Paikowsky and Hajduk, 1999). 

Figure 7 presents magnitudes and durations of load measurements during some of the testing 
conducted on a 14-inch square, 80 foot long pre-stressed, pre-cast concrete pile. The pile was instru-
mented and subjected to various testing over a long period of time; relevant information is provided 
by Paikowsky and Hajduk (2004), Hajduk et al. (2000), and Hajduk et al. (1998). The data in Figure 7 
demonstrates the principles previously discussed. The driving system produced an impact of about 5 
milliseconds in wave length, the Statnamic test produced a wave length of about 60 milliseconds, a 
Static-Cyclic load test was carried out at about 15 minutes while a short duration static testing was 
about 8 hours. A slow maintained load test that was carried out at the site was not included in Figure 
7, as it adversely affected the time scale. The data in Figure 7 clearly demonstrates by measurement 
the different time ranges phenomena associated with the different tests, and its ramifications will be 
further discussed in the following sections. 

 
1.5 TESTING METHODS 

 
The innovative testing methods examined in this research include dynamic tests; both high-

strain wave action and kinetic-fast penetration as well as static tests. Table 2 presents a summary of 
the methods under the above general categorization. A background regarding the fundamental differ-
ences between the methods and their categorization was presented in section 1.4. A detailed review of 
the methods is presented based primarily on the extent use of the methods. The primary three methods 
used worldwide, namely drop weight, Statnamic and Osterberg Load Cell, received most attention 
while four secondary methods were reviewed to a different level of detail as available. 
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CHAPTER 2 
 

FINDINGS – TESTING METHODS – CRITICAL REVIEW 
 

2.1 OVERVIEW 
 
 Chapter 2 describes the three primary and four secondary testing methods. The tests are criti-
cally reviewed, methods of analysis are presented and specific analyses are carried out when relevant. 
Database analysis and evaluation relevant to the reviewed methods are presented in the following 
chapters. 

 
2.2 THE DROP WEIGHT SYSTEM 
 
2.2.1 General 

 
High strain dynamic testing can be applied to any pile type not necessarily during driving. The ap-

plication of dynamic testing specifically to in-place constructed deep foundations is done by dropping a 
weight on the pile top, producing a dynamic stress-wave through an impact. The test results are then being 
analyzed using the conventional dynamic methods of analysis though often those are restricted by the spe-
cial conditions of the in-place constructed deep foundations and the drop weight testing. The first use of 
high strain dynamic testing of in-place constructed foundations was made in 1975 on a project in Charles-
ton, West Virginia (Goble et al., 1993). The following sections provide basic information regarding the rou-
tine dynamic measurements and their analysis followed by a review of the drop weight systems. 
 
2.2.2 Dynamic Measurements During Pile Driving and their Analyses 

 
The standard "Pile Dynamics" methods used during pile driving operation are outside the 

scope of the present research. The techniques and the instrumentation are utilized however by the 
"Drop Weight" method presented in the following section. A review summarizing the dynamic meth-
ods and their analyses is presented therefore to accommodate the understanding of the drop weight 
technique. The following section is based mostly on Paikowsky (1995), Paikowsky et al. (1994) and 
Paikowsky et al. (1996). 

Dynamic analyses of piles are methods that predict pile capacity based on the pile behavior 
during driving. Evaluation of static capacity from pile driving is based upon the concept that the 
driving operation induces failure in the pile-soil system; in other words, a very fast load test is car-
ried out under each blow. There are basically two methods of estimating the ultimate capacity of 
piles on the basis of dynamic driving resistance: pile driving formulae (i.e., dynamic equations) and 
Wave Equation (W.E.) analysis. 

Dynamic equations can be categorized into three groups: theoretical equations, empirical 
equations and those that consist of a combination of the two. The theoretical equations are formu-
lated around analyses that evaluate the total resistance of the pile, based on the work done by the pile 
during penetration. While being conceived as a low quality method, the fundamental principle of the 
work-energy conservation is valid and when used with dynamic measurements (i.e. the Energy Ap-
proach, Paikowsky et al., 1994, Paikowsky and Stenersen, 2000) it results in the most accurate 
method to predict the long-term pile's capacity out of dynamic measurements during driving. 
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The theoretical formulations assume elasto-plastic force-displacement relations for which the 
total work is: 

 W = +R S Q
U ( )

2
 (7) 

where Ru is the yield resistance (capacity), Q is the quake denoting the combined elastic deformation 
of the pile and the soil, and S is the set, denoting the plastic deformation (permanent displacement) 
under each blow. 

When the work of the resisting forces, W, is equated to the energy delivered to the pile, i.e., 
W = Ed, we can extract the basic familiar elements of the dynamic equations: 
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The Wave Equation (W.E.) relates to the phenomenon of stress propagation in a pile during driving 
that can be described by the following equation of motion: 
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where:  
u(x,t) = longitudinal displacement of infinitesimal pile segment 
Ap, Sp = pile area and circumference, respectively 
Ep, ρp = modulus of elasticity and unit density of the pile material. 

 
The friction stresses (fs) are activated by the pile movement, and under free wave motion (fs = 0), the 
above equation becomes the familiar 1-D W.E. (One-Dimensional Wave Equation) of an elastic 
wave propagating in a slender homogenous body with a uniform cross-section. The friction stresses 
are traditionally represented by a soil model suggested by Smith (1960). The static soil resistance-
displacement relationship is assumed to be elasto-plastic and is represented by a spring in series with 
a slider. The dynamic resistance (Rd) is assumed to be viscous (soil type related) and, therefore, 
velocity dependent, represented by a dashpot parallel to the spring. The resisting soil force  (Rt) is a 
combination of the two as shown in Figure 8. The different parameters included at the bottom of 
Figure 8 (e.g., J, Q, UR, QR) are the parameters used to specify the assumed behavior of the soil-pile 
interaction for each pile element. 

 The wave equation formulation is used in two ways: 
(a) Pre-driving analysis, where the entire system is modeled, including the pile, hammer 

and driving system, as was first suggested in a comprehensive practical approach by 
Smith (1960) and further improved to include different hammers, splices, etc. (e.g., 
GRL, 1995). 

(b) Post driving analysis, utilizing dynamic measurements obtained near the pile head 
during driving.   

Post-driving signal matching analyses utilize the measured force signal (calculated from strain read-
ings) and the measured velocity signal (integrated with time from acceleration readings) obtained near 
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the pile top during driving. These analyses model the pile-soil system, in a continuous or discrete 
form, as shown at the upper section of Figure 8, with the element denoted as (I-1) representing the 
point of measurement. The velocity signal is used as a boundary condition at that point while varying 
the parameters describing the soil resistance in order to solve the above wave equation and match the 
calculated and measured force signals. 

The soil parameters, describing a simple elastoviscoplastic material as previously mentioned, 
include the side and tip quake, side and tip damping, and the pile shaft and tip ultimate resistances. 
The tip model is identical to that of the shaft without the upward resistance (UR = 0, refer to Figure 8). 
Additional parameters may be used to describe soil resistance and rebound ratio for unloading differ-
ent from that of loading. Further improvements are possible through a better modeling of the physical 
phenomena, e.g., considering the inertia of the displaced soil mass as indicated by Paikowsky et al. 
(1994), Paikowsky and Chernauskas (1996), and Hajduk et al. (2000).  Other improvements of the 
soil model itself are restricted due to: (a) the limited available information from dynamic acceleration 
and strain response at one point of measurement and (b) the poor ability to simulate soil following the 
complex loading sequences it undergoes during driving, set-up and static loading. 

The signal matching process is described in the form of a flow chart in Figure 9. The sub-
scripts msd. and cal. denotes measured and calculated values, respectively. Iterations are performed 
by changing the soil model variables for each pile element in contact with the soil until the best match 
between the force signals (calculated and measured) is obtained. The results of these analyses are as-
sumed to represent the actual distribution of the ultimate static capacity along the pile. This procedure 
was first suggested by Goble, Likins and Rausche (1970), utilizing the computer program CAPWAP.  
Similar analyses were developed by others (see Paikowsky, 1982 and Paikowsky and Whitman, 
1990) utilizing the program code TEPWAP and (see Middendorp and van Weel, 1986) using 
TNOWAVE. 

 
2.2.3 Background and Use 

 
2.2.3.1 General 
 

Drop weight systems are increasingly being used to dynamically test cast-in-place piles; i.e., 
drilled shafts, caissons and pressure injected footings, or even to test old driven piles for re-use. These 
tests are especially important for high capacity piles (say design load over 2.5MN) for which static 
load test is either very expensive or physically difficult to conduct (e.g., over water). Conventional 
pile driving hammers may be inadequate to test these deep foundation types since (i) they typically 
cannot deliver enough energy to mobilize the ultimate bearing capacity, (ii) the size and location of 
the foundation member can present problems in adequately delivering the energy from the ram to the 
pile, and (iii) they are expensive to use. Simple drop weight systems have therefore been developed 
that overcome the limitations of conventional hammers and allow for a relatively inexpensive dy-
namic testing of these deep foundations. 

A typical drop weight system consists of four components: a frame and/or a guide for the drop 
weight (ram), the ram, a trip mechanism to release the ram, and a striker plate with or without a cush-
ion. Strain gages and accelerometers are placed along the pile top to obtain stresswave measurements 
utilizing available PDA’s (Pile Driving Analyzers). Details of available systems are described in Sec-
tion 2.2.4.  The advantages and disadvantages of the system are listed below. 

 
2.2.3.2 Advantages 
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The advantages when compared to static load testing methods are similar to those of standard 

dynamic pile testing:  
a. Rapid testing time. 
b. The ability to deliver high energy to test high capacity and physically large deep founda-

tions including old foundations at locations with limited accessibility. 
c. The ability to use transducers and data acquisition systems for monitoring driven piles 

(such as the Pile Driving Analyzer of Pile Dynamics and TNO Foundation Pile Diagnostic 
System). 

d. The test provides a means to conduct integrity testing concurrent with capacity determina-
tion, which is particularly important for in-place constructed deep foundations. 

e. Low test cost relative to standard static load test. 
f. Current techniques of analysis include field methods (such as the Case Method (Goble et 

al., 1975) and the Energy Approach (Paikowsky, 1982, Paikowsky et al., 1994, Pai-
kowsky 2004)) and signal matching e.g. CAPWAP (Rausche, 1970). 

 
2.2.3.3  Disadvantages  
 

a. The selected mass and drop height must be of sufficient energy to mobilize the resistance 
of the deep foundation in order to obtain adequate capacity measurements. 

b. The installation of in-place constructed deep foundations (drilled shafts, caissons, etc.) can 
cause irregularities in pile geometry (shape) and homogeneity that can dramatically affect 
current measurement techniques and analysis methods. 

c. For increased quality of the obtained force measurements, the gauges need to be away 
from the impact and as high as possible above the ground. This results in the need to cre-
ate either “extensions” of cast in- place shafts or excavations around the shaft, and the use 
of multiple gauge systems. 

d. Although several studies have already been conducted comparing dynamic and static 
measurements of cast in-place deep foundations (Rausche and Seidel, 1984, Jianren and 
Sihong, 1992, Townsend et al., 1991), a comprehensive comparison study which incorpo-
rates significant number of case histories other relevant information (such as installation 
records) is not yet available. 

 
2.2.4 Review of Available Systems  

 
2.2.4.1 General 
 

The testing entails the impact of a mass with the pile top. As such, large variation of possibili-
ties exist ranging from a non-guided drop of a mass by a crane to a well designed guided system of 
varying ram weight and stroke, including a driving system (capblock, striking plate, cushion) at the 
pile’s top. Naturally these systems are locally developed and at times are site specific. Table 3 pre-
sents a summary of various available systems and the following section presents each system indi-
vidually. 
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2.2.4.2 System DW-A  
 

System DW-A was developed in Zhanjing, Guangdone province, P.R. of China and is de-
scribed by Li (1993). This drop weight system includes a four-sided frame and a guide system made 
of angle iron, as shown in Figure 10. Three independent steel hammers weighing 30kN, 50kN, and 
80kN can be used. The trip mechanism to release the hammer consists of two pulleys and a hook. 
This drop weight system can provide a maximum potential energy of 320kN•m with the 80kN ram 
falling 4m. A crane is required for the field testing. 

 
2.2.4.3 System DW-B 

 
System DW-B was developed in Shanghai, P.R. of China and is described by Li (2000). This 

drop weight system has a portable triangular frame (tripod) and a 60kN steel ram, as presented in Fig-
ure 11. The trip mechanism to release the hammer is a “smart” hook that can be opened by a manual 
pull resulting in a free falling ram. The rope and pulley system is used manually in the field and sub-
stitutes the need for a crane. This drop weight system can provide a maximum energy of 150kN•m 
with the 60kN hammer falling 2.5m. 
 
2.2.4.4 System DW-C  

 
System DW-C was developed in Shanghai, P.R.China and is described by Weibing (2000). 

This is the most simple version of a drop weight system which includes the aforementioned smart 
manual hook, a steel ram and a crane without the use of a frame or a guide system, as presented in 
Figure 12. To ensure an impact, the ram is held in place above the piles by pushing rods against the 
ram from various directions (Figure 12c). The maximum potential energy depends on the crane’s ca-
pacity and the weight of the ram. In fact, any kind of ram can be used with this system. The ram de-
scribed in Figure 12 consists of steel plates stacked on each other and held together by four bolts. 
Such arrangements allow variation of the weight but usually results with a ram having a larger cross-
section than that of the shaft. 

 
2.2.4.5 System DW-D  

 
System DW-D was developed by Geodynamica and GTR, (GTR, 1997) to test in-place con-

structed deep foundations in Israel and is presented in Figure 13. This device is similar in principle to 
other drop weight systems presently in use with the distinction of modularity in ram weight as well as 
uniqueness in trip mechanism. The Israeli Drop Weight Impact Device uses modular weights that can 
be arranged into ram weight combinations of 20, 40, 50, 70, or 90kN and has an adjustable drop 
height of up to 4 meters thereby allowing for potential energy of up to 360kN•m. Typically, a pile 
cushion is used below the striking plate to even pile impact stresses across the pile’s top. Additional 
long hammer was developed for the production of short duration waves and better integrity capabili-
ties 
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2.2.4.6 System DW-E 
 
System DW-E was developed in Israel by Isotop and is described by Sokolovski et al., (1998). 

The system is similar in concept to the SPT “donut” shape hammer, as shown in Figure 14. The de-
vice rests on the shaft’s top and the ram slides over the guiding central column. 

 
2.2.4.7 System DW-F  

 
System DW-F is called Newton’s Apple and was developed by GRL Inc. of Cleveland, Ohio, 

and presented by Robinson and Rausche (2000), and Hussein et al. (2004); see Figure 15. Newton’s 
apple includes a new concept in the data acquisition for drop weight systems. The ram is modular and 
its weight can be varied between 50 and 200kN. With these ram weights, and utilizing free release 
drop heights of up to 2.7m, a maximum energy of 540kN•m can be applied. 

The guide frame has a 1.8 x 1.8m footprint and a height of 6m. After the ram is lifted by the 
crane to its top position, a pin is inserted through the ram lifting bar into the guide frame to transfer 
the ram weight to the frame. Hydraulic cutter then cuts the cables holding the ram and cause it to fall. 

The loading systems termed “Newton’s Apple” is also instrumented for measuring the pile’s 
top force utilizing an acceloremeter attached to the ram. If accurate, this principle reduces substan-
tially the need for pile excavations or extension for strain sensor attachment. It also has the potential 
to be more accurate than the calculation of force from strain measurement alone when the concrete 
quality is questionable. Comparison between measured ram force and the force computed from pile 
strain measurement yields a very close agreement according to Robinson and Rausche (2000), and 
Hussein et al. (2004). 

 
2.2.4.8 System DW-G  

 
System DW-G was used by Texas A&M University (Briaud et al., 2000) and is presented in 

Figure 16. A drop hammer is used with swinging leads arrangement and operated with a crane. The 
hammer has a ram weighing about 90kN and the reported falling height was varied from 0.3 to 5m. 
An electronic theodolite was placed (by ESSI-Testconsult, see section 2.6.3 and Figure 97) about 15m 
away from the pile together with a target on the pile to continuously record the dynamic displacement 
of the pile associated with each blow. The cushion on the pile top (detailed in Figure 16) consisted of 
200mm (8in) of plywood overlay with a 75mm (3in) thick striker plate that protects well the pile, but 
substantially decreases the energy delivered to the pile’s head to be only about 20% of the free fall po-
tential energy of the ram. 

 
2.2.4.9 System DW-H 

 
System DW-H is essentially a drop hammer provided by Pileco of Houston. The system hav-

ing swinging leads is described by Townsend et al. (1991) and is presented in Figure 17. The system 
is similar to System DW-G and was operated with a small crane.   

The ram of 75kN was lifted with a crane to the specified drop heights. After transferring the 
ram's weight to the leads system, a hydraulic cutter was used to cut a cable holding the ram in place, 
dropping it in a free fall. The shaft cushion consisted of 200mm (8in) of plywood overlay with a 
75mm (3in) thick steel striker plate. The permanent shaft displacement was measured using a station-
ary laser beam. 
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2.2.4.10 System DW-I 

 
System DW-I was used for high strain dynamic testing by Tongji University in Shanghai and 

is described by Longgen et al. (1999). Depicted in Figure 18, the system is self sufficient with a guid-
ing system and electric winch for lifting the ram as well as a manual triggering for a free fall at the de-
sired height. 

 
2.2.4.11 Discussion and Summary 

 
(a) Discussion 
The different drop weight systems described in sections 2.2.4.2 to 2.2.4.10 present a wide 

range of possibilities for applying an impact to a pile’s top. The systems can be categorized based on 
their complexity, flexibility (modularity), energy level, and so on. A discussion based on such catego-
rization alone does not relate to issues of greater significance, namely the influence of the drop weight 
system type on the impact shape, and that in return on the dynamic analysis. Section 2.2.2 described 
the dynamic measurements and their analyses. The following section (2.2.5) discusses the difficulties 
encountered by dynamic measurements of in-place constructed deep foundations. In light of the issues 
described in section 2.2.5, it is important to note that systems, which do not provide evenly distributed 
impact due to inability or difficulties in ram alignments (e.g. systems DW-B and DW-E), result in un-
even stress distribution leading to incorrect force calculation based on local strain measurements at 
the outer boundary. The use of a cushion greatly increases the even distribution of stresses across the 
shaft, but elongates the time and reduces the peak of the produced stress wave. As a result, the signal 
matching analysis is more difficult and the energy transferred to the pile head is smaller, therefore re-
quires the application of a higher energy to examine a shaft of a given capacity. The Newton apple 
system tries to overcome this problem by measuring the acceleration of the ram, and by knowing the 
ram’s mass the impact force can be calculated. This direct method overcomes the problem of uneven 
stress distribution and/or poor quality of concrete, especially in the pile’s circumference, where the 
strain gauges are attached. The limitation of the system is, however, by the fact that it measures the 
impact force, but not the force that transfers to the pile itself. For that reason, energy loss in the impact 
and the use of a soft cushion desirable for even stress distribution would result in differences between 
the force measured through the ram and that actually experienced by the pile. 

(b) Summary 
A wide range of drop weight systems is available to provide an impact.  In addition to the 

geometrical features of the system, namely guiding system, ram mass, and dropping height (i.e. en-
ergy), the system’s effectiveness is greatly affected by the quality of the impact. A detailed impact Fi-
nite Element Method (FEM) analysis was carried out, able to model the significance of each parame-
ter and its influence on the recorded dynamic values, this analysis is presented in Chapter 4. 

 
2.2.5 Dynamic Measurements of Impacted In-Place Constructed Deep Foundations 
 
2.2.5.1 In-Place Constructed Deep Foundations 

 
In place constructed deep foundations (IPCDF), or drilled deep foundations (known as drilled 

shafts, bored piles, cast in place piles, caissons, piers, auger cast piles, continuous flight auger piles, 
etc.) are commonly used worldwide where they are more suitable or cost effective than driven piles 
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and/or alternatively for carrying large loads, replacing pile groups. A variety of construction methods 
and installation equipment are available (e.g. O’Neill and Reese, 1999). Due to the nature of their 
construction, however, limited quality control is possible and the structural integrity and the geotech-
nical capacity of these foundations remain highly variable and uncertain. The quality of the founda-
tion depends upon the construction method (Camp et al., 2002, Paikowsky, 2004, Paikowsky et al., 
2004), the subsurface conditions, the quality of the materials (grout, cement, concrete, slurry, etc.), 
and the quality of the contractor (i.e. workmanship). As such, the use of drilled deep foundations par-
ticularly confronts the limitations of the traditional static load tests. 

 
2.2.5.2 Dynamic Measurements 

Typical dynamic measurements include the attachment of a pair of accelerometers and a pair 
of strain gauges to the pile (ASTM D4945-00). The acceleration (acc) is integrated to provide the ve-

locity signal at the point of measurements with time ( ( ) ( )∫=
t

cc dttatv
0

) and the strain (εt) is measured 

between two fixed points (typically 76.2mm (3 inches) apart) allowing to calculate the force signal 
with time ( ( ) ( ) pp EAttF ••= ε ) at the point of measurement. This calculation assumes uniformity of 
strain (εt), and hence stresses across the pile’s section as well as knowledge of the cross sectional area 
(Ap), and the pile’s material modulus of elasticity, Ep. 

 
2.2.5.3 Difficulties Associated with the Impact of a Drilled Shaft 

Four fundamental sources of difficulties are associated with the dynamic measurements of 
drilled shafts: 

a. Sources related to construction 
b. Sources related to the ram’s impact 
c. Sources related to the point of measurement 
d. Sources related to the shaft’s resistance 
Table 4 presents a summary of sources, their effect, and possible remedy. These sources of 

difficulties affect the aforementioned assumptions made for conducting and analyzing dynamic force 
measurements. For example, construction procedures affecting the top of the drilled shaft, cause ir-
regular geometrical shape, non-homogeneous cross-section, and often non-uniform concrete. All of 
these factors affect the calculated forces. The stresses can be assumed as uniform when measured 
some distance away from the impact location. Non-uniform impact, in particular impact at one point 
of contact (rotated ram), will cause uneven stresses across the shaft at a large distance from the point 
of impact. The force measurements remain, therefore, problematic under such conditions.  Additional 
difficulty, more common with the impact of drilled shafts than driven piles, is the high frictional resis-
tance that develops close to the ground surface. This condition creates early high signal reflections 
upwards that invalidate the proportionality of the force and velocity measurements, hence, do not al-
low independent assessment of the measurements, and often create difficulties in signal match analy-
ses. The uneven impact stress distribution and early reflections both call for (i) the use of multiple 
gauges around the shafts’ perimeter, and (ii) the establishment of a measurement point at a cross-
section further from the pile top and ground surface as much as possible. This last requirement typi-
cally contradicts the normal mode of shafts design and construction, and requires either extension be-
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yond the ground elevation (see for example Figure 13) or excavation next to the shaft (see for exam-
ple Figures 12 and 16). 

. 
2.2.5.4 Case History 

 
Five tests were conducted on drilled shafts for researching and optimizing the effect of rock-

socket depth on the drilled shaft performance in a given site (GTR, 1997). 
Shaft A was 60cm in diameter and 13m long, including a 2 m rock socket. A 2m extension 

was built above ground surface, and 4 pairs of gauges were used around the pile (see Figure 13). Drop 
weight system DW-D, described in section 2.2.4.5, was used to apply impact, and a 75mm thick ply-
wood cushion was used. Figures 19 and 20 present the individual four force and velocity signals that 
were recorded for blows no. 3 and 4 respectively. The numbers next to the individual gauge readings 
refer to the full scale of the graph (in kN for F and m/sec for V). Blow no. 3 was the result of a 90.7kN 
ram with a 1.5m stroke, and blow no. 4 was obtained using the same ram with a stroke of 1.75m. The 
information presented in Figures 19 and 20 suggests the following: 

a. In both measurements (blow 3 and 4) the accelerometers readings were practically identi-
cal for all four instruments, unaffected by the ram or the drilled shaft. 

b. Uneven forces were calculated at the different points of measurements around the shaft in 
both cases in spite of the advanced guided impact device, the cushion, and the distance be-
tween the impact to the point of measurements (about 3 pile diameters). 

c. A “symmetric” uneven impact was recorded for blow 3, such that gauges diagonally to 
each other recorded similar forces, namely F1 and F3 recorded similar force, as did F2 
and F4. 

d. A completely uneven distributed impact was recorded for blow 4 as depicted in Figure 20. 
Each of the strain gauges measured a different force at the respective point of measure-
ment. Some of the measurements show signs of concrete cracking at the area in which the 
gauge was mounted (e.g. F1), resulting in a permanent force reading (plastic deformation) 
following the impact. 

e. The use of multiple points of measurement allowed, however, to obtain reliable and con-
sistent data that were used for a signal match analysis as presented in Figures 21 and 22 
for impact numbers 3 and 4 respectively. An average of all gauges was used as the repre-
sentative force and velocity signals for impact number 3. F1 gauge’s record of blow no. 4 
was excluded for the average measured force signal, which was achieved by utilizing the 
other three measurements (F2, F3 and F4). 

f. Figures 23 and 24 present the summary of the signal match analysis (CAPWAP) for im-
pacts no. 3 and 4 respectively. A good match was obtained between the measured and cal-
culated forces for both analyzed impacts. 

g. Figures 21 and 22 clearly show the smaller peak velocity measurements (presented in 
force units when multiplying the velocity by the pile impedance) compared to the force 
measurements. These behaviors are a result of a high friction between the soil and the pile 
at the upper portion of the pile close to the ground surface. Verification for this observa-
tion is obtained from the signal match analyses presented in Figures 23 and 24, showing a 
force distribution along the pile with high frictional resistance forces close to the ground 
surface. 
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2.2.6 Existing Codes and Guidelines 
 
2.2.6.1 Overview 
 
 While being popular worldwide, very limited references are available to the drop weight 
method in codes and regulations. One such code is the Chinese specifications for high strain dynamic 
testing.  Chapter 5 presents a translation of the Chinese code. The present section refers to the relevant 
parts related to the drop weight system specifications of size and shape as previously discussed. 
 
2.2.6.2 The Chinese Code 

 
The drop weight system is the main method authorized for capacity evaluation in the Chinese 

national and some of the provincial codes for high strain dynamic testing of piles. There are two rea-
sons that can explain this issue; (i) cast-in-place piles are commonly used in China as they are more 
cost effective than driven piles, and (ii) pile capacities based on dynamic test results are permitted to 
be used only after a significant set-up period following the end of driving. For example, the duration 
required for piles driven in sands (!) is 7 to 14 days for the Chinese and Shanghai codes, respectively. 
As a result, drop weight becomes an economical alternative to a costly crane and pile driving hammer 
mobilization. 

The significance of the Chinese code in relation to the drop weight systems is summarized as 
following: 

a. The code fully recognizes the drop weight system with the major parts being applicable 
for both tests (dynamic tests on driven piles and cast-in-place piles). 

b. The tests are recognized also for pile/shaft integrity purpose. 
c. Some provisions refer specifically to cast-in-place shafts e.g. 5.1.2.3, 5.1.3.3, 5.1.4.2, 

6.1.6, 7.1.2.2 and 7.3.1.3 in JGJ106-97. 
d. The set-up duration between the end of driving and dynamic/drop-weight testing is pre-

scribed clearly based on soil type 
e. The drop weight system used for high strain pile dynamic testing requires providing suffi-

cient energy with ensured impact eccentricity. No detailed drop weight system specifica-
tions, (such as hammer type, trip mechanism and frame), are provided except the require-
ment that the hammer weight and shape need to stand by general requirements as given in 
the following two examples: 

Chinese Code (Specification for High Strain Dynamic Testing of Piles, JGJ106-97, section 
4.0.3): The hammer should be a homogeneous mass with a symmetric shape, preferably made of 
steel. The bottom of the hammer should be smooth. For a free falling ram, the weight of the ram need 
to be greater than 1% of the estimated bearing capacity of the pile. 

Shanghai Foundation design code (DGJ-11-1999, section 14.5.3): The hammer is required to 
assure 2mm set (net settlement) under a single blow and the ram weight should be between 0.8% to 
~1.5% of the estimated bearing capacity of the pile. 
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2.3 STATNAMIC TESTING 
 
2.3.1 General 

 
One method of high-strain, rapid load testing that is used to predict the capacity of both shal-

low and deep foundations is the Statnamic load test. Developed by Berminghammer Foundation 
Equipment, Canada, and The Netherlands Organization (TNO), Netherlands, the Statnamic load test 
is based on Newton’s second and third laws of motion. Using these two principles, the Statnamic test 
is able to apply a relatively large load to the foundation without the need for massive equipment. This 
is accomplished by launching a reaction mass upward off of the foundation at up to 20 times the ac-
celeration due to gravity (20 g’s). Since Newton’s second law states that force is proportional to ac-
celeration, a large applied load is generated from a small mass. This mass is initially in direct contact 
with the foundation, so the force associated with the launching of this mass acts equally and oppo-
sitely down onto the foundation, according to Newton’s third law. 

Statnamic tests have been conducted on many types of foundations including: 
a. drilled shafts,  
b. auger cast-in-situ piles,  
c. driven H-piles,  
d. pipe piles,  
e. prestressed square concrete piles (voided and unvoided),  
f. spun cast cylinder piles (post tensioned),  
g. prestressed cylinder piles 
h. FRP composite piles 
i. cast-in-place concrete footings 
j. precast concrete footings 
k. temporary built-up steel plate footings 

The preponderance of these tests were conducted on foundations constructed in primarily granular 
soils. The rationale for its use is largely due to the close agreement reported to date for these soil types 
and the economy of the test method. 

Universities, federal and state agencies, have conducted Statnamic research worldwide. 
 

2.3.2 Active Research and Usage  ̀
 
Presently research is being conducted in as much as seven countries worldwide. The various 

researchers and general areas of interest are listed below: 
a. United States 

Auburn University  Dan Brown, axial and lateral analysis of drilled shafts  
Brigham Young University  Kyle Rollins, lateral analysis and pile groups  
Johns Hopkins University  Rajah Anandanarajah, cyclic lateral analysis, Statnamic earth-
quakesimulator  
Texas A&M  Jean Louis Briaud, comparison testing  
University of Massachusetts (Lowell)  Samuel Paikowsky, rate of loading in clay and re-
hological modeling 
University of South Florida  Gray Mullins, segmental unloading point method, model pile 
testing in frustum confining vessel 

b. Canada 
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University of Western Ontario  M. Hesham El Naggar, axial analysis using signal match-
ing, lateral analysis  
McMaster University  Robert Horvath and Dieter Stolle, rate of loading, model pile in 
frustum confining vessel 

c. Indonesia  
Petra Christian University  S. Prawono, axial and lateral testing 

d. Japan 
Tokyo Institute of Technology  O. Kusakabe, standardization and building codes  
Kyusyu Kyoritsu University  Y. Maeda, axial analysis methods, including wave analysis  
Kanazawa University  Tatsunori Matsumoto, analysis methods and field testing  
Yamaguchi University  T. Aso and T. Aida, signal matching techniques  
Nippon Institute of Technology  H. Kubota and F. Kuwabara, loading rate 
Kyoto University  M. Kimura, model pile testing using air-pressure device 

e. Korea 
Seoul University  M.M. Kim, axial testing, analysis methods 

f. England 
Sheffield University  Adrian Hyde, rate of loading in clay, model pile testing in clay con-
solidation chamber 

g. Australia 
University of Western Australia  Mark Randolph, model pile testing using soil anchors as 
reaction 

Other Statnamic research in Taiwan, Singapore, and the Netherlands is also ongoing but the 
areas of focus are yet unknown. Some of the research at the above Universities has been funded, or 
partially funded, by Berminghammer Foundation Equipment and/or TNO Profound; but much has 
been funded by state or federal agencies such as the FHWA in the United States, the Japanese Geo-
technical Society, Committee for Rapid Load Test Methods, as well as numerous research institutes 
associated with large Japanese companies. 

Statnamic have been used by nine companies and conducted in nineteen different countries. 
 
2.3.3 Device Component 

 
A Statnamic test device is comprised of three key components as shown schematically in Fig-

ure 25. These are a piston (Figure 26) containing a combustion chamber, a cylinder (Figure 27), and a 
reaction mass (Figure 28). The Statnamic process involves placing the piston onto the foundation and 
loading it with a combustible fuel, installing the cylinder assembly over the piston, securing the reac-
tion mass to the cylinder, and then igniting the fuel. Quickly forming gas pressure from combustion 
accelerates the reaction mass causing an equal and opposite force to be generated into the foundation. 
This pressure is ultimately vented in a controlled manner as the piston and cylinder separate. Numer-
ous devices are available that are capable of achieving various magnitudes of loading. The overall ca-
pacity of a device is determined by the cross-sectional area of its piston, designed as a pressure vessel 
limited to 103MPa (15,000psi). 

There are several Statnamic devices available which allow tests to be performed from 0.45kN 
to 33MN. By varying reaction mass combinations and fuel charges the load produced by each device 
can be varied. The maximum capacity of a device is dictated by the cross-sectional area of the piston 
or cylinder, which can experience up to 104MPa before damaging equipment. Presently 10 different 
size devices are available. The device sizes and practical load ranges are listed in Table 5.  
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As the Statnamic testing produces large forces from accelerating reaction masses upward, an 
associated logistical consideration arises in catching the airborne mass. Several mechanistic systems 
have been successfully implemented. These systems include: a gravel catching mechanism, a hydrau-
lic catching mechanism, and a mechanical catching mechanism. 

The gravel catching system is a crude but effective method of catching the silencer/reaction 
mass assembly after the test. The system involves placing “a gravel structure” around the Statnamic 
device forming an annular cavity, which is then filled with gravel. As the masses achieve flight, the 
gravel flows down to fill the void created by the displacing mass, eliminating the return pathway, thus 
catching the reaction mass. The gravel should be uniform (poorly graded) and angular to perform cor-
rectly. Round gravels flows too easily and can often displace upon reentry of mass, which can cause 
significant damage to equipment. Well graded gravels tend to compact tightly and make disassembly 
of gravely structure extremely difficult. This type of system can be used with all size devices and was 
the first truly effective catching method. Due to the advent of mechanical and hydraulic catching sys-
tems for smaller devices, gravel catch systems are typically used for devices larger than 4MN. Shown 
in Figure 29 is a 30MN gravel catch structure (a) and a mechanical catch device (b) that utilizes sub-
merged, water-filled reaction masses. 

The introduction of hydraulic and mechanical catching systems practically eliminated the use 
of gravel structure systems for tests of 4MN and below. The hydraulic catch mechanisms consist of a 
large alignment frame equipped with long hydraulic catching rams in each of the four corners of the 
frame. These rams are actuated with nitrogen/hydraulic accumulators (gas over oil chambers), which 
use 1 MPa nitrogen pressure to force hydraulic fluid into the rams via one-way valves (one for each 
ram).  The silencer/reaction mass assembly simply rests on the rams prior to the test, which confines 
the nitrogen gas and oil within the accumulators. As the masses accelerate upwards, the nitrogen gas 
confinement is removed and the gas expands forcing the rams to chase the masses to the apex of their 
flight.  Downward movement is restricted by the one-way fluid flow through the valves. Upon com-
pletion of the test, the reaction masses are easily lowered by re-routing the fluid in the ram back to the 
accumulators. Figure 30 displays the 0.6MN and 4MN catch mechanisms. This system is very effi-
cient when multiple tests are performed; and due the deletion of gravel has become more attractive to 
many contractors. Once assembled the system can be moved fully assembled from pile to pile with an 
80-ton crane such that in one day as many as 20 tests on multiple foundations can be conducted with a 
well trained crew. 

 
2.3.4 Instrumentation 

 
2.3.4.1 General 

 
When first introduced in the late 1980's, Statnamic testing was performed while monitoring 

only the applied load and resulting displacement at the top of the foundation. Later, to aid in data re-
gression, it became commonplace to also monitor the associated acceleration directly, and more re-
cently, both top and toe accelerations are recorded for excessively long deep foundations such as 
drilled shafts or driven piles. This provides some level of redundancy in the data because having both 
acceleration and displacement as a function of time allows the motion of the foundation to be inde-
pendently defined by either numerical integration or differentiation.   

 
2.3.4.2 Accelerometers 
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Although there are many types of accelerometers, two primary types are used in Statnamic 
testing; piezoelectric, and capacitive. A piezoelectric accelerometer utilizes the piezoelectric property 
of quartz or ceramic crystals. These crystals produce an accumulation of oppositely charged particles 
on their surface when they are deformed.  This charge is proportional to the amount of strain, and 
therefore the stress, to which the crystal is subjected. A firmly affixed mass is used to cause a deflec-
tion in the crystal (Figure 31). The magnitude of this deflection is proportional to the magnitude of the 
applied force, which is in turn proportional to the acceleration (PCB Piezotronics, 1999). The corre-
sponding voltage that develops across the crystal is conditioned and then returned through signal 
leads to the acquisition system. There it is converted to acceleration using a calibration constant sup-
plied by the manufacturer of the device (e.g. 100 mV/g). 

Capacitive type accelerometers operate in a similar fashion in which an accelerating mass re-
sponds to an externally applied force. In this type of accelerometer there are two conductive plates 
separated by an air gap (Figure 32). This air gap serves as the dielectric, and within it is a proof mass 
supported by a flexible armature. This forms a pair of capacitors between the plates and the mass. 
When the device is subjected to a acceleration, the proof mass is displaced and this creates a capaci-
tance change. The change in capacitance is measured and converted to acceleration, again using a 
calibration constant supplied by the manufacturer (PCB Piezotronics, 1999). 

Each type of device has a useful frequency range over which it can operate. This is much less 
than the natural frequency of the internal components of the accelerometer, and is determined by the 
construction of the device. It can also be affected by the manner in which the device is mounted. Ex-
perience with both piezoelectric and capacitive devices has demonstrated that for top-of-shaft Stat-
namic testing, the capacitive units produce a cleaner signal and are less likely to be affected by tran-
sient vibrations in the system. If the piezoelectric models are used instead, they must be mounted as 
securely as possible to prevent over-excitation (ringing) of the internal electronics. 

 
2.3.4.3 Displacements 
 

Along with acceleration, the displacement of the foundation during the test is also measured. 
Statnamic pistons are equipped with photovoltaic displacement transducers mounted in the center of 
the piston assembly. These transducers are located behind a special mirror that reflects back a portion 
of the light that is directed to its surface from a stationary reference laser. The remainder of the light is 
used to excite the photocells. When activated they produce an output voltage that is proportional to 
vertical position. This voltage is measured by the acquisition system and converted to displacement 
again using a calibration constant. 

 
2.3.4.4 Force and Strain 

 
The Statnamic force applied to the foundation is measured using a resistance-type load cell, 

which is also integral to the piston assembly. The load cell is essentially a strain gage-instrumented 
steel cylinder, the gages being configured as a Wheatstone Bridge (Figure 33). When the load is ap-
plied to the cylinder it causes a resistance change in the bonded, resistance-type strain gages. 

Knowing the properties of the cell material stress is calculated, and then when multiplied by 
the cross-sectional area (of the cell), force is obtained. Using a load cell directly has an advantage 
over pile strain measurements since it is independently calibrated by the manufacturer, converting the 
measured output voltage of the cell into force based on the magnitude of the excitation voltage (e.g. 
2.07 E-7 mV/V/kN). Referring to Figure 33, the excitation voltage is applied across terminals (V) and 
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(R), and the measured output is read across terminals (+) and (-). When the bridge is fully balanced 
(initial condition) the voltage differential between (+) and (-) is zero. When the bridge is shifted out of 
the balanced condition (load applied) the voltage differential between these terminals is nonzero, and 
can be equated to the applied load. 

In addition to acceleration, displacement, and applied load, strain within the foundation is also 
measured during some Statnamic tests. To do this, a resistive strain gage is mounted to a specially 
prepared length of rebar. A lead wire is attached to the gage, and then several layers of protective 
coatings are applied. This protects the strain gage from the harsh environment in which it will operate. 
The final instrumented rebar, referred to as a sister bar, is secured at the desired elevation within the 
foundation.  For a reinforced, drilled shaft, the sister bar is usually mounted to the reinforcing cage be-
fore it is lowered into the hole. For precast, prestressed driven piles, the sister bars are installed at the 
precast yard before concrete for the piles is poured. For unreinforced drilled shaft foundations, a small 
void is left along the length of the shaft during pouring. Later, the sister bar is lowered into this void to 
the proper elevation, and then grout is used to set it into position and fill the remainder of the void. 

Sister bar-mounted strain gages are typically used in groups of two or three per gage eleva-
tion. This is done for two reasons. First, having more than one gage at a particular level provides re-
dundancy in the event of a device failure. Second, by placing multiple gages around the diameter of a 
shaft, any eccentricities in the applied loading can be measured and accounted for in the data regres-
sion. Being able to measure and record the strain at various levels along a foundation offers many ad-
vantages if the data can be properly regressed. 

 
2.3.4.5 Data Acquisition System (DAS) 
 

The use of a high-speed microcomputer is required to collect data during a Statnamic test. A 
typical test duration is 120 milliseconds, during which time nearly 1000 readings of load, displace-
ment, and acceleration are made. Additional data both before and after the test is also recorded to con-
firm the steady state (static) response. A sampling rate of 5000 recordings per second is used to ensure 
the collection of an adequate number of data points to fully describe the event. Such a sampling rate 
demands a powerful acquisition system. The two most commonly used devices to date are discussed. 

One acquisition system often employed is the Foundation Pile Diagnostic System (FPDS) that 
is optional equipment with each new Statnamic device. Developed by The Netherlands Organization 
(TNO), it is comprised of a specialized junction box/signal conditioner and laptop computer combina-
tion to which the load cell, accelerometer, and laser are connected. FPDS software has the ability to 
perform the data acquisition and data reduction for top-of-shaft information. Currently it cannot moni-
tor embedded strain gages, and its reduction technique is pre-defined and cannot be changed. 

Another data acquisition system often used is the MEGADAC computer available from Op-
tim Electronics (Figure 34). This is a highly flexible data acquisition tool that can accept multiple in-
put cards to which the transducers are connected. Shown in Figure 35, multiple MEGADAC devices 
can be daisy-chained such that literally hundreds of channels can be monitored during a test. The 
MEGADAC and associated Test Control System (TCS) can be configured to perform the data acqui-
sition tasks for virtually any application. TCS will not handle any of the data regression but it exports 
all recorded data in a standard ASCII format. This makes it convenient to import the data into a 
spreadsheet application for analysis. 
 
2.3.5 Methods of Analysis 
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2.3.5.1 Overview 
 

Several methods of analysis are available for the Statnamic test data. A rather crude mecha-
nism of analysis involves a stress wave capacity factor, which correlates Statnamically applied loads 
to the actual static capacity via the quotient of the measured values. This method requires side-by-side 
static and Statnamic testing and provides little to no adjustments for inertial or viscous damping ef-
fects. The forces associated with time dependent effects are dependent on the acceleration and veloc-
ity experienced by the foundation and should be more closely linked to these values. Several test pro-
grams in the United States have been conducted using this method for cohesive soil types in conjunc-
tion with inertial correction. 

 
2.3.5.2 Signal Matching 

 
A second method of analysis is aimed at determining the static capacity of a Statnamically 

loaded deep foundation is signal matching. This method uses the same approach as dynamic testing 
whereby the measured response of the top of the pile/shaft is compared to the model-predicted values 
from wave-equation solutions. The results are dependent on a number of user-defined variables and 
derives its solution from the model’s ability to match the field conditions. At present no commercial 
testing firms are using this method on a regular basis. For more details and the difficulties associated 
with the application of the method to stress waves produced by Statnamic testing, see sections 1.3 and 
1.4. 

 
2.3.5.3 Unloading Point Method 

 
The first widely accepted method of analyzing Statnamic data was the Unloading Point 

Method (UPM). The UPM is a simple method, which allows the equivalent static resistance to be de-
rived from the measured Statnamic force (Middendorp, 1993). Therein a simple Kelvin-Voigt model 
is used to represent the foundation/soil system as a rigid body supported by a non-linear spring and a 
linear dashpot in parallel (see Figure 36). The spring represents the static soil response (FStatic). This 
includes the elastic response of the foundation as well as both the foundation/soil interface and sur-
rounding soil response. The dashpot is used to represent the dynamic resistance, which depends on the 
rate of pile penetration. 

The UPM makes two primary assumptions in its determination of the damping coefficient 
“c”. The first is the static capacity of the pile is constant once it plunges as a rigid body. The second is 
that the damping coefficient is constant throughout the test. By doing so a window is defined in which 
to calculate the damping coefficient. Referring to Figure 37 showing a typical Statnamic load-
displacement curve, the first point of interest (1) is that of maximum Statnamic force. At this point the 
static resistance is assumed to have become steady state. Thus, any extra resistance is attributed to that 
of the dynamic forces (ma and cv). The next point of interest (2) is that of zero velocity which has 
been termed the “Unloading Point.” At this point the foundation is no longer moving and the resis-
tance due to damping is zero. The static resistance from point (1) to (2) can then be calculated by the 
following equation: 

 F Static UP = F Statnamic – (ma)Foundation  (10) 
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where, F Statnamic, m, and a are all known parameters; F Static UP is the static force calculated at (2) and 
assumed constant from (1) to (2). 

Next, the damping coefficient can be calculated throughout this range, from maximum force 
(1) to zero velocity (2). The following equation is used to calculate c: 

 c = [FStatnamic - FStatic UP - (ma)Foundation] /  ν (11) 

Damping values over this range should be fairly constant. Often the average value is taken as the 
damping constant, but the most constant value should be used (see Figure 38). Note that as v ap-
proaches zero, point (2), values of c can be different from that of the most representative value and 
therefore the entire trend should be reviewed. Finally the derived static response can be calculated as 
follows: 

 Fstatic = FStatnamic – (ma)Foundation – (cv)Foundation (12) 

The UPM has proven to be a valuable tool in predicting damping values, when the foundation 
acts as a rigid body. However, as the pile length becomes long an appreciable delay can be introduced 
between the movement of the pile top and toe, hence negating the rigid body assumption. This occur-
rence also becomes prevalent when an end bearing condition exists; in this case the lower portion of 
the foundation is prevented from moving jointly with the top of the foundation.  

Middendorp (1998) uses a term denoted as the “Stress Wave Number” (Nw) to quantify the 
applicability of the UPM. The wave number is calculated by dividing the wave length (D) by the 
foundation depth (L). D is obtained by multiplying the wave speed c in length per second by the load 
duration (T) in seconds. Thus, the wave number is calculated by the following equation: 

 L
cT

L
DNw ==

 (13) 

Through empirical studies Middendorp determined that the UPM would accurately predict static ca-
pacity, from Statnamic data, if the wave number was greater than 12. Using wave speeds of 5000m/s 
and 4000m/s for steel and concrete respectively and a typical Statnamic load duration, the UPM is 
limited to piles shorter than 40 m (steel) and 32 m (concrete). Note the relative wavelength Λ of equa-
tion 6 is half Nw (Λ = 0.5Nw) and the material presented in sections 1.3.2.2 and 1.4 is directly relevant. 

Based on load duration, foundation length, and material properties, a foundation may require 
various analysis methods. Figure 39 is a flow chart that can be used as a guide to determining the cor-
rect method for analyzing load test data. DLT and SLT, are used as acronyms for Dynamic and Static 
Load Tests, respectively. Nw is the wave number as calculated above. From Figure 39 it is seen that if 
the stress wave number is lower that 6 then the test should be evaluated using dynamic procedures. 
For tests with stress wave numbers of 1000 or greater static load-displacement behavior can be ex-
pected. It is also noted that for stress wave numbers less than 12 stress wave phenomena can be ex-
pected, and for those greater than 12, no stress wave corrections are necessary.    

Statnamic tests cannot always produce wave numbers greater than 12, and as such there have 
been several methods suggested to reduce stress wave phenomena in Statnamically tested long piles: 
(1) lengthen the load duration, (2) use a “stress wave capacity factor,” and (3) use a signal matching 
algorithm.  
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Although mildly affected by the venting mechanism, the load duration is primarily influenced 
by the mass to force ratio. As the amount of mass used for testing approaches 100% the test duration 
approaches that of a S.L.T. Figure 40 shows the effect of mass ratio on Statnamic load durations; this 
was observed by maintaining a constant mass and varying the Statnamic force (expressed as percent 
of device capacity). High mass to force ratios are plausible, but could negate some of the savings as-
sociated with small equipment mobilization. However, if mobilization costs can be minimized while 
maintaining high mass ratios, stress wave phenomena can be negated. Further, the recent advent of 
the submerged reaction mass option means that large mass to force ratios are attainable that permit 
longer duration loading and high machine utilization. 

Free software that performs the UPM analysis (developed for the Federal Highway Admini-
stration) is available at http://www.eng.usf.edu/~gmullins/. In addition to automating the UPM calcu-
lations, the software conveniently executes all required numerical integration and differentiation of 
the collected data. Further, key statistics from the damping coefficient analysis are recorded and dis-
played in a user-friendly interface (Figure 41) as well as many other options. 

Given the shortcomings of the UPM, users of Statnamic testing have developed a remedy for 
the problematic condition that arises most commonly. The scenario involves relatively short piles 
(Nw>12) that do not exhibit rigid body motion, but rather elastically shorten within the same magni-
tude as the permanent set. This is typical of rock-socketed drilled shafts or piles driven to dense bear-
ing strata that are not fully mobilized during testing. The consequence is that the top of pile response 
(i.e. acceleration, velocity, and displacement) is significantly different from that of the toe. The most 
drastic subset of these test results show zero movement at the toe while the top of pile elastically dis-
places in excess of the surficial soil quake (e.g. upwards of 25 mm). Whereas with plunging piles 
(rigid body motion) the difference in movement (top to toe) is minimal and the average acceleration is 
essentially the same as the top of pile acceleration; tip restrained piles will exhibit an inertial term that 
is double than when using top of pile movement measurements to represent the entire pile.  

 
2.3.5.4 Modified Unloading Point Method 

The Modified Unloading Point Method (MUP) makes use of an additional toe accelerometer 
that defines the toe response. The entire pile is still assumed to be a single mass, m, but the accelera-
tion of the mass is now defined by the average of the top and toe movements. A standard UPM is then 
conducted using the applied top of pile Statnamic force and the average accelerations and velocities. 
The derived static force is then plotted against top of pile displacement as before. This simple exten-
sion of the UPM has successfully overcome most problematic data sets. Plunging piles instrumented 
with both top and toe accelerometers have shown little analytical difference between the UPM and the 
MUP. However, MUP analyses are now recommended whenever both top and toe information is 
available. 

Although the MUP solved most of the problems associated with unmet UPM conditions, there 
still exists a scenario where Statnamic data cannot be analyzed without signal matching or wave equa-
tion analyses. This is when the wave number is less than twelve (relatively long piles). In these cases 
the pile may still only experience compression (no tension waves) but the delay between top and toe 
movements causes a phase lag. Hence an average of top and toe movements does not adequately rep-
resent the pile. 

 
2.3.5.5 Segmental Unloading Point Method 

 

http://www.eng.usf.edu/~gmullins/
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The Segmental Unloading Point Method (SUP) was developed to analyze foundations that 
would not satisfy the conditions for UPM or MUP analyses. Specifically, when the wave number is 
less than 12, the assumption of rigid body motion is not reasonable; in these conditions, appreciable 
compression waves have been observed in Statnamic data sets. The overall effect is that the top and 
toe response of the pile experience an out-of-phase condition and wave type analyses are best suited. 
A second aspect addressed by SUP, but less noted by designers, is the mechanism by which a long 
pile develops capacity irrespective of the test type or duration (static or Statnamic). Due to strain in-
compatibility, a long pile cannot develop its ultimate capacity simultaneously from all soil strata; but 
rather will develop from top down depending on the stiffness of the strata and the relative displace-
ments caused by elastic compression. This is contrary to classical pile capacity calculations, which 
simply sum the predicted ultimate skin friction contributions from various layers. This method, de-
noted as SUP, discretizes a foundation into shorter lengths (called segments) that each meet the crite-
ria of the UPM and hence move more like a rigid body. This allows the standard UPM to be applied 
to each segment using the fundamental equation of motion. Then the total derived static response can 
be calculated as the sum of the derived static response from the individual segments with respect to 
time. In that the peak segmental capacities may not occur at the same time or top of pile displacement, 
this summation is not simply the sum of the peak segmental capacities, but rather the summation of 
capacities with respect to the top of pile displacement. This method requires the use of strain gages at 
various levels along the length of the foundation. Thereby, soil load and displacement distributions 
are measured and not assumed or modeled (Lewis, 1999; Mullins et al., 2002). 

The fundamental concept of the SUP is that the acceleration, velocity, displacement, and force 
on each segment can be determined from strain gage measurements. The individual segment dis-
placements are determined using the relative displacement with respect to the top of pile movement 
from the cumulative elastic compression as measured from strain gages. The velocity and acceleration 
of each segment are then determined by numerically differentiating the displacement with respect to 
time. The segmental forces are determined from the difference in force from strain gages at the levels 
bounding the segment. 

The maximum number of segments is dependent on the available number of strain gage lay-
ers. However, strain gage placement does not necessitate assignment of segmental boundaries; as long 
as the wave number of a given segment is greater than 12, the segment can include several strain gage 
levels within its boundaries. The number and the elevation of strain gage levels are usually deter-
mined based on soil stratification; as such, it is useful to conduct an individual segmental analysis to 
produce the shear strength parameters for each soil strata. A reasonable upper limit on the number of 
segments should be adopted because of the large number of mathematical computations required to 
complete each analysis. Figure 42 is a sketch of the SUP pile discretization.  

The notation used for the general SUP case defines the pile as having m levels of strain gages 
and m+1 segments. Strain gage locations are labeled using positive integers starting from 1 and con-
tinuing through m. The first gage level below the top of the foundation is denotes as GL1 where the 
superscript defines the gage level. Although there are no strain gages at the top of foundation, this 
elevation is denoted as GL0. Segments are numbered using positive integers from 1 to m+1, where 
segment 1 is bounded by the top of foundation (GL0) and GL1. Any general segment is denoted as 
segment n and lies between GLn-1 and GL n. Finally, the bottom segment is denoted as segment m+1 
and lies between GLm and the foundation toe. 

The SUP analysis defines an average acceleration, velocity, and displacement traces that are 
specific to each segment. To do this strain data and a boundary displacement are needed. The bound-
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ary displacement may come from the Statnamic laser reference system (top), top of pile acceleration 
data, or from embedded toe accelerometer data.   

The displacement is calculated at each gage level using the change in recorded strain with re-
spect to an initial time zero using Equations 14 through 17. Because a linearly-varying strain distribu-
tion is assumed between gage levels, the average strain is used to calculate the elastic shortening in 
each segment. Equations 14 and 16 are specific to gage level 1; whereas Equation 15 and 17 are gen-
eral for all subsequent levels. 

level one displacement 

 x1 = xlaser – [(∆εGL
0 + ∆εGL

1)Lseg
1]/2 (14) 

subsequent level displacements 

 xn = xn-1 - ∆ε average seg n L seg n (15) 

where 

 ∆εGL
0 = ∆F Statnamic / AE (16) 

 ∆ε average seg n = (∆εGL
n-1 + ∆εGL

n)/2 (17) 
 

and 
x laser = the top-of-pile displacement 
xn = the displacement at the nth gage level 
∆ε average seg n  = the average change in strain in segment n 
L seg n  = the length of the nth segment 
∆εGL

n
  = the change in strain in the nth strain gage level 

∆F Statnamic  = the change in measured Statnamic force with 
AE = foundation area and elastic modulus 

To perform an unloading point analysis, only the top-of-segment motion needs to be defined. How-
ever, the MUP analysis, which is now recommended, requires both top and bottom parameters. The 
SUP lends itself naturally to providing this information. Therefore, the average segment movement is 
used rather than the top-of-segment; hence, the SUP actually performs multiple MUP analyses rather 
than standard UPM. The segmental displacement is then detrmined using the average of the gage 
level displacements from each end of the segment as shown in the following equation: 

 xseg n = (xn-1 + xn) / 2 (18) 

where x seg n is the average displacement consistent with that of the segment centroid. 
 

The velocity and acceleration, as required for MUP, are then determined from the average dis-
placement trace through numerical differentiation using Equations 19 and 20, respectively: 

 vn = (x n t – x n t+1
  )/∆t (19) 

 an = (vn t – vn t+1)/ ∆t  (20) 
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where  
 vn = the velocity of segment n 
 an = the acceleration of segment n 
 ∆t = the time step from time t to t+1  

It should be noted that all measured values of laser displacement, strain, and force are time dependent 
parameters that are field recorded using high-speed data acquisition computers. Hence the time step, t, 
used to calculate velocity and acceleration is a uniform value that can be as small as 0.0002 seconds. 

The average motion parameters (x, v, and a) for segment m+1 cannot be ascertained from 
measured data, but the displacement at GLm can be differentiated directly providing the velocity and 
acceleration. Therefore, the toe segment is evaluated using the standard UPM. These segments typi-
cally are extremely short (1 - 2 m) producing little to no differential movement along its length. 

Each segment in the shaft is subjected to a forcing event which causes movement and reaction 
forces. This segmental force is calculated by subtracting the force at the top of the segment from the 
force at the bottom. The difference is due to side friction, inertia, and damping for all segments except 
the bottom segment. This segment has only one forcing function from GLm and the side friction is 
couple with the tip-bearing component. The force on segment 1 is defined as: 

 S1 = Sstatnamic – E1 A1 ε1 (21) 

On subsequent segments 

 Sm = Em Am εm (22) 

And on the toe segment 
 Sn = A(n-1) E(n-1) ε (n-1) – An En εn (23) 
where 

Sn  = the applied segment force from strain measurements 
En = the composite elastic modulus at level n 
An  = The cross-sectional area at level n 
εn = The measured strain at level n 

 
Once the motion and forces are defined along the length of the pile, an unloading point analy-

sis on each segment is conducted. The segment force defined above is now used in place of the Stat-
namic force as used by the UPM. Equation 24 redefines the fundamental equation of motion for a 
segment analysis: 

 Sn = mn an + cn vn + Sn Static (24) 

where 
Sn Static  = The derive static response of segment n 
mn  = The calculated mass of segment n 
cn = The damping constant in segment n 

 
The damping constant (in Equation 25) and the derived static response of the segment are 

computed (Equation 26) consistent with standard UPM analyses: 

 Cn =( Sn – Sn static)/vn (25) 
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 Sn static = sn – mnan - cnvn  (26) 
 

Finally the top-of-pile derived static response can be calculated by summing the derived static re-
sponse of the individual segments as displayed in the following equation: 

 Fstatic = ∑
+

=

1

1

m

n
 Sn static (27) 

 
By providing both the derived static and displacement from each segment, the SUP method can pro-
vide the T-Z response of each segment. By design, these segments typically correspond to each of the 
various layers of interest to the designer. 

Due to the large number of computations and organization associated with this method of 
analysis, an analysis software designed specifically for SUP analyses is presently undergoing alpha 
testing and will be freely available within the year (Figures 43 and 44). For updated information visit 
http://www.eng.usf.edu/~gmullins. 
 
2.3.6 Critical Evaluation 

As a dynamic impact application method, the Statnamic testing is evaluated on the basis of 
comparisons between the Static Load Derived (SLT), i.e. the capacity and load displacement as ob-
tained via analysis of the measured data, in comparison with the pile behavior under static loading. A 
database presenting and analyzing such cases is presented in Chapter 3. 
 
2.4 THE STATIC TESTING METHODS 

 
2.4.1 Overview 

Although static testing is not an integral part of innovative load testing systems it remains 
relevant in three ways: 

a. Part of innovation in testing comes by the alteration of the traditional static testing, (see 
section 1.1.1). Methods as the Osterberg load cell (to be discussed in detail in section 2.5) 
or static-cyclic procedures become, therefore, part of the researched scope. 

b. As traditional up-down static load test and in particular slow maintained (standard) load 
test is the most reliable method to determine the pile's performance, it remains a bench-
mark for the examination of any other method. 

c. One of the major difficulties in fast rate testing is the prediction of the pile's behavior un-
der static loading; in particular constant maintained loading, i.e. creep effects. These pre-
dictions via practical simplified models are best developed when one tries to predict creep 
behavior from short duration pseudo-static loading rather than, for example, from dy-
namic measurement during driving for which the main difficulty remains the separation 
between static to dynamic components. One of the presented models in Chapter 4 is 
aimed to address these difficulties with initial expansions to enable predictions from faster 
loading (e.g. Statnamic Testing). 

 Table 6 presents a summary of the main attributes of static load test procedures. Figure 45 
provides a graphical representation of some of the static load testing procedures showing the percent 
of design load, as a function of the duration of load application. Details description and analyses of 

http://www.eng.usf.edu/~gmullins
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the Osterberg Cell method are provided in section 2.5. The following section briefly describes the 
static cycle testing as it relates to the presented research in the following way: 

a. It allows to examine “fast-static” loading compared to dynamic (see section 1.4). 
b. It allows to examine the influence of load rate and testing method on the benchmark static 

capacity (to be presented in Chapter 3). 
c. It allows to develop models to be tested through different loading rate starting with “fast-

static” and moving to fast penetration and dynamic. 
 
2.4.2 Static Cyclic Testing 

 
 A new method for carrying out a static load test and interpreting the results is described by 
Paikowsky et al. (1999). This approach is based on a methodology developed by Dr. Valery Operstein 
during her work as the Chief Engineer at Ukrspetssroiproekt, a soils and foundations research design 
institute in Dniepropetvosk, Ukraine. A pile is loaded to failure by applying a load at a high constant 
rate of approximately 150kN/min (15 t/min) and then unloaded at a fast rate of approximately 
300kN/min (30 t/min). Typically a series of three load-unload cycles is performed within a time pe-
riod of less than one hour. The method enables the unique determination of the ultimate pile capacity 
based on the load-settlement relations in the load-unload cycle, which is closely related to the funda-
mental physical mechanism of soil/pile interaction. 

The method was investigated using four approaches: (i) the study of an instrumented labora-
tory model pile (44.5mm (1¾ inch) diameter, 610mm (24in) long), (ii) a field model pile (76.2mm 
(3in) diameter, 3.05m (10ft) long, driven and loaded via drilling rods), (iii) a full-scale instrumented 
pile cluster (two 324mm (12¾ inch), 31.39m (103ft) and 24.38m (80ft) long pipe piles, and one 
356mm-square (14-inch-square), 24.38m (80ft) long, pre-cast concrete pile), and (iv) analysis of a da-
tabase obtained from the Ukraine comparing slow-maintained and static cyclic testing on a large 
number of full-scale case histories. 

The extensive investigation by Paikowsky et al. (1999) has proved the validity of the method 
when compared to tests that require a period of at least 10 times longer to perform. The available ex-
tensive data gathered during this research enables to investigate load rate effect within the 'static' zone 
in the closest possible range to kinetic testing. Figure 46 presents the load displacement relations com-
paring various static (maintained load test – MNT, and short duration – SD), static-cyclic (SC), and 
Statnamics (STN) load-testing procedure carried out on a 24.38m (80ft) long 323.85mm (12¾ inch) 
diameter closed ended pipe pile. The pile was part of a testing program carried out by the PI at New-
bury, Massachusetts with the support of the Massachusetts Highway Department to the Geotechnical 
Engineering Research Laboratory at the University of Massachusetts Lowell. 

Figure 47 presents details of the loading rate and associated pile movements for the load test-
ing procedures (slow maintained, short duration and static-cyclic). In spite of the significant differ-
ences between the load rate application procedures, all static tests resulted in a similar capacity as-
sessment, while the Statnamic test resulted in a significantly different assessment. These facts will be 
further examined in Chapter 3 where the load-displacement relations of the different static tests and 
failure criteria are examined. 
 
2.5 `OSTERBERG CELL LOAD TESTING 
 
2.5.1 Introduction 
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This section presents a critical assessment of the Osterberg Cell (O-cell) load testing technol-
ogy. The study has been concentrated on a basic Finite Element study and key case histories. As such, 
it is presented as one unit in section 2.5 with the details provided in Appendix A. Named for its inven-
tor, Dr. Jorj Osterberg, the O-cell load testing method involves the use of an embedded expendable 
jack, which is cast within the test foundation. Although the method has occasionally been used with 
driven piles, the primary use of the technology is for drilled shaft foundations. As shown on Figure 
48, this embedded jack is used to load one part of the shaft against the other so as to conduct a loading 
test without the need for independent reaction. In many cases (and increasingly in recent years), cells 
have been placed at multiple levels within the shaft in order to conduct loading tests of different iso-
lated portions of the test shaft. 

The most compelling advantage of utilizing the O-cell technique is the fact that field meas-
urements of load transfer can be made on very high capacity drilled shafts (including rock sockets). 
These are constructed under realistic conditions at full scale, and thus provide measurement data 
which are impractical or prohibitively expensive to obtain in any other way. O-cell testing has in 
many ways revolutionized the design and use of high capacity drilled shafts by giving engineers a 
practical way to validate design load transfer values and reduce the extreme conservatism that has ex-
isted for years in the design of these foundations. The greatest concern about utilizing the O-cell tech-
nique is the fact that the shaft is loaded from the bottom up rather than from the top down, deviating 
from the way in which the structure will load the shaft. There is a need, therefore, to examine the O-
cell test in order to assess potential differences in unit load transfer, which could be related to test 
conditions, hence assist engineers interpreting and utilizing the results of this test with confidence. 

This study is thus focused on the interpretation O-cell load testing results. Comparisons be-
tween O-cell testing and conventional top-down loading are examined, with emphasis on the interpre-
tation of O-cell test results for use in design for conventional loading conditions. O-cell test results 
have traditionally been used to measure unit side shear and unit end bearing resistance values and 
these measured unit values are assumed to apply directly for design for typical top-down axial load 
application. This research has examined the comparison between unit load transfer values from O-cell 
and top-down loading conditions in three ways: 

a. Review the state of practice of the O-cell testing technology and available field load test 
data which might allow direct comparisons of O-cell and conventional top-down loading 
tests (sections 2.5.2 and 2.5.3). 

b. Compare conventional top down testing and O-cell testing using finite element models. 
This technique has the potential for examining the state of stress in the near field soils 
around a test shaft and in aiding understanding of behavior (section 2.5.4). 

c. Compare conventional top-down loading and O-cell testing using simple analytical solu-
tions that could aid in identifying any variations between bottom-up and top-down load-
ing and improve interpretation of the O-cell test method (section 2.5.5). 

 
2.5.2 O-Cell Load Testing Method and Application 

2.5.2.1 Review 
 

A review of the O-cell testing method and technology is provided by Osterberg (1995), which 
describes the test method and equipment. The use of O-cell testing for drilled shafts for highway 
bridges is also summarized by O’Neill and Reese (1999). The cell itself is composed of a large diame-
ter pressure cell, which contains a pressurized fluid (usually water or oil). The large diameter of the 
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cell compared to conventional hydraulic jacks allows relatively large forces to be generated for a 
given pressure. Typical pressures of up to 69 MPa (10,000 psi) are used although devices are now re-
portedly capable of up to 103 MPa (15,000 psi). Standard sizes are typically up to 81 cm (32 inches) 
diameter, and these may be used in parallel within a large diameter shaft (a cloverleaf arrangement of 
4 cells at a given elevation is possible) to generate very large forces. The cell(s) are typically attached 
to the base of the rebar cage and tack-welded to hold the cell together until testing (at which time an 
initial loading to break the tack welds is required). With the multi-level approach, it is necessary to 
weld the upper cell(s) sufficiently to support the cage below to the lower cell level during installation. 
It is also necessary to provide a tremie bypass line so that concrete placement between and around the 
cells can be accomplished. 

Embedded LVDT’s are used to measure the relative displacement across the cell and have 
largely replaced the earlier practice of using telltales extending to the surface. Strain gauges are also 
commonly used to interpret the distribution of resistance along the shaft. Vibrating-wire type instru-
mentation is generally used for O-cell testing, with monitoring by a computer-based data logger. 

In the current practice in the United States, O-cell load testing is performed exclusively by 
Loadtest, Inc. as a turnkey operation. For highway projects, the actual location of cells, magnitudes of 
anticipated loads, and many other details of the load test setup are commonly specified by state 
DOT’s or their consultants. Loadtest may sometimes provide input into the details of the test setup, 
but often their input is either not sought or is very limited. Loadtest, Inc. is usually subcontracted as a 
specialty sub to the general contractor on the project. 

One of the compelling reasons for using O-cell testing is for the possibility of examining be-
havior of full size drilled shafts which have been constructed under realistic construction conditions 
and loaded to large unit side shear and end bearing stresses. On a number of projects, O-cell load test-
ing has provided data that demonstrate the influence of construction techniques on performance, es-
pecially in rock socket shafts (Osterberg and Hayes, 1999; Osterberg, 2001). Examples include the ef-
fect of bottom hole cleanliness and disturbance on the base resistance of drilled shafts, the influence 
of lateral fluid concrete pressure on side shearing resistance in rock sockets, the effect of sidewall 
roughness on side shearing resistance in rock sockets, and the influence of drilling fluid contamination 
on side shearing resistance. 

2.5.2.2 State DOT Use 
 
A number of interviews were conducted with geotechnical professionals employed with state 

DOT agencies in order to develop a general sense of the use of O-cell load testing technology. Not 
every state was contacted, but emphasis was placed on those states where the technology is known to 
be employed. The most widespread use appears to be in the southeastern states. Of these, Mississippi 
notably appears to be the largest user with O-cell testing routinely on perhaps 50 or more projects in 
the last 10 years. Most other southeastern (e.g., FL, GA, KY, NC, SC, VA) states have used O-cell 
testing on select larger projects involving drilled shafts.  Several states (AL, NM, MN, CO, NV, CA, 
MA, RI, CT) have used O-cell testing occasionally or only on a very few projects and do not consider 
its use routine. Only a few states have used O-cells in production shafts. A number of state geotechni-
cal engineers perceive the use of O-cells for rock-socket drilled shafts to be an important use in light 
of the difficulty in quantifying the performance of such shafts. However, most tests have actually been 
performed on sites in coastal deposits where large bridge projects and heavily loaded foundations are 
more common. 
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Most state geotechnical engineers who have utilized O-cell testing have tended to accept the 
measurements as indicative of axial performance of drilled shafts in conventional top down loading. 
Almost no comparative tests have been performed. New Mexico performed comparative tests on two 
shafts at a single location in dense sands; these test results will be discussed subsequently. Florida has 
and is currently sponsoring a research study at the University of Florida relating to O-cell and other 
test methods, but this research has generated no new comparative tests of O-cell and conventional top 
down static testing (there are some tests involving O-cell and Statnamic measurements). 

 
2.5.3 Comparison Between O-Cell (bottom-up) and Traditional (top-down) Compression Load 

Test 
 
2.5.3.1 General 

 
There are numerous references to O-cell testing in the technical literature, most of the type 

that describe the technology as an innovative new method for testing with a subsequent case history 
of use on a project. Some researchers (Gorczyca et al. 1999, Horvath et al. 1980, Chua et al. 1994) 
have reported compressive and uplift load test results or O-cell test results, but they didn’t tend to 
compare the side shear resistance derived from a top down test and a bottom up test. The emphasis of 
this research was to search for published cases where comparative test data are available between O-
cell testing and conventional testing, or where other critical examinations of the O-cell testing method 
have been described. Very few such papers exist, although several of interests are described below. 

  
2.5.3.2 Hong Kong Railway 

 
Littlechild, et al. (2000) describe a load test of shafts in Hong Kong which were socketed into 

rock as a part of a large scale load testing program on the Kowloon-Canton Railway. Five of these 
tests combined a kentledge (dead weight) top down test of a shaft with an embedded O-cell (stage 1), 
followed by loading via the O-cell at the toe with the kentledge removed (stage 2), followed by load-
ing via the O-cell plus the kentledge (stage 3) to fully engage the end bearing.   

Two of these five shafts fully mobilized the side shear of the socket during stage 2, and one of 
these two had also fully mobilized the side shear of the socket during stage 1 prior to the stage 2 load-
ing. Shaft TWW1 had a 2m long socket within a highly fractured and weathered granodiorite (RQD = 
0). Stage 1 loading via kentledge mobilized 800kPa (about 8.4tsf) of unit side shear at a displacement 
of approximately 50 mm after which a stage 2 loading upward from the O-cell mobilized a unit side 
shear of 1000kPa (about 10.4tsf) at a displacement of approximately 90mm. The kentledge was then 
engaged to perform the stage 3 loading. Shaft TSW1 had a 1.5m socket into a moderately strong, 
moderately to slightly weathered metasandstone (RQD = 35-74%). Stage 1 loading via kentledge 
mobilized 4200kPa (about 44tsf) of unit side shear at a displacement of only 8mm; this was not con-
sidered to have produced yielding at the pile/soil interface. The stage 2 loading via O-cell mobilized 
6000kPa (about 63tsf) of side resistance at a displacement of 10mm and was observed to fail the 
socket as the resistance dropped dramatically to only about 2000kPa (about 21tsf) at a displacement 
of 18mm. The authors attributed the strain softening behavior to breakout of a fractured rock cone 
around the socket due to the uplift loading. None of the other test shafts fully mobilized the side shear 
resistance. 

In end bearing, only shaft TWW1 mobilized large displacements at the shaft base for both 
kentledge and O-cell loadings. The stage 1 kentledge loading of this shaft mobilized a base resistance 
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of 12.9MPa (about 135tsf) at a displacement of 62mm (5% of the shaft diameter), and stage 3 O-cell 
loading mobilized a maximum base resistance of 16MPa (about 167tsf) at a displacement of 86mm 
(7% of the shaft diameter). The 86mm displacement appears to have been measured with respect to 
the start of the stage 3 test, as a plot of the total movement (Figure 49) suggests that the load vs. de-
flection response at the shaft base from the stage 3 loading provided an extension of the load vs. de-
flection response from the stage 1 loading. 

  
2.5.3.3 Downtown Hong Kong 

 
Ng et al. (2001) report the results of tests in Hong Kong for some downtown buildings 

founded on weathered igneous and granitic rocks in which side shear values are measured and re-
ported. Several of these load tests included both top down loading and O-cell loading. 

One test in decomposed granite is reported in which a 1.5m diameter shaft was loaded from 
the top down to mobilize large downward side shear, after which an embedded O-cell was expanded 
to mobilize side shear of the same shaft in the opposite direction. For the completely decomposed 
granite (avg N SPT = 75b/f), 60kPa side shear (0.6tsf) was mobilized during the downward loading at 
a displacement of around 6 mm. The O-cell loading mobilized approximately 105kPa (1.1tsf) at a 
similar absolute displacement upward, about 80% higher. However, the downward loading resulted in 
a permanent set in the shaft and if the displacement in the O-cell loading is considered with respect to 
the zero position at the start of the O-cell test rather than the absolute zero, then the O-cell loading 
mobilized a similar side shear at a similar displacement. The same is true for the lower portion of the 
shaft in the somewhat less highly decomposed granite (avg N SPT > 200b/f), at somewhat higher val-
ues of mobilized unit side shear. The side shearing resistance of this shaft did not exhibit strain soften-
ing behavior. 

Four shafts were tested using both top down and O-cell loading in weathered rocks. Only two 
of these shafts (both in granitic rock) achieved displacements in side shear exceeding 10mm in both 
directions. Of the four shafts, three were loaded first by top down loading followed by O-cell, the 
fourth was loaded first by O-cell followed by top down. In each case, the second loading stage ap-
peared to have been influenced by the first, in which the stiffness and stress-strain behavior differed 
from the initial loading. The authors concluded that the initial loading in these weathered rocks caused 
a loss of bond in the socket and the breaking off of asperities at the shaft/socket wall interface.  The 
loss of bonding produced a hysteresis-induced softening related to the cyclic loading. 

Ng et al. (2001) conclude that for the drilled shaft in granitic soil, the stiffness and mobilized 
side shear at the first and second stage loading is similar. However, for the drilled shafts in weathered 
rocks, both the stiffness and mobilized side shear is substantially lower during the second stage of a 
two-stage test due to the loss of bond produced during the initial stage of loading. These data suggest 
that direct comparisons of O-cell and top down loading from multi-directional tests on a single shaft 
can be problematic. 

 
2.5.3.4 New Mexico 

 
The unpublished results of loading tests on two shafts for a bridge in New Mexico are re-

ported by Meyer (1996), and include top down loading followed by O-cell loading in the opposite di-
rection. These two tests are at a single site and part of a study to compare drilling fluids (bentonite vs. 
polymer). Each shaft was 762mm (30 inch) diameter and 13.7m (45ft) deep and was constructed in 
the very dense saturated alluvium of the Rio Grande channel (sand/gravel/cobble). Standard penetra-
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tion test values averaged around N SPT ≈ 50b/6” over most of the length of the shafts. In each shaft 
the O-cell was placed at approximately the 2/3-depth point of the shaft. The testing sequence in each 
case was to conduct a top down loading to a displacement of at least 38mm (1.5 inches) (5% of the 
shaft diameter), unload, perform a second top down loading to a total displacement of about 76.2mm 
(3 inches), unload, perform the O-cell loading. In both cases the O-cell produced failure of the upper 
2/3 of the shaft in side shear with very small downward movement of the bottom 1/3 of the shaft (less 
than 12.7mm (½ inch)). The O-cell was pumped to achieve an upward movement of the shaft of 
around 152.4mm (6 inches) in each case. 

Based on the interpreted strain gauge data, the top down loading of the upper shaft segment 
(upper 2/3 of the shaft) produced a maximum load transfer in side shear of around 4.4MN (440 tons) 
and 5.5MN (550 tons) in the bentonite and polymer shafts, respectively. The side shear vs. displace-
ment response was very nonlinear after about 12.7mm (½ inch) of movement but was observed to in-
crease in a strain-hardening manner to the maximum downward displacement at between 38mm (1.5 
inches) and 51mm (2 inches). 

The O-cell loading in the upward direction indicated much lower maximum values of side 
shear, with totals of around 2MN (200 tons) and 2.7MN (270 tons( in the bentonite and polymer 
shafts, respectively. Values at displacements of between 38mm (1.5 inches) and 51mm (2 inches) 
were even lower; however, the load deflection curves clearly demonstrated the effect of the loading 
history as each curve exhibited an “S” shape with a local peak at around 12.7mm (½ inch) of upward 
movement followed by additional hardening at 51mm (2 inches) to 102mm (4 inches) of upward 
movement as the earlier downward displacements were recovered.  This behavior suggests that the 
top down loading history had a substantial effect on the response of the shaft to the upward directed 
loading. 

 
2.5.3.5 Singapore 

 
An unpublished project report prepared by Molnit and Lee (1998) has been provided by 

Loadtest, Inc. in support of this research. This report provides a comparison between two 1.2m diame-
ter by 38m long test shafts in a deep deposit of silty clay/clayey silt soil. The majority of capacity of 
these shafts is derived from side shear. One of these shafts was loaded to failure using a kentledge 
(dead weight) loading from the top down and the other was loaded via a multi-stage O-cell system. 
The load settlement response for this test was developed using load increments of approximately 10% 
of the maximum load and 1 hour hold periods at each load increment. Several increments were held 
for longer periods and the maximum load was maintained for 24 hours. The O-cell testing was per-
formed using the normal procedure in which each of many smaller load increments are held for a pe-
riod of 4 minutes. Thus, there is a potential for the kentledge test to exhibit somewhat softer response 
due to creep in the clayey bearing soils.   

The kentledge system loaded shaft PTP15 to a total load of approximately 28MN and devel-
oped a displacement at the top of the shaft of around 120mm (10% of shaft diameter). The O-cell test 
produced a failure of the upper 27m (above the upper O-cell level) and of the tip resistance (at the 
38m depth), but not of the lower portion of the shaft between the two O-cell levels between the depths 
of 27m and 38m. Assuming that this lower section of shaft was at a state of incipient failure, the pro-
jected top-down response from the O-cell testing reportedly indicates a displacement of around 
100mm at a total equivalent load of 28MN. Even if this lower portion of the shaft were able to support 
some additional load (which seems likely), it appears that the two tests produce reasonably similar re-
sults. Equivalent top-down load settlement curves were very similar, both showing the onset of large 
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deformations at a load of around 20MN and a displacement of around 25mm. A portion of the in-
creased settlement from the kentledge loading test is undoubtedly due to the longer sustained loading 
in these clay soils.   

In spite of the differences relating to soil creep and possible lack of fully developing a small 
portion of the shaft resistance in the O-cell test, the Singapore tests probably provide the most direct 
comparison data available between the top-down and O-cell method. For this soft soil site, it appears 
reasonable to conclude that any differences between the two test methods (top-down vs O-cell) are 
likely to be less than 10% and this magnitude of difference between two different shafts can easily be 
attributed to site variability. 

 
2.5.3.6 Osaka, Japan 

 
Comparative tests at another deep soft soil site are reported by Kishida, Tsubakihara, and 

Ogura (1992) (unpublished report). These tests are on shafts of 1.2m diameter and 38.5m length, al-
most identical in size to the Singapore data. The soils are interbedded silts and clays in the upper 29m, 
with significant dense sand layers interbedded with clay below that depth. One test shaft was sub-
jected to vertical compression loading (top-down), and had a “friction-cut” within the top 17m. This 
appears to have been performed using an oversized hole with a casing inside, but some small amount 
of load transfer was still mobilized within this zone. A total top-down load of approximately 20MN 
was applied to this shaft, producing a downward displacement of around 150mm.  Interpretation of 
strain gauge instrumentation suggests that the pile tip mobilized just over 6 MPa of unit end bearing at 
a tip displacement of around 75mm (6% of the shaft diameter). 

Two shafts were tested using an embedded O-cell placed very near the shaft base. One of 
these shafts had the “friction cut” in the upper 17m as per the top-down test shaft and the other had no 
reduction in side shear. Both of the O-cell tests failed in end bearing without fully mobilizing the side 
shear capacity of these shafts. The two O-cell tip resistances were similar, and matched very closely 
with the interpreted response of the base of the top-down test (approximately 5.5 and 6.2MPa at a dis-
placement equal to 7% of the shaft diameter). Unfortunately, the O-cell tests mobilized only 2 to 3mm 
of displacement in side shear; unit side shear at these small displacements was in general agreement 
with the side shear at very small displacements in the top-down test, but full side resistance cannot be 
compared. 

In summary, the Osaka tests suggest that the tip resistance mobilized during two O-cell tests 
in soil compare closely with that interpreted from a conventional top-down test of a similar shaft. 

 
2.5.3.7 Tests in Florida Limestone 

 
Knight, et al (1995). of the Florida DOT describe two projects in Florida in which both O-cell 

tests and top-down rapid loading tests are performed. All of the top-down tests were performed using 
the Statnamic device. Conventional static loading tests are not described in this paper. Tests were per-
formed at a site near Tampa and another site in the Florida Panhandle. All of the shafts described are 
in Florida limestone, a notoriously variable bearing material that has solution cavities and extremely 
variable strength properties over small distances. Most of the tests described in this paper have com-
plicating factors that preclude a direct comparison of results. In some cases the O-cell test failed the 
side shear of the socket without mobilizing full end bearing, in others the end bearing failed without 
mobilizing side shear. Only one of the rapid top-down loading tests fully mobilized the ultimate shaft 
capacity (which would require mobilizing both end bearing and side shear, since these are developed 
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simultaneously in a top down test). The authors described the highly variable nature of the limestone 
conditions in Florida, which suggests that even two shafts constructed very nearby are likely to have 
significantly different behavior. Side shear response in the limestone was also observed to yield in a 
very brittle fashion in some of the O-cell tests, an observation which suggests that multiple tests of a 
single test shaft in such material would be affected by load history. 

The one test in which the Statnamic loading appeared to fully mobilize the shaft capacity was 
at the Gandy Bridge site near Tampa. This shaft was 1.2m (48 inches) in diameter with a socket ex-
tending about 4.6m (15ft) into limerock. The rapid loading of this shaft achieved over 25mm (1 inch) 
of peak displacement with a permanent set of around 7.6mm (0.3 inch) at the top of the shaft. Inter-
pretation of strain gauge instrumentation suggests that an ultimate side shear resistance of around 1 
MPa (11tons/ft2) was mobilized. An O-cell test was performed on a similar 1.2-meter (48-inch) di-
ameter shaft about 3.7m (12ft) away. The O-cell test shaft encountered a layer of soft clayey soil 
within the intended “socket” and was interpreted to have an effective rock socket length of 3.2m 
(10.6ft). Tilting of the cell was noted during the test, suggesting an uneven resistance of either the 
socket or the base or both. The O-cell test indicated a maximum side shear of approximately 1MPa 
(11tons/ft2) at an upward movement of the socket of around 25mm (1 inch). 

These results would appear to be in reasonably good agreement. However, caution should be 
exercised, as comparisons are difficult under such variable subsurface and construction conditions. 

 
2.5.3.8 Summary and Discussion 

 
Comparative large-scale field tests where top-down loading tests and O-cell loading tests to 

failure are extremely rare. Comparisons of top-down and O-cell loading from multiple tests on a sin-
gle shaft by loading in opposite direction can potentially be misleading because of the influence of 
loading history; the initial loading influences subsequent loadings. Comparative tests from O-cell and 
top-down on identical test shafts are extremely rare and potentially influenced by spatial variability in 
subsurface conditions. Especially in variable geotechnical conditions such as those in Florida lime-
stone, it is difficult if not impossible to isolate the influence of test methodology from other factors. 
For the limited data, which are available as described in the previous sections, it can be concluded that 
no compelling evidence exists that the O-cell test method results in systematic errors of a substantial 
magnitude. 

Small details relating to construction appear to have the potential to influence capacity relat-
ing to direction of loading. For instance, a drilled shaft socketed into rock is commonly constructed 
using a temporary casing extending to the top of rock, followed by a change of tools and/or change of 
diameter in the as-built dimensions of the shaft. A top-down loading would be influenced by the bear-
ing stress on this “shoulder” resulting from the change in diameter, whereas a bottom-up loading 
would lift the shoulder off of the rock surface. Common overbreak near the top of a hard stratum 
could produce a tapered geometry that would likewise result in greater axial load resistance from a 
top-down loading. 

A rough sidewall within a rock socket could conceivably produce direction-dependent side 
shearing resistance. Some difference in the shape of a tool-induced groove within a rock socket could 
potentially result in a differing slope of the top side of the groove from that of the bottom side with a 
resulting difference in interface behavior. The author is aware of no such measure of small scale 
measurements of the actual interface structure, but the work of Hassan and O’Neill (1997) indicate the 
importance of the shape of asperities and interface geometry on the performance of rock sockets.  It is 
also conceivable that any contamination that might be trapped within the recessed grooves of the side-
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wall during concrete placement could result in a difference in contact bond strength or friction be-
tween the upper and lower surfaces of asperities at the rock/concrete sidewall. 

A potentially significant consideration for drilled shaft rock sockets is the “Poisson’s Ratio 
Effect” in which the lateral strains resulting from compression in the shaft result in increased lateral 
stress at the shaft/rock interface and potentially may affect the bond stress at the interface. A top-
down loading will produce greater axial compressive stress in the shaft as the base resistance is en-
gaged, and the compressive stresses in the shaft will be greater in the upper portion of the socket. The 
bottom-up loading from the O-cell test will produce a lower overall axial stress in the shaft and this 
stress will be greatest at the bottom diminishing to near zero at the top. Thus, the “bulging” in the 
shaft due to the “Poisson’s Effect” will be less significant for the O-cell loading than will occur when 
an axial load is imposed from the top. This subject is addressed in the analytical portion of the report 
(see following sections), but has not been investigated through comparative field loading tests. Fi-
nally, it must be acknowledged that for cases of high capacity rock socket shafts, top down loading 
tests are extremely difficult and expensive to perform and this lack of conventional test data greatly 
restricts the opportunities for comparing such test results with those of O-cell tests.   

The above discussion of potential differences between bottom up and top down loading is 
largely speculative, given the lack of systematic direct field comparisons between the two. Given the 
difficulties cited above in comparing the results of full scale field loading tests, there is a need for 
comparative field tests on test shafts which are carefully constructed at a site with relatively uniform 
conditions and a very thorough geotechnical site characterization. Ideally a site of weak rock or hard 
soil would be most suitable for such a study; the limited field data suggest that soft soil sites are less 
likely to have significant variations relating to direction of loading and drilled foundations are less 
likely to be utilized or subjected to large loading conditions in weak soil. Drilled shafts constructed on 
or within hard rock are likely to be controlled by structural considerations rather than axial capacity at 
the shaft/rock interface. 

 
2.5.4 Finite Element Analysis 
 
2.5.4.1 Introduction 
 

A significant part of the Osterberg Load Cell research was directed toward a comprehensive 
model of the O-cell using the finite element technique. This effort was taken for the following, (i) to 
provide insight into the fundamental aspects of any potential differences between loading using the O-
cell method and a conventional top down load, and (ii) to allow a parametric study of selected vari-
ables that may influence the testing results. The following sections provide a summary of the model-
ing work, with some of the details provided in Appendix A. 

The current research utilizes the general purpose code ABAQUS for analysis. This code is 
widely used in many fields of engineering and is particularly powerful for nonlinear problems. 
MSC/Patran is used as a pre- and post-processor for generating the mesh and presenting results 
graphically. The finite element analysis involves modeling piles embedded in both soil and rock. A 
detailed parametric study was conducted on both models with a focus on the influence of each factor 
on the difference of the top down test and the O-cell test. Some field tests are included to verify the fi-
nite element model. 

 
2.5.4.2 Previous Work 
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Many researches have utilized the finite element method for modeling the pile response; some 
of the relevant studies are reviewed in this section. 

Osterberg and Gill (1973) reported a study of the load transfer mechanism for socketed pile in 
hard soils or rocks. A finite element model was built in a finite domain, where both pile and bearing 
medium were assumed to linear elastic. Both elastic and elasto-plastic analyses were performed. The 
bond between pile and bedrock was considered perfect in elastic analysis. While in elasto-plastic 
analysis, the interface was assumed to follow Mohr-Coulomb model. The author stated that the be-
havior of materials up to the normal working load was within the elastic range. A large part of the ap-
plied load was carried by the side shear in the top part of the shaft. The soft layer at the base of the 
pile had a little effect on load transferred by side shear. It was then concluded that the conventional 
design assumption regarding load transfer above the base of a socketed shaft was overly conservative. 

Donald et al. (1980) presented a finite element analysis of rock socketed piles in Melbourne 
mudstone with an ultimate compressive strength of 3.0-10.0MPa. Both elastic and elasto-plastic 
analyses were conducted. However, the authors mainly discussed the parametric study for elasto-
plastic solutions with three different rock models: 0=φ  model, φ−c  model and φ−c  model with 
interface joint model. 

In 0=φ  model, yield started at the top and bottom of the shaft, followed by the yield of all 
the rock adjacent to the shaft. The rock below the pile tip yielded at last, leading to the difficulty of 
convergence. While in φ−c  model, yield zone appeared at a larger stress compared to 0=φ  case 
and developed continuously in rock around and below the pile without reaching the ultimate load ca-
pacity. But when the interface joint was considered in the analysis, the joint slipping began at a lower 
stress and increased steadily with the increase of the applied load. The authors also found different 
shear distribution along the pile for different rock models. The shear distribution in 0=φ  case was 
relatively uniform with a higher value at both ends, which may be errors indicated by the authors. For 

φ−c  model, the shear distribution was uniform at low applied stress, which was also true for φ−c  
model with interface joint. But at large stress level, the shear stress was much larger at the top of the 
pile for φ−c  model, while it was still uniform when interface joint was added. 

Rowe and Pells (1980) conducted a finite element method theoretical study of pile-rock 
socket behavior to analyze the factors affecting the response of an isolated socket. The finite element 
program ROSOC involved in the study allows strain-softening interface behavior. Therefore, the pile-
rock interface behavior was modeled using Mohr-Coulomb failure criterion, but with a residual adhe-
sion after slipping occurs, which was assumed to be zero in the study. 

A series parametric study led the authors to a conclusion that the response of a socketed pile 
was dependent on L/D and stiffness ratio rc EE / . The authors presented that piles with a high stiff-
ness ratio or low L/D exhibited a brittle response, as did the smooth sockets. For the typical degree of 
roughness, the response ranged from slightly brittle to plastic with some strain-hardening. It was also 
shown that 20-60% of the applied load was carried in end bearing for typical short piles with L/D=1 
to 2. 

Leong and Randolph (1994) presented the results of finite element analyses of the response of 
rock-socketed piles. The finite element model involved a mapped infinite element based on the in-
verse method to represent the unbounded domain. The pile-rock interface was modeled using six-
node Goodman type joint elements. Both Mohr-Coulomb model and Leong and Randolph model 
were used to represent pile-rock interface behavior. Compared with Mohr-Coulomb model, Leong 
and Randolph model allowed gradual mobilization of peak friction and dilation. It also included 
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strain-softening behavior. The rock mass was considered to obey Mohr-Coulomb criterion with a 
shear strength and zero dilation. 

The authors analyzed shaft response with and without intimate base contact. For side shear 
only sockets, a soft layer of elements with a modulus of msoft EE 1.0=  was placed right below the pile 
tip. It was found that in socketed piles with side shear only, the response showed strain-softening be-
havior. The average shear stresses were dependent on the embedded ratio L/D, the diameter of the 
pile D, and the ratio of concrete modulus to rock mass modulus mc EE / . The maximum mobilized 
average shear stress decreased with the increase of L/D and D. However, the pile-rock interface 
showed differing behavior for the Mohr-Coulomb and Leong and Randolph models. The Mohr-
Coulomb model showed the same increased rate of normal stress and shear stress with slip, which is 
unrealistic. For Leong and Randolph model, the normal stress increased past the peak shear displace-
ment, while the shear stress decreased after the peak shear displacement and reached a residual shear 
stress. In the sockets with both side shear and end bearing, the overall load response showed a strain-
hardening behavior. However, the side shear component still displayed a strain-softening response 
with more plasticity because of the interaction of side shear and end bearing. 

Hassan et al. (1997) performed an investigation of the side load transfer mechanisms of IGM 
(cohesive intermediate geomaterial) from elastic-plastic finite element analyses using the finite ele-
ment code ABAQUS, which is the finite element program used in this study. The concrete shaft was 
assumed isotropic, homogeneous and elastic. An elastic-plastic model was used to model the IGM 
mass, and a nonassociate flow rule was employed for dilation. The IGM-concrete interface was mod-
eled using Coulomb friction model. 

The author investigated the side load transfer mechanisms of rough, smooth and smear IGM 
sockets respectively. For the rough IGM socket, the interface was idealized by sequential reverse cur-
vilinear segments to form a sinusoidal profile of a long wavelength. The study showed that the initial 
normal interface stress has a significant influence on the behavior of both rough and smooth sockets. 
For rough sockets, the elastic phase of response extends as the normal stress increases. The maximum 
side shear maxf of smooth sockets increases with the increase of normal stress. The authors also drew 
a conclusion that the interface dilation has only a relatively small effect on the socket behavior. 

It was suggested that failure be defined based on settlement for rough, long wavelength IGM 
sockets since large settlements tend to be associated with side shear failure. A relationship between 

maxf  and IGM compressive strength uq  was also derived from parametric study. maxf  increases with 
the increase of uq  and mE  because of the Poisson’s effect in concrete. However, maxf  is not influ-
enced by the internal friction angle of IGM, which resulted in the direct relationship between maxf  
and uq , making it possible to use a conventional α -factor approach for design. 

Chua et al. (2000) performed a finite element analysis of drilled shafts in stiff soils using the 
program GEOT2D. A load test in Albuquerque, NM was evaluated using the finite element model to 
match the field measurement. In the analysis, the stress-strain response of soils was modeled by a hy-
perbolic stress-strain curve, which follows the following equation 
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where 1σ  and 3σ = the major and minor principal stress, 

ult)( 31 σσ −  = ultimate compressive strength, 
ε  = axial strain, and, 

iE  = initial tangent modulus. 
 

For the interface elements between the shaft and soil, the ultimate shear stress was expressed 
as φστ tannult c += , and the shear stiffness was also a hyperbola that was related to the normal 
stress and the shear stress. 

Based on the analyses, Chua and his co-workers proposed a design procedure that was espe-
cially suitable for stiff soils, for which case FWHA guideline was believed to be overly conservative. 
In this procedure, the ultimate shaft resistance was proportional to the effective overburden pressure, 

'
ovrultf βσ= , where β  was a function of internal friction angle of surrounding soil and depth. The 

ultimate end bearing pressure was defined corresponding to a top displacement of 5% of the shaft di-
ameter, which was given by Lzovrlb KKq == |'σ , where Rb DK 07.010 −=  and 

5.0
00 )1)(( −+−+= zKKKK pl , and RD  is the relative density of the soil at the base of the shaft, 0K  

and pK  are at-rest earth pressure coefficient and passive earth pressure coefficient respectively. It 
was shown that the design equation was consistent with the predictions using FWHA equations when 
the relative density was assumed to be about 35%. 

Fellenius et al (1999) reported the use of FE analysis to model an O-cell test of a rectangularly 
shaped, 2.4m2 cross section by 28m long barrette in a deep deposit of residual soil. This analysis was 
performed using an elastic-plastic soil with a thin (0.1m thick) layer of soil at the barrette/soil inter-
face used in an attempt to model a slurry film at the interface. The FE model was back-calibrated to 
the results of the O-cell test (also utilizing some strain gauge data) in order to back fit effective-stress 
soil properties. Pore water pressures were taken as zero over most of the length of the foundation, as 
groundwater levels were at a depth of 26m. The FE model was then used to simulate a conventional 
top down test of the barrette. The authors conclude that there was generally very little difference be-
tween the computed unit side shear values for the two types of tests and no appreciable difference be-
tween the two methods of loading in the soils below the barrette. 

McVay, Huang, and Casper (2001) have performed numerical simulations of O-cell and con-
ventional static axial load testing in Florida limestone. These simulations include the use of a finite 
element code developed by the authors to model Florida limestone using an elastic-plastic constitutive 
model with a capped yielding (Drucker-Prager) surface and a tension cutoff. The FE model is an axi-
symmetric model with the shaft bound to the limestone without the use of a contact surface. Thus fail-
ure at the shaft/rock interface is exclusively modeled as failure of the rock material itself, a character-
istic the authors thought to be representative of shafts in this rough limestone material. 

Comparisons of this model between a top down loading and an O-cell loading lead the au-
thors to conclude that the limiting side shear in the limestone was similar where failure occurs at the 
shaft/rock interface. Near the top of the rock socket in the upward loading case, a cone breakout fail-
ure was observed in which the failure propagated away from the shaft/rock interface to produce ten-
sile failure in the surrounding rock. This condition results in lower “measured” side resistance from 
the O-cell loading compared to a conventional top down loading, but is always on the conservative 
side. The authors conclude that this condition is most influential for relatively short sockets with 
length/diameter ratios on the order of 1.75 or less. 
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2.5.4.3 Model Description 

 
Schematic  Figure 50 illustrates the brief diagram of the finite element model for both top 

down test and O-cell test. The geometry shown is used for all of the results presented in this report. 
The details of the model are described below. 

Geometry and Element Type  A two dimensional axi-symmetric model was used for both top 
down and O-cell load tests, which reduced the problem size thus the computing time significantly. A 
Fully integrated 4 nodes (first-order) quadrilateral axis-symmetric element type was used for both soil 
and pile. 

As to the boundary conditions, a symmetric boundary condition was applied to the symmetric 
boundary, and only vertical displacement is permitted. At far side of the model (boundary far away 
from the shaft), horizontal pressure boundary condition was used. Horizontal pressure that is propor-
tional to depth was applied to this boundary. By doing this, the in-situ ratio of horizontal to vertical 
stress may be controlled. At the bottom of the model, a rough contact surface was used. On this sur-
face, friction can develop and no relative displacement will occur. This is used to prevent horizontal 
displacement of the bottom boundary. 

Constitutive Model 
1. Soil 
An elastic-plastic (Drucker-Prager) constitutive model was used to simulate soil properties, 

which has Von Mises yield surface as its yielding criteria. The yield surface can be expressed as 
 

0tan =−−= dptF β  (29) 
 

where d  = cohesion; 
β  = friction angle; 

t = Octahedral shear stress, ])()()[(
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p = Octahedral normal stress, )(
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1

321 σσσ ++=p . (31) 

Figure 51 shows the failure envelope in p-t plane. In this model, there is a regime of purely 
elastic response, after which some of the material deformation is not recoverable and can be idealized 
as being plastic. Plastic deformation within the soil mass has been modeled using an associative flow 
rule, which implies that dilation occurs during plastic yield. Note that these parameters are for a 
Drucker-Prager yield surface; they represent the angle of the shear surface and intercept of the octa-
hedral shear stress with respect to the mean principal stress rather than the conventional Mohr-
Coulomb relations (which work poorly for a three dimensional stress state).   

2. Rock 
Rock is modeled similarly to soil, but with a much higher stiffness.  In general, the rock stiff-

ness has important influence on the behavior of the rock/shaft interface with the strength properties of 
the rock mass of lesser importance. Both linearly elastic and Drucker-Prager models have been em-
ployed to simulate the behavior of the rock mass. Compared to the soil model, Drucker-Prager proper-
ties include much higher cohesion intercepts and stiffness. 

3. Concrete Shaft 



 

 46 

Concrete shaft was modeled as linear elastic material, with no plastic yielding of the concrete 
material. 

Pile-Soil and Pile-Rock Interface  The interaction surface between the pile and the soil was 
modeled as a frictional contact surface, which allows slip. When the shear stress on that surface ex-
ceeds some value, soil and pile will not stick with each other and slip will occur. Coulomb friction 
theory is used in the model so that maximum frictional shear stress on the interaction surface is pro-
portional to the normal pressure by a friction coefficient. The failure envelope is shown in Figure 52a, 
where δ  is the friction angle and the friction coefficient is δµ tan= . Once the shear stress exceeds 
the maximum frictional shear stress, slip will occur. For this friction model, an interface stiffness is 
applied to allow small relative deformation prior to slip, so the contact stiffness is not infinity even if 
slip is not developing.  Note that there is no dilation associated with slip of the contact surface. 

For the interface model between the shaft and rock, it is possible that the interface will include 
some adhesion bond as well as a greater roughness than a shaft/soil interface. A modified frictional 
model with cohesion, shown in Figure 52b, was applied to the interface between the pile and the rock. 
The maximum shear stress can be written as icontactic φστ tanmax += . A FORTRAN program was 
written to interact with ABAQUS, with two input parameters ic  and iφ  used to define the interface 
behavior. 

Top Down Load Test  In the top down test, load is applied to the top of the pile as a pressure 
load. The whole test was divided into three steps, which are described as follows. 

Step 1: Apply gravity force, and at the same time, apply horizontal pressure on far side bound-
ary with 43.00 =K  (normal consolidated); 

Step 2: Add additional horizontal pressure for over-consolidated case, skip this step for nor-
mal consolidated case; 

Step 3: Apply external load to the top of the pile. 
In order to avoid residual stresses, the contact surface between soil and pile was modeled as 

frictionless in the first two steps so that the pile can settle down without any obstruction. In step 3, 
friction coefficient was changed to the desired value to provide side shear. In all cases, the end of step 
2 is the base state of step 3, so this base state was deducted from the final results to get the response 
under the external load. 

O-cell Load Test  In the O-cell load test, O-cell was embedded close to the base of the shaft as 
a contact surface without thickness. O-cell pressure will generate forces with the same magnitude in 
opposite directions. The interaction between two parts of shaft was modeled as contact surface so that 
the load can be transferred between two parts of pile when gravity force was applied. Similar to the 
top down load test, there are three steps during calculation. 

Step 1: Apply gravity force, and at the same time, apply horizontal pressure on far side bound-
ary with 43.00 =K  (normal consolidated); 

Step 2: Add additional horizontal pressure for over-consolidated case, skip this step for nor-
mal consolidated case; 

Step 3: Apply O-cell pressure. 
Similar to the top down load test, the friction coefficient of contact surface between soil and 

shaft is zero in the first two steps and changed to the desired value in the last step. Since the upper part 
of pile will move upward without any constraint after contact surface between soil and pile fails, soft 
springs were added to the top of the pile to allow a convergent solution as the load approaches and 
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exceeds the shaft uplift capacity. When dealing with the results, this soft spring force is deducted from 
the total load. 

 
2.5.4.4 Comparison with Field Tests 
 

In order to verify the finite element model, three well-documented field tests were simulated 
using the finite element model. The model results were compared with the field test results. Three test 
cases were collected from different states, including piles embedded in both soils and rocks. Each of 
the three cases involves an O-cell test. Accordingly, the O-cell finite element model was built for each 
case, and the corresponding top down test was simulated. The detailed description of each case can be 
found in Appendix A. 

Henderson, NV Case (Loadtest, Inc., 1999)  The test site mainly consists of very stiff sandy 
lean clay with gravel, with several silty sand layers. The test shaft was 1.5m (60in) in diameter and 
12.2m (40ft) long, and the top of the shaft was 13.7m (45ft) below the ground surface. A detailed di-
mension and shaft instrumentation is shown in Figure 53. The O-cell was placed at 7.7m (25.2ft) be-
low the top of the shaft, with the other 4.5m (14.8ft) shaft carrying the downward load. 

During the test, the maximum applied O-cell pressure was 52.4MPa (7600psi), resulting in a 
load of 9.71MN (1980kips). The maximum mobilized upward and downward displacement was 
22.9mm (0.9in) and 124.5mm (4.9in) respectively. The unit shaft resistance could be derived from the 
strain gage data, which was calculated as 51.7kPa (1.08ksf) from the top of the shaft to strain gage 
level 130kPa (2.72ksf) from strain gage level 3 to strain gage level 422kPa (8.83 ksf) from strain gage 
level 2 to O-cell, and 288kPa (6.02ksf) from O-cell to strain gage level 1. 

A finite element model was built up to simulate the field test. The 13.7m (45ft) sand and clay 
layer above the top of the shaft was omitted in the modeling, but the overburden pressure was applied 
on the top of the mesh. Two different sets of interface properties were employed to the pile-soil inter-
face. The following is a list of parameters used in the model. 

Soil properties: 
Young’s modulus )10(69 ksiMPaE =  
Cohesion )80(552 psikPac =  
Friction angle 0=φ  

Pile-Soil interface properties:  
Upper part shaft: Cohesion kPaci 0=  
Friction angle o27=iφ  
Lower part shaft: Cohesion kPaci 0=  
Friction angle o5.18=iφ  

The comparison of the load vs. displacement curve from measurement and the numerical 
model is shown in Figure 54. For the downward movement curve, the finite element model exhibits a 
somewhat stiffer behavior, apparently due to some compression of debris on the base during the ac-
tual field test. Both the finite element model and measurement have a similar average side resistance, 
although the measured side shear is somewhat stiffer. 

The load transfer curve can be calculated from the strain gage data, which is shown in Figure 
55. At the lower load level, the load transfer curve from both results match fairly well. The measured 
data indicate that somewhat more load is carried by the middle of the shaft (4.6m (15ft) to 7.6m (25ft) 
depth range) at large load levels than for the FE model. 
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With both measured results and model results, a comparison can be made regarding the maxi-
mum mobilized side shear at different depth intervals, as shown in Table 7.  Also shown on this table 
are computed side shear values from the model using a top down loading instead of the o-cell bottom 
up loading. At the interval from gage 1 to O-cell and O-cell to gage 2, measured results have the larg-
est value, which is 288kPa (6.02ksf) and 422kPa (8.83ksf) respectively. At the interval from gage 2 to 
gage 3 and gage 3 to the pile top, the top down test exhibit the largest value, 240kPa (5.03ksf) and 
310kPa (6.49ksf) respectively. The distribution of maximum side shear resistance is altered by the di-
rection of loading. 

Figure 56 presents top down load vs. displacement relations derived from the O’cell test, and 
calculated by the numerical analysis. The results of this comparison demonstrate the ability of the fi-
nite element model used in this study with regards to capturing the main features of the o-cell load test 
performance. 

Wilsonville, AL Case (Loadtest, Inc., 1994)  The test shaft involved was 81.3cm (32in) in di-
ameter and 5.6m (18.5ft) long. The test site consists of the approximately 0.3m (1ft) of fill, underlain 
by shale, which has a maximum compressive strength of 9.0MPa (1300psi). Groundwater was not en-
countered in the shaft. The detailed dimension and instrumentation is shown in Figure 57. 

The load test was conducted on Feb. 9, 1994, about 26 hours after the placement of the con-
crete. The maximum applied O-cell load was 4.75MN (534tons) with an upward displacement of 
16.8mm (0.66in) and a downward displacement of 60.6mm (2.38in). The maximum mobilized side 
shear was 747kPa (7.8tsf) from O-cell to gage 1, 412kPa (4.3tsf) from gage 1 to gage 2, 364kPa 
(3.8tsf) from gage 2 to gage 3, and 125kPa (1.3tsf) from gage 3 to gage 4 respectively. 

The finite element model was built with the following properties. 
Rock properties: 

Young’s modulus Erock = 414 MPa (60 ksi) 
Cohesion crock = 1 MPa (200 psi) 
Friction angle o14=rockφ  

Pile-rock interface properties:  
Cohesion ci = 207 kPa (30 psi) 
Friction angle o50=iφ  

Figure 58 shows the load-displacement curve from both field test and model calculation. The 
computed and measured downward displacements match fairly well. For the upward displacement, 
the finite element model yields at a slightly lower maximum shear stress and appears more brittle; this 
could be because dilatancy was not included in the model of the pile-rock interface. However, the fail-
ure load is about the same at which the side resistance was failed. 

The comparisons of the derived load transfer curve at different load levels are presented in 
Figure 59. Note the load was calculated from the vertical strain data as been done in the field test. The 
two curves match well at low load level, but at large load level, the finite element model exhibits 
lower side shear close to the bottom of the shaft. This can also be observed from the comparison of 
the unit shaft resistance at gage intervals, as shown in Table 8. This reduction in side shear at failure 
in the model appears to be related to opening of the contact nodes at the end of the socket adjacent to 
the o-cell. 

With both measured results and model results, a comparison can be made regarding the maxi-
mum mobilized side shear at different depth intervals, as shown in Table 9. At the interval from the 
O-cell to gage 1, measured results have the largest value, which is 747kPa (7.8tsf). While at the inter-
val from gage 1 to gage 2 and gage 2 to gage 3, there is no much difference among three results, with 
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an approximate value of 383kPa (4.0tsf). However, at the interval of gage 3 to gage 4 (the top part of 
the shaft), the top down test exhibit the largest value 431kPa (4.5tsf) as expected.  Figure 60 presents 
top down load vs. displacement relations derived from the O-cell test and calculated by the numerical 
analysis. 

Denver, CO Case (Loadtest, Inc., 1998)  The test site consists of a layer of 3.0m (10ft) sandy 
lean clay, overlying weathered claystone with silty sand and fined grained seams. The detailed shaft 
information and instrumentation is show in Figure 61. The nominal shaft diameter was 106.7cm 
(42in). The top 1.37m (4.5ft) of the test shaft was in the clay layer, and the socket length was 5.26m 
(17.25ft). 

The test was carried out on Jan 14, 2002, with a maximum load of 2.5MN (559kips). At this 
load level, the total upward movement was 40.1mm (1.58in), and the downward movement was 
58.4mm (2.30in). The unit side shear was calculated as 52kPa (1.08ksf) from the top of the shaft to 
strain gage 126kPa (2.63ksf) from strain gage 2 to strain gage 1, and 168kPa (3.51ksf) from strain 
gage 1 to the O-cell level.  

It should be noticed that 1.4m (4.5ft) of the test shaft was in the clay soil layer. Therefore, in 
the finite element model, the interface properties used for at the pile-clay interface are different from 
those at the pile-rock interface, which is much weaker. The pile-clay interface was assumed to have 
34kPa (5psi) resistance. The 1.8m (6ft) deep clay above the top of the shaft was neglected in the finite 
element mesh, but its influence on the overburden pressure was considered. In the finite element 
model, 30.2kPa (4.375psi) vertical pressure was applied on the top of mesh. The following is a list of 
parameters used in the model. 

Rock properties: 
Young’s modulus Erock = 276MPa (40ksi)  
Cohesion crock = 345kPa (50psi)  
Friction angle o10=rockφ  

Pile-rock interface properties:  
Cohesion ci = 66.2kPa (9.6psi)  
Friction angle o31=iφ  

Pile-clay interface properties: 
Cohesion ci = 34.5kPa (5.0psi)  
Friction angle 0=iφ  

The comparison of the load vs. displacement curved from both field test and finite element 
model is shown in Figure 62. It is again shown that the two downward movement curves fit very well, 
but the finite element model appears stiffer in uplift than the field test although the failure load is 
about the same for both cases. 

Similar to the real test, the strain information can be used to calculate the side load transfer 
and then estimate the unit shaft resistance. Figure 63 shows the load transfer curves at different load 
levels. Similar to Wilsonville case, the two side load transfer curves match well. However, when the 
applied load increases, the difference between field test and finite element model is becoming larger. 
The derived unit shaft resistance was summarized in Table 10. Again the finite element models shows 
a lower unit side shear at large load level because some contact nodes became open and could not 
contribute to the side resistance. 

Figure 64 presents top-down load vs. displacement relations derived from the O-cell test and 
calculated by the numerical analysis. Presented in Table 11 is a comparison of the mobilized side 
shear from the measurement, finite element O-cell test model and top down test model. For the O-cell 
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test, the maximum mobilized side shear occurs at the bottom of the shaft from both measurement and 
model results. For the top down test, the maximum side shear occurs at the top of the rock socket 
since the overlying clay layer has weaker interface properties. 

Summary  Three field tests were compared with the finite element model. Generally, the 
downward displacement curves and the maximum side shear in uplift can match the measured results 
fairly well. For the upward displacement curve differences in stiffness were sometimes observed, 
even when the maximum values of unit side shear were close. These differences may be related to di-
latancy of the pile-rock interface, which is not captured in the finite element model. 

 
2.5.4.5 Summary of the Soil Model Study 
 

This section summarizes the significant findings of the soil model. The detailed soil model re-
sults are presented in Appendix A. Various cases regarding different in-situ horizontal stress ratio 
were performed, and the difference between the top down test and the O-cell test was analyzed. 

Properties Common to All  In the soil model, the concrete shaft is 0.9 m (3 ft) in diameter and 
9.1 m (30 ft) long. For the O-cell load test, the Osterberg load cell is embedded 0.9 m (3 ft) above the 
bottom of the shaft with zero thickness. The following is a list of properties used in the analysis if not 
specified. 

Concrete shaft: E = 34,473 MPa (5,000 ksi), ν = 0.3; 
Soil:   E = 97 MPa (14 ksi), ν = 0.3, β = 31°, d = 55kPa (8psi); 
Rock:   E = 9,653 MPa (1400 ksi), ν = 0.3; 
Pile-Soil Interface: δ = 31°. 

In calculation, soil was modeled as fully associated, which means the dilation angle equals the 
friction angle. 

Results for Soil Models  Presented on Figure 65 are the computed load vs. deflection compari-
sons for the four cases analyzed involving shafts embedded within soil. Note that this soil is represen-
tative of a fairly competent material with significant cohesion such as a cemented sand or stiff silty 
clay. Figures 65a-c illustrate cases with an extreme range of in-situ horizontal stress ratios ranging 
from Ko = 0.43 to 2.0; case (b) with Ko = 1 is likely to be more representative of typical conditions in 
stiff or dense soil.  These data suggest that the O-cell method tends to produce excellent comparisons 
for the cases where Ko was relatively low and tends to be increasingly conservative as Ko becomes 
large.  Note that for these cases, failure tended to be at the frictional interface between the shaft and 
soil.  Figure 65d illustrates the case for Ko = 1 but with a much increased interface friction so that the 
failure tended to be in the adjacent soil elements over much of the length of the shaft. This case indi-
cated a somewhat closer agreement than the similar case (b) with a smaller interface friction angle al-
though still slightly conservative. 

An examination of the differences in behavior is instructive, and will be focused on the Ko = 1 
case for purposes of this discussion; details of all of the other runs are provided in Appendix A.  Pre-
sented on Figure 66 are comparisons of the load vs. deflection for tip resistance and side shear for the 
case of Ko = 1, interface friction δ = 31o. The tip resistance from the two loading conditions is seen to 
be nearly identical, with the O-cell loading somewhat conservative in the side shear with respect to 
the top down loading. Thus, almost all of the differences between the top down and O-cell loading is 
attributed to differences in side shear from pushing up vs. pushing down. 

The differences related to load direction appear to be related to differences in the normal 
stresses on the shaft/soil interface related to direction of loading. Presented on Figure 67 are plots of 
the stress history at selected nodes along the interface for the two cases with Ko = 1; Figure 67a pre-
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sents the results for interface friction δ = 31o, Figure 67b presents the results for δ = 50o.  The normal 
stresses at the interface are seen to decrease slightly for the upward directed (O-cell) loading, while 
normal stresses tended to remain almost constant or increase slightly for the top down loading. The 
result of these differences in normal stress is most notable for the δ = 31o case, where the initial con-
tact with the yield surface is shifted slightly to the right and thus mobilizes a higher shear stress at 
yield. Note that the yield surface in this case is clearly represented by the δ = 31o line, indicating fail-
ure at the frictional interface. For the δ = 50o case, the differences are much smaller and the yield sur-
face at failure corresponds to the shear strength properties of the soil rather than the interface for all 
except the most shallow depth. Note the indication of cohesion by the points tracking on the yield sur-
face. Only the 1.5m (5ft) depth for the O-cell loading appears to contact the δ = 50o line. Thus the 
failure in the soil is indicated and the cohesive nature of the soil makes differences in normal stress at 
the interface much less significant. 

Preliminary Results for Linear Rock Model with Frictional Interface  The model used for the 
rock case uses the same mesh as described previously with the upper 4.6m (15ft) composed of soil as 
in previous models (Ko = 1, φi = 31o) and the material below the 4.6m (15ft) depth composed of rock. 
With the O-cell placed at 0.9m (3ft) above the base, the effective socket length tested is therefore 
3.7m (12ft), with a length/diameter ratio of 4. The rock includes a frictional interface with a relatively 
high friction angle between the shaft and rock of φi = 50o, with the rock considered to be a sufficiently 
strong material to force failure at the interface. Thus, this model includes no provisions for “cone 
breakout” as was the case in the models analyzed by McVay et al. (2001). For the top down loading, a 
“soft base” was constructed by defining a row of elements immediately below the tip of the shaft to 
have a very low modulus. This approach is considered similar to that which would be used to conduct 
a full-scale physical test in the field in which a compressible material might be placed into the base of 
the shaft excavation. For both the top down and O-cell loading case models, only failure in side shear 
is observed. 

Presented on Figure 68 is a plot of the load in side shear vs. displacement for the top down 
and O-cell loadings of the rock-socketed drilled shaft. Note that the O-cell loading is seen to be rela-
tively conservative for this condition in terms of overall side shear capacity. More insight into the be-
havior in these FE models is available from the shear stress data plotted vs. depth along the shaft on 
Figure 69. Normal stresses follow an identical pattern. These data suggest that the relative distribution 
of side shear along the shaft is quite dramatically different between the two loading cases, even 
though the average might be reasonably similar. In each case the highest shear stresses coincide with 
the highest normal stresses, which in turn are biased towards the end of the rock socket, which is feel-
ing the most intense axial load in the shaft. The magnitude of this effect is related to the Poisson’s ra-
tio in the shaft and rock; in soil the modulus of the soil is so much lower that the Poisson’s effect is in-
significant. In this case the modulus of the rock was around 28% of the shaft concrete modulus and 
the effect is quite dramatic. 

It is thought that there are a number of case histories of O-cell loading in which strain gauges 
indicate a strong bias of higher unit side shear in the portion of the socket nearest the O-cell. This pat-
tern is consistent with the behavior observed in this model. More investigation of such case histories 
is warranted. 

Note that this pattern of shear stress in a rock socket is associated with a frictional shaft/rock 
interface. If the failure mode of the socket in side shear is better represented by a shearing failure 
through a material which is considered to have strength that is independent of the confining stress, the 
pattern of maximum side shear stress would tend to be more uniform at failure. Further investigation 
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of this behavior is warranted, although it is considered by the writer that the confining stress plays a 
strong role in the maximum shear stress, which can be developed (even concrete strength is strongly 
influenced by confining stress).  

Summary  The FE analysis of a limited range of conditions suggests that the O-cell method of 
load testing is likely to be conservative in estimating shaft capacity under most instances with respect 
to conventional top down load testing techniques. The most significant differences relate to the side 
shear response of the shaft to upward directed loading in lieu of downward directed loading. The rela-
tive difference is small in instances where side shear is dominated by cohesion in the soil or where the 
ratio of horizontal to vertical stress (Ko) in the soil around the shaft is small. Relative differences are 
more significant in cases where Ko is high and in rock sockets where the rock modulus is of the same 
order of magnitude as the concrete modulus and the side shearing resistance is influenced by the nor-
mal stress at the shaft/rock interface.   

 
2.5.4.6 Summary of the Rock Model Study 
 

This section of the report describes the detailed FE parametric study regarding several factors 
believed to have significant influence on the behavior of shafts embedded in rock. The ratio of the av-
erage mobilized side shear from a top down loading and from the O-cell loading is examined in order 
to evaluate potential differences between the two testing methods. The effect of different geometric 
and material parameters on this ratio is examined and summarized in this section, with details pro-
vided in Appendix A. 

Properties Common to All  In the rock socket pile model, the shaft is identical to that used in 
the soil model described previously. Analyses are performed with a 4.6m (15ft) thick dense sand layer 
overlying the rock layer of interest. The O-cell is placed at the tip of the pile to load the base resis-
tance against the side shear. Unless otherwise specified, the properties for soil, rock, concrete pile and 
the interface are listed as below. 

Concrete shaft: E = 34,473MPa (5000ksi), ν =0.3; 
Soil:   E = 97MPa (14ksi), ν =0.3, β = 31°, d = 55kPa (8psi); 
Rock:   Erock = 483MPa (70ksi), ν =0.3, o20=rockφ , crock = 1,379kPa (200psi); 
Pile-Soil Interface: o31=δ ; 
Pile-Rock Interface: o31=iφ , ci = 138 kPa (20 psi). 
Rock Model Results  Several parameters are believed to have significant influence on the pile 

response. The influences of seven factors were examined in the analysis, including embedded ratio 
DLsocket / , rock modulus rockE , rock cohesion rockc , dilation angle of rock mass rockψ , interface fric-

tion angle iφ , interface cohesion ic , and in-situ horizontal stress ratio 0K . The difference between 
the top down test and the O-cell test is represented by a ratio of the average mobilized side shears in 
both tests, ocrocktdrock ff )/()( . 

The dilation angle of rock was observed to have almost no effect on the pile response, primar-
ily because failure of the socket in side shear was generally dominated by interface properties. Two 
different cases were performed, one with fully associated flow rule (the dilation angle equals to the 
friction angle), the other with non-associated flow rule (the dilation angle is zero). Almost no differ-
ence was found for side resistance, with small difference for end bearing; the model with dilation 
shows a little stronger behavior of the end bearing. The two cases result in the side shear ratio 

ocrocktdrock ff )/()(  of 1.29 for non-associated flow rule and 1.30 for associated flow rule. 
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Presented on Table 12 is a summary of the average mobilized side shears in both tests and the 
difference between the two testing methods for the influence of interface friction angle φi, rock 
modulus Erock, interface cohesion ci, rock cohesion crock, length to diameter ratio Lsocket/D, and Ko. The 
effect of each factor on the average mobilized side shear and the difference between two testing meth-
ods is presented. In general, the O-cell testing results are conservative compared with the top down 
test results for all cases since the mobilized side shear in the O-cell test is always smaller than in the 
top down test.  

It is observed from Table 12 that all six factors have significant influence on the pile response. 
The mobilized side shears from both the top down testing and the O-cell testing increases with the in-
crease of Erock, crock, φi, ci and Ko. But Erock and φi exhibit the most significant influence. For instance, 
for φi = 31° case, the average side shear increases 71% for the top down test and 18% for the O-cell 
test respectively when Erock increases from 483MPa (70ksi) to 4,826MPa (700ksi). When Erock = 
783MPa (70ksi), the average side shear increases 47% for the top down test and 33% for the O-cell 
test respectively when φi increases from 31º to 50º. The effect of ci appears to be uniform. The differ-
ence between two adjacent cases is close to 69kPa (10psi) (the difference of ci), but with a lower 
value for the O-cell test. It should be noticed that the influence of crock is not very substantial. The in-
crease of the average side shear is only about 8% for the top down test and 20% for the O-cell test 
when the rock was considered as elastic (corresponding to a crock of infinity) instead of using Drucker-
Prager model with crock = 1.38MPa (200psi). The influence of Ko is significant since it can change the 
contact pressure at the pile-rock interface, which will then result in the change of the maximum side 
shear. However, for the embedded ratio Lsocket/D, although it can improve the pile capacity, the unit 
side shear doesn’t change very much for the top down test unless it is large enough. But for the O-cell 
test, there’s no much difference in the average side shear with a little decrease for larger Lsocket/D case. 
For example, when Lsocket/D increases from 5 to 10 for φi = 50° case, the side shear from the top down 
test increases approximately 15%, but no significant change was found for the side shear from the O-
cell test. 

Figure 70 illustrates the effect of Erock on the load vs. displacement behavior from the top 
down test. It is shown that the increase of rock modulus can greatly improve the pile response. For in-
stance, to mobilize 7.6mm (0.3in) displacement, the required load for Erock = 483MPa (70ksi) case is 
about 5.8MN (1300kips), while for Erock = 4,826MPa (700ksi) and Erock = 48,263MPa (7000ksi) case, 
it is up to 10.7MN and 20.0MN (2400kips and 4500kips) respectively. Note Erock = 48,263MPa 
(7000ksi) case is not very realistic because the rock modulus is even greater than the modulus of the 
concrete, which will cause some dramatic behavior. It is also indicated that the mobilized displace-
ment for Erock = 48,263MPa (7000ksi) case is very small, part of which is induced by the compression 
of the concrete pile. 

Presented in Figure 71 is the effect of Erock on side load vs. displacement curve and tip load vs. 
displacement curve derived from the top down test. For Erock = 4,826MPa (700ksi) and Erock = 
48,263MPa (7000ksi) case, the side load vs. displacement curve does not show a peak value like Erock 
= 483MPa (70ksi) case, but exhibiting a strain-hardening behavior. Therefore, it’s quite difficult to 
estimate the side load at yielding or failure. It was found that the maximum side load occurs at a dis-
placement of 5.1-7.6mm (0.2-0.3in) for most of the cases performed in which the peak side load ex-
ists, so it’s reasonable to choose the side load at which a 5.1-7.6mm (0.2-0.3in) displacement is mobi-
lized as the failure side load. Figure 71(b) shows that the rock modulus has a significant effect on the 
tip load vs. displacement curve. Much stronger end bearing behavior was observed for Erock = 
48,623MPa (7000ksi) case. The maximum tip load was found about 10.2MN (2300kips) with a mobi-
lized displacement of only less than 3.8mm (0.15in). Comparing Figure 71(b) and Figure 70 indicates 
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that for Erock = 48,263MPa (7000ksi) case, most of the displacement at the pile top is induced by the 
compression of the concrete pile. 

The same trend can also be found from the O-cell testing results, as shown in Figure 72. Both 
side resistance and end bearing resistance can be improved a lot with the increase of the rock 
modulus, especially when the rock modulus increases from 4,826MPa to 48,263MPa (700ksi to 
7000ksi). The maximum applied O-cell pressure for three cases is 4,688kPa, 4,826kPa and 6,550kPa 
(680psi, 700psi and 950psi) respectively. But no significant downward movement was mobilized ex-
cept for Erock = 483MPa (70ksi) case. 

The comparison of the side load vs. displacement curve between two testing methods for three 
cases is shown in Figure 73. The Erock = 4,826MPa (700ksi) case and Erock = 48,263MPa (7000ksi) 
case are very similar in the side load vs. displacement curves from both tests except that less dis-
placement has been mobilized for Erock = 48,263MPa (7000ksi) case. For these two cases, the two 
curves match well before yielding, but the O-cell test gives a much lower side resistance as observed 
before. While for Erock = 483MPa (70ksi) case, the O-cell test appears stiffer before failure, but it still 
results in a lower side resistance. The average side shear mobilized at the pile-rock interface can be 
then calculated as shown in Table 12. 

Similar study has been done with regard to the influence of φi. Shown in Figure 74 is the com-
parison of the load-displacement curves from top down test. It is obvious that larger friction angle re-
sults in stronger pile-rock system. More insight into the effect of the frictional on the top down testing 
method can be found from side load vs. displacement curve and tip load vs. displacement curve, as 
presented in Figure 75. Figure 75(b) indicates that there’s little difference in tip load vs. displacement 
curve, but the difference in side load vs. displacement curve is significant as shown in Figure 75(a). 
The maximum side forces are 10,149MPa, 6,991MPa, and 5,102MPa (1472kips, 1014kips, and 
740kips) for φi = 50°, φi = 31°, and φi = 14°, respectively. The three cases show the same pattern of 
side shear response. A maximum side force is obtained at a displacement of between 5.1-7.6mm (0.2-
0.3in), after which the side force decreases somewhat to a residual value showing a strain-softening 
behavior. 

The comparison of the load vs. displacement curve from O-cell test is shown in Figure 76. 
Similar to the top down test, there’s almost no difference in O-cell load vs. downward displacement 
curve. However the difference in O-cell vs. upward displacement curve is significant. The maximum 
applied O-cell pressure for three cases is 7,584kPa, 5,860kPa and 4,688kPa (1100psi, 850psi and 
680psi), respectively. It is again concluded that the friction angle at pile-rock interface has almost no 
influence on end bearing, but has substantial effect on side resistance. 

Figure 77 presents the comparison of side load vs. displacement curve for three cases. All 
three cases show the similar behavior, with O-cell testing results conservative comparing with the top 
down testing results. But before failure, the O-cell test gives a stronger behavior than the top down 
test. The comparison of the difference between the top down testing and the O-cell testing can be de-
rived as shown in Table 12. 

Difference Between Top Down Test and O-cell Test  It was found that the most important fac-
tors that affect the difference between the two testing methods, are Erock and φi. The influences of the 
other factors on the difference of the two testing methods are not very significant compared with Erock 
and φi. 

The influences of Erock and φi are presented in Figure 78. It is shown that the increase of Erock 
or φi will result in the higher (frock)td/(frock)oc ratio. Therefore, for cases with hard rock with a very 
rough surface, judgment should be made when using the O-cell test results for foundation design. It 
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was also found that the effect of φi is more considerable if Young’s modulus of rock is larger. Simi-
larly the effect of the rock modulus is more significant if rock surface is rougher. 

Side Shear Distribution  More insight regarding the side shear distribution can be found from 
Figure 79 and Figure 80. Note that z is the depth below the top of the socket (15ft deep) and Lsocket is 
the socket length, which is 4.6m (15ft). The shear stress distribution is represented by the ratio of the 
shear stress at any depth to the average shear stress, which was calculated from the procedure de-
scribed in Appendix A. 

Figure 79 shows the difference of the shear stress distribution along the pile length between 
the top down test and the O-cell test for Erock = 483MPa (70ksi) and Erock = 4,826MPa (700ksi). It ap-
pears that the shear stress distribution is more uniform with a lower rock modulus especially for the 
top down test. The result from the top down test for Erock = 483MPa (70ksi) case shows that the ratio 
of the shear stress to the average shear stress is very close to 1.0 at the depth with a z/Lrock of 0.2 to 
0.9. While for Erock = 4,826MPa (700ksi) case, the distribution is more varied. It is shown again the 
difference of shear stress distribution between the two testing methods. For the top down test, the 
maximum shear stress occurs at the top of the socket, but for the O-cell test, the maximum side shear 
occurs close to the O-cell. 

Shear stress distribution for different φi values is shown in Figure 80. It is again indicated that 
the shear stress has a larger value at the top of the socket for top down test, but for O-cell test, the 
shear stress has a larger value close to the O-cell. The contact nodes at the bottom tend to be open for 
both tests. The comparison of the three sets of curves indicates that for a lower interface friction angle 
case, the shear stress distribution is more uniform for both top down test and O-cell test. However, for 
larger interface friction angle case, for example φi = 50°, the distribution is more diverse. The ratio of 
the shear stress at the top of the socket to the average shear stress is about 4.0, which is only about 1.7 
for φi = 14° case. 

Summary and Conclusions  For the top down load test, the pile response suggests that side re-
sistance is mobilized before the end bearing, and the side load vs. displacement tends to exhibit a 
strain-softening behavior with a peak value occurring at a displacement of 5.1-7.6 mm (0.2-0.3 in) for 
most cases. The end bearing is mobilized after the failure of the side shear. But for some strong cases, 
such as large rock modulus case, the side load response shows a strain-hardening behavior, which is 
due to the larger contact pressure developed at the pile-soil interface. 

It has been found that little difference can be induced by different dilation angle of the rock 
Ψrock. But other six factors, including pile-rock interface friction angle φi and cohesion ci, Young’s 
modulus of rock Erock, cohesion of rock crock, embedded ratio Lsocket/D, and the stress ratio Ko, have 
considerable influence on the pile response in both top down test and O-cell test. However, Erock and 
φi were found to have most significant influence. 

The results of these analyses suggest that there may be inherent differences between loading 
from the bottom up in the O-cell test and loading from the top down due to differing normal stress 
conditions at the interface. These differences are amplified at increasing values of rock modulus Erock 
and interface friction φi.   

High values of rock modulus tend to produce greater increases in normal stress at the inter-
face. These must be due to Poisson’s ratio effects in the shaft, since dilation at the interface was zero 
in the model.  At high values of Erock, the rock socket offers greater resistance to this bulging in the 
shaft. The Poisson’s ratio effect is more significant for a top down loading than for an O-cell loading 
because the base resistance is engaged during the top down and thus the average vertical stress in the 
shaft (which produces the bulging effect) is higher in this case. Note that the O-cell loading tends to 
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underpredict maximum side shear in this case and is thus conservative when used to indicate side 
shear capacity of a rock socket. 

The effects described above only matter if the interface is treated as a frictional surface where 
the shearing resistance is influenced by normal stresses. Thus, the interface friction φi also is of sig-
nificant influence. With higher values of interface friction, the effect of higher normal stresses in a top 
down loading vs. an O-cell loading are more significant. Again, the O-cell loading is seen to be con-
servative and underestimate side shear as interface friction is a more significant contributor to side 
shear resistance.  
 
2.5.5 A Simplified Analytical Solution for the consideration of Poisson’s Effect in a Pile 

 
2.5.5.1 Overview 

 
In order to evaluate the relative effect of the “bulging” of an axially loaded shaft on the side 

shear capacity at the interface (see section 2.5.3), a simplified analytical solution has been derived. 
The derivation of this model is described, followed by an examination of the potential effect on the 
axial response and those conditions for which this effect might be important. 
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2.5.5.2 Model Description and Derivation of Solution 

A simplified closed form equation is derived based on the Hooke’s law for a cylindrical col-
umn of elastic material (the shaft) and cavity expansion theory for the surrounding rock. 

As illustrated in Figure 81, for purposes of relating radial strains to radial interface stress the 
soil or rock is represented by a linear elastic, isotropic, and homogeneous mass which can be charac-
terized by two parameters, Young’s modulus Es and Poisson’s ratio vs. The concrete pile is repre-
sented as an elastic cylinder with a Young’s modulus Ep and Poisson’s ratio vp. The interface between 
the shaft and rock is modeled as a contact surface, which may have both cohesion (bond strength in-
dependent of normal stress) and friction, in accordance with the familiar Mohr-Coulomb model, 

 
 iricf φσ tanmax +=  (32) 

 
where ci = cohesion of the interface; and φi = internal friction angle.  

 
The radial stress σγ is computed as follows: 
 

 zrvr KK σσσ += 0  (33) 
 

where Ko is the ratio of horizontal stress to vertical stress at rest (prior to axial loading), σr is the over-
burden pressure, σz is the applied vertical stress in the shaft due to the axial loading, and Kr represents 
the ratio of the radial stress at the interface to the applied vertical stress in the pile. The latter terms 
represent the Poisson’s ratio effect in which the vertical stress changes in the shaft produce radial 
strains in the socket and thus radial stress at the interface. Note also that Koσv represents the starting 
condition of interface stress and may be controlled by the fluid concrete pressures during concrete 
placement (as is assumed in some of the FHWA design procedures, O’Neill and Reese, 1999). 

The relation between radial strain in the rock socket and radial stress can be described using 
the well established theory for expansion of a cylindrical cavity, as is commonly used for interpreta-
tion of pressuremeter tests (Baguelin, 1978).  The radial stress at the wall of the cavity can be written 
as; 

 
 rrr Gεσσ 20 +=  (34) 

 
where  0rσ  = initial radial stress, 

G  = shear modulus of soil, 
rε  = radial strain. 

 
The incremental radial stress is proportional to the incremental radial strain, rr G εσ ∆=∆ 2 . 

Rewriting this equation in terms of incremental radial strain leads to 
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The radial strains in the pile can be described according to Hooke’s law, as 
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For this axi-symmetric problem (similar to a triaxial test specimen), the stresses in the r and θ 

direction are the same. So Equation (36) becomes 
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The radial strains in the pile and soil must be equal in quantity, but with the opposite sign. 

Therefore, 
 prsr )()( εε ∆=∆−  (38) 
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Equation (39) results in a relationship between the change of the radial stress and the vertical 

stress, which can be represented as the following equation, 
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So the ratio of the radial stress at the interface to the applied vertical stress in the pile, Kr is ob-

tained from Equation (40) as ∆σ r /∆σz  
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Note that Kr is dependent on the properties of both pile and surrounding soil. The maximum shear 
stress can now be expressed as 
 
 izrvi KKcf φσσ tan)( 0max ++=  (42) 

 
2.5.5.3 Stress Coefficient Kr 

 
The simple analytical model described above provides a means of comparing the effect of 

Poisson’s ratio in the pile on the side shearing resistance of a frictional interface. This is obviously a 
simplified model, and does not include any effect of dilatancy at the interface as side shear is fully en-
gaged. Nevertheless, the model is useful in identifying those conditions for which the Poisson’s ratio 
effect might be significant. 
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The effect of the pile/soil modulus ratio Ep/Es appears is the most significant factor influenc-
ing the parameter Kr. The relative influence of modulus ratio on Kr is illustrated on Figure 82 for two 
different values of vp. Poisson’s ratio for soil is vs = 0.3 for both cases, although vs has relatively little 
effect. For a typical value vp of 0.2, this equation suggests that as the soil or rock modulus exceeds 
1/10 that of concrete (modulus ratio of 10), Kr becomes significant. For these cases, the applied verti-
cal pressure contributes significantly to the radial stress resulting in an important increase of side 
shear resistance. For a relatively high modulus ratio typical of soil, Ep/Es = 1000 indicates Kr = 
0.00023; this low value suggests that the Poisson’s effect in the shaft is negligible for such conditions. 
These results are consistent with the results from the finite element analysis where cases with a high 
Ep/Es computed greater difference between the O-cell testing method and the top down testing method 
than cases with a low Ep/Es. 

 
2.5.5.4 Comparison of Top Down and O-Cell Loading 

 
A simple spreadsheet is useful to model the behavior of a rock socket using the equations de-

rived above. A shaft is subdivided into short segments and incremental calculations are performed on 
each segment as indicated in Figure 83.  

For the O-cell loading at maximum load, the mobilized base resistance is input as the load in 
the bottom segment of the shaft. The load on each subsequent segment above the bottom is calculated 
from 

 
 )(1 zDfWQQ ii ∆⋅−−=+ π  (43) 

 
where W is the self weight of the pile segment, f is the unit load transfer, πD is the circumference and 
∆z is the length of the segment. The unit load transfer f is computed using equation (42) with the ra-
dial stress at the shaft/rock interface determined from the axial stress in the shaft, σv and Kr deter-
mined from the modulus ratio according to equation (41). The interface strength parameters, ci and φi 
are adjusted so as to back-match a test condition where the load at the top of the socket would be zero 
(or equal to the dead weight above the socket or a known load condition determined from instrumen-
tation). Note that for a given test condition, the interface strength parameters back-calculated in this 
manner represent mobilized strength properties at the input O-cell loading. Since two parameters are 
fitted to the test data in this manner, the solution is not unique; however, strain gauge data may be util-
ized to provide constraints on the back-match to a test condition. Note also that the practice of report-
ing a single value of unit load transfer along a shaft is tantamount to assuming φi = 0 and effectively 
removes any effect of radial stress at the interface. 

After back-analysis of the O-cell loading, the top down loading condition is modeled similarly 
except that the load is calculated from the top of the pile downward to the bottom. Interface strength 
parameters, ci and φi are as determined from the O-cell loading. A load value is input at the top of the 
shaft, segment load transfer computed from top to bottom, and a residual value of base resistance 
computed. The input top load is varied until the computed base resistance is equal to the mobilized O-
cell base resistance; this condition is taken as representative of a top down loading condition which 
mobilizes an equivalent base resistance to that of the O-cell condition. In most instances, the dis-
placements required to mobilize a substantial base resistance are sufficiently large to fully mobilize 
the side shear.  For purposes of this discussion, interface strength parameters are not assumed to vary 
after yield at the interface is achieved (i.e., no strain softening or strain hardening yield surface is as-
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sumed).  Post-yield changes in side shear load transfer occur only as a result of changes in interface 
normal stresses.   

As an example, a hypothetical rock socket shaft is analyzed using this approach. The example 
is a 0.9m (3ft) diameter by 4.6m (15ft) deep shaft embedded into a rock material with a modulus of 
10% of that of the concrete (Ep/Es=10). Strength properties at the shaft/rock interface are cohesion, ci 
= 138kPa (20psi) and interface friction, φi = 31o. To achieve yield at this interface for an O-cell bot-
tom-up loading, a mobilized base resistance of 2.46MN (553kips) is computed; this value provides a 
computed axial load of zero at the top of the shaft as shown on Figure 84. Also shown on Figure 84 
are the results of computations with the same model with a top down loading, with the load at the top 
for a mobilized base resistance of 2.46 MN (553 kips). The load applied on the top of the pile in this 
case is adjusted (to a magnitude of 5.20 MN (1170 kips)) until the load at the bottom equals to the O-
cell load. The unit load transfer for the O-cell test and top down loadings in this example are illus-
trated on Figure 85. Although the interface strength properties are identical for both loadings, this plot 
reveals that the unit load transfer in side shear in the top down test is larger than that from the O-cell 
test. The differences are due to the Poisson’s effect, which increases the normal stress on the interface 
in the upper portions of the shaft for the top down loading case relative to an O-cell bottom up load-
ing.  

 
2.5.5.5 Field Test Comparison 
 

The analytical model described above is compared with the results of two field loading tests 
of drilled shafts in weak rock. O-cell test data with reasonably good instrumentation are examined 
from a case in moderately strong shale from Wilsonville, Alabama, and from a test of a socket in a 
weak claystone near Denver, Colorado. 

Wilsonville, AL  The Wilsonville, AL case was modeled using the spreadsheet implementation 
of the analysis method described above. The project information for this rock-socket shaft was pre-
sented earlier in this report and will only be briefly described. The shaft was 813mm (32in) in diame-
ter and extended approximately 5.6m (18ft) into shale of moderate strength (unconfined compressive 
strength from cores was around 8,963kPa (1300psi)). Based on estimates of elastic modulus for shale 
with strengths in this range, the stiffness ratio (Epile/Erock) was estimated to be approximately 65. At an 
O-cell load of 4.41MN (992kips) the settlement of the base was approximately 38.1mm (1.5in) and 
upward displacements of the socket were nearly 12.7mm (0.5in). 

Presented on Figure 86a is a plot of load vs. depth for the O-cell test and three models of the 
test result. The measured points are interpreted from strain gauge measurements. The plots from the 
three models are as follows: 

• Case I: this model uses a completely frictional interface at the shaft/rock boundary, with ci 
= 0 and φi = 75o. The interface friction was back calculated to provide 4.41MN (992kips) 
of side shear resistance for the O-cell loading. 

• Case II: this model uses a load transfer model for side shear that includes both interface 
friction and cohesion. The interface friction was taken as φi = 50o, and the interface cohe-
sion was assumed to vary linearly with depth from a value ci = 0 at the top of the socket to 
ci = 400kPa (58psi) at the base. The unit side shear at the base of the socket was back cal-
culated to provide 4.41MN (992kips) of side shear resistance for the O-cell loading. 

• Case III: this model uses a load transfer model for side shear that does not include friction.  
In order to match the patter of load distribution observed in the measurements, the unit 
side shear was assumed to vary linearly with depth from a value ci = 0 at the top of the 
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socket to ci = 586kPa (85psi) at the base; φi = 0o. The unit side shear at the base of the 
socket was back calculated to provide 4.41MN (992kips) of side shear resistance for the 
O-cell loading. 

The three models described above and shown on Figure 86a are intended to span the range of 
possible models for interface behavior of this rock socket. The plots on Figure 86a indicate that a rea-
sonably good match can be obtained with all three of the models described above. The Case II model 
which includes both cohesion and interface friction is likely the most plausible model of the true be-
havior as it includes elements of both friction and bond strength which is independent of friction (co-
hesion).  

The load distribution curves for top down loading to mobilize 4.41MN (992kips) of base re-
sistance are presented on Figure 86b for each of the three models. The top down load resistance for 
this mobilized base resistance ranges from 8.229MN (1850kips) for Case III (precisely 2 times the 
mobilized O-cell load minus the weight of the shaft) to 8.674MN (1950kips) for Case II to 9.786MN 
(2200kips) for Case I. These differences represent the increased mobilized side shearing resistance 
due to the Poisson’s effect. The mobilized unit side distribution for each model is shown along with 
measured values (from differences in strain measurements) in Figures 87a,b,c. For the Case II condi-
tion with φi = 50o and ci = 0 to 400 kPa (0 to 58 psi), the differences between the O-cell mobilized side 
shear and the top down loading are relatively small, with the O-cell indicated unit side shear values 
slightly conservative (by about 10%). 

Denver, CO  The Denver, CO case shaft was 107cm (42in) in diameter and extended through 
1.4m (4.5ft) of clay overburden to socket approximately 2.3m (7.5ft) into a weak claystone. Epile/Erock 
was estimated to be approximately 100 for this example. At an O-cell load of 2.49MN (559kips) the 
settlement of the base was approximately 50.8mm (2in) and upward displacements of the socket were 
around 38.1mm (1.5in). 

Presented on Figure 88 is a plot of load vs. depth for the O-cell test and the model of the test 
result. The measured points are interpreted from strain gauge measurements. The model uses a load 
transfer model for side shear that includes both interface friction and cohesion. The interface cohesion 
was taken as ci = 34kPa (5psi) in the clay above the rock and throughout the rock layer. The interface 
friction was back calculated to φi = 41.6o to provide 2.49MN (559kips) of side shear resistance (less 
the weight of the shaft) for the O-cell loading. 

The mobilized unit side distribution for this model is shown along with measured values 
(from differences in strain measurements) in Figure 89. The differences between the O-cell mobilized 
side shear and the top down loading are relatively small, with the O-cell indicated unit side shear val-
ues slightly conservative. 

 
2.5.5.6 Parametric Study 

 
Overview  The analyses described previously and the two example cases in weak rock appear 

to suggest that the use of measured unit load transfer in side shear from O-cell tests directly for design 
for top down loading might be quite reliable in low modulus soils, and slightly conservative in weak 
rock. It is instructive to examine a range of hypothetical test conditions to identify conditions where 
differences between top down loading and the O-cell test might be more significant. For this study, a 
model composed of a 0.9m (3ft) diameter shaft embedded 4.6m (15ft) into a rock or soil layer is ex-
amined with a range of differing elastic modulus for the layer and interface properties.  

Stiffness Ratio Ep/Es  The modulus ratio, Ep/Es has been shown to significantly influence the 
coefficient Kr. For the two test cases of Wilsonville, Alabama and Denver, Colorado, these values 
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were in the limited range of 65 to 100.  For the hypothetical test case described above, the influence of 
Kr is examined for a range of Ep/Es from 1 to 100.  Analyses were performed for the 0.9m (3ft) diame-
ter by 4.6m (15ft) long socket with interface properties of ci = 138kPa (20psi) and φi = 31o in each 
case. The base resistance mobilized in the O-cell test was that required to overcome the side shear us-
ing these interface strength parameters. Because of the Poisson’s effect near the bottom of the socket 
in the O-cell test for the stiffer layer (Ep/Es = 1), this condition was able to mobilize significantly 
greater base resistance. The comparisons of the mobilized side shear between the top down test and 
the O-cell test for Ep/Es = 1, Ep/Es = 10, and Ep/Es = 100 are shown in Figure 90 and summarized in 
Table 13.  Also shown in Table 13 are the values of the average mobilized side shear over the entire 
socket and the ratio of side shear from a top down loading to a bottom up loading, ftd/foc. 

For the Ep/Es = 1 case in which the rock material has a modulus equal to that of the shaft, the 
resultant O-cell load is 6.895MN (1550kips), and the top load to generate this base load is 53.4MN 
(12,000kips); this is not really a realistic condition since the compressive stress in the pile is large 
enough to damage the concrete. In such a case, geotechnical failure of the pile is not in question as the 
base resistance is sufficient to support the entire load on the shaft and structural limitations will gov-
ern. However, this case is included to illustrate the extreme of the effect of the stiffness ratio. The case 
of Ep/Es = 10 represents a condition, which may be encountered in relatively competent rock and is 
used for additional evaluation of variables. 

Interface Friction Angle φi  The influence of the interface friction angle is examined for the 
case of Ep/Es = 10 and using a consistent interface cohesion of 138kPa (20psi). Presented on Figure 
91 are comparisons of the shear stress distribution for three cases ranging from φi = 14° to φi = 50°. 
The detailed results are summarized in Table 14. Note that the intermediate case is the same as the in-
termediate case for stiffness ratio. 

These results demonstrate the influence of interface friction on the Poisson’s effect for O-cell 
and top down loading for shafts in rock with a rock modulus approaching 10% of that of concrete. As 
the interface friction is higher, the measured unit side shear from an O-cell test tends to be more con-
servative with respect to the unit side shear which may be mobilized from a top down loading. 

Interface Cohesion ci  For the intermediate rock socket case of φi = 31o and Ep/Es = 10, the ef-
fect of interface cohesion is examined. Analyses for a range of ci values of 69kPa, 138kPa and 276kPa 
(10psi, 20psi and 40psi) are presented in Figure 92 and summarized in Table 15. 

Although the interface cohesion influences the magnitude of base resistance which might be 
mobilized during an O-cell test (more side shear against which to react), the relative effect on the ratio 
of mobilized side shear from the top down loading vs. the O-cell loading is minor.  

 
2.5.5.7 Intermediate Summary 

 
In this section, a simplified analytical solution was derived to evaluate the Poisson’s ratio ef-

fect in which the axial stress in the shaft is seen to influence the normal stress at the shaft/rock inter-
face. The solution is based on compatibility between stresses in the rock derived from cavity expan-
sion theory and stresses in the shaft derived from Hooke’s law. A simple spreadsheet implementation 
of the model was developed to simulate the O-cell test and top down loading and examine some field 
load test cases and to perform a parametric study to examine the effect of several variables. The re-
sults of this study suggest that the unit side shear values mobilized during an O-cell test will be 
somewhat conservative relative to those values mobilized during a top down loading for conditions in 
which: 

• The rock mass has a modulus approaching 1/10 that of the concrete, and 
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• The shaft/rock interface includes a significant frictional component 
Both of these factors are significant, and the results from this study indicate trends similar to those of 
the finite element analyses described previously. 

 
2.5.6 Summary and Conclusions 

 
An investigation of the O-cell test has been performed, including an examination of available 

field test data, finite element analyses, and a simple analytical model developed as a part of this study 
and implemented using spreadsheet computations. The emphasis is on a critical examination of the 
method of loading a pile from the bottom up and utilizing the measured values of base resistance and 
unit side shearing resistance to design for top down loading conditions. This approach is most often 
used with drilled shaft foundations. 

The O-cell testing methodology is seen to be a very powerful tool and is commonly used by 
many state DOT’s for bridge foundation project. Several states use the test routinely (several projects 
each year) and most states use it occasionally. The test is popular for drilled shafts embedded into 
rock or hard bearing strata and the interpretation of the test methods is generally to use unit load trans-
fer values of base and side resistance (derived from strain gauge measurements or multiple level O-
cells) directly for design. The most compelling advantage of the test is that it allows direct measure-
ment of the load resistance of full-scale test shafts to extremely large loads. No other method is as 
practical or cost effective for load resistance values of several thousand kips. 

Direct comparisons of field loading tests of identical shafts from top down and O-cell load-
ings are virtually nonexistent. A very few tests are described which allow some comparisons to be 
made, and these indicate no major differences between observed behavior. The best comparative tests 
are in soft soil and appear to indicate relatively good correlation between side shear resistance in O-
cell and top down loading. One significant test case in cemented sands was described with two shafts 
subjected to top down and O-cell loading which appeared to indicate a major difference; however, the 
difference was attributed to the fact that the same test shaft was subjected to multiple loadings in op-
posite directions, and the load history probably affected the results. A problem with several compara-
tive tests relates to failure to fully mobilize resistance in one or both portions of base and side resis-
tance. Very careful preparation and conduct of a series of loading tests is required in order to isolate 
the variable of test method from the many other variables that can affect individual test results. Some 
other factors are identified which can affect comparison results, including spatial variability in the 
bearing formation (e.g., Florida limerock) and construction details such as a “step down” in diameter 
on the top of the rock formation.  There is a compelling need for carefully conducted comparative 
tests between O-cell and top down loadings on full scale field tests. 

A simple analytical model is developed and used along with nonlinear finite element models, 
to investigate the O-cell test method. Previous finite element studies are also described. The simple 
analytical model provides a means of interpreting test results with the inclusion of interface friction 
and the Poisson’s ratio effect in which axial stresses in the shaft will influence the normal stress at the 
interface and thus the mobilized unit side shear resistance. The results of these analytical studies sug-
gest the following: 

• The differences in mobilized base resistance from an O-cell loading and a top down load-
ing are relatively minor for shafts in soil or rock. 

• The differences in mobilized side shearing resistance from an O-cell loading and a top 
down loading are relatively minor in soil in which the modulus of the soil is several orders 
of magnitude less than that of the concrete.  In most instances the measured values of unit 
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side shear from an O-cell test will tend to be slightly conservative relative to a top down 
loading. The distribution of unit side shear will tend to have higher values at greater depth 
for the O-cell loading relative to the top down loading. The in-situ stresses are seen to 
have some influence, with greater differences noted for very high values of Ko (ratio of 
horizontal to vertical in-situ stress). 

• For shafts in rock, the unit side shear values mobilized during O-cell tests tend to be con-
servative relative to unit side shear values which may be mobilized from top down load-
ing. The differences are relatively minor if the modulus of the rock mass is on the order of 
1/100 of that of the concrete or less. The differences can be significant if the rock mass 
modulus approaches 1/10 that of the concrete or more. The differences are strongly influ-
enced by the friction coefficient at the shaft/rock interface. Current practice of describing 
the bond strength in side shear as a constant that is related to the unconfined compressive 
strength does not account directly for interface friction. The effect is attributed to a Pois-
son’s ratio effect in the shaft, in which the axial stress in the shaft itself influences the nor-
mal stress on the shaft/rock interface. The axial stress is higher in a shaft, which is sub-
jected to top down loading and is engaging base resistance than is the case in an O-cell 
test. In the top down loading the axial load in the shaft varies from a maximum at the top 
to a minimum equal to the mobilized end bearing at the shaft base; in the O-cell test the 
axial load in the shaft varies from a maximum at the mobilized base resistance to near 
zero at the top of the shaft. 

Even with shafts in rock, it must be noted that the variability between O-cell testing and top 
down loading observed in this research tends to suggest that the O-cell test is conservative. Given that 
most O-cell tests are likely to indicate that existing geotechnical practice has been even more conser-
vative, it is unlikely that the use of O-cell testing in practice has lead to excessive conservatism in de-
sign. Rather, the research described in this report suggests that there is a need to better understand the 
fundamental behavior of drilled foundations socketed into rock and the O-cell test method is an in-
strumental tool for improving this understanding.   

There is a need for additional research on the behavior of drilled foundations socketed into 
rock. This research should consist of carefully controlled and instrumented loading tests using both 
top down and O-cell methods, along with a thorough investigation of in-situ rock properties. Reliable 
measurements of rock mass modulus and interface properties are important, and it is desirable to con-
duct tests for a range of rock materials and in rock strata, which have relatively consistent properties 
(minimize spatial variability so that other variables can be evaluated). A better understanding of the 
results of O-cell tests has the potential to significantly improve the reliability and cost-effectiveness of 
drilled foundations in rock. 
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2.6 THE SIMBAT METHOD 
 
2.6.1 General 
 

The latest method for pile bearing capacity testing to be introduced in 1998 is known as Sim-
bat and was developed by the CEBTP (Center Experimental De Recherches Et D’etudes Du Batiment 
Et Des Travaus Publics) in France and is currently offered by Testconsult of Cheshire, UK. The ob-
jective of this method is to predict the static behavior of a pile from dynamic measurements. Very few 
end users would admit to a full understanding of either how this method works or what are its limita-
tions.  

In 1979 the CEBTP (France) was sponsored by the FNTP (Federation National des Teavaux 
Publics) to undertake research into existing classical methods of pile testing and to develop a test that 
would be equally applicable to cast in place piles. The result of this research program is a methodol-
ogy known as Simbat, which was included in a series of class A prediction trials in Belgium in 1987. 

In general, the methodology is similar in concept to that described and researched as the Drop 
Weight System (see Figure 93). The Simbat™ methodology consists of applying a number of impacts 
to the pile, typically ten. The mass is dropped from a range of heights so that the pile/soil system is 
subjected to varying strain rates. The bigger the drop height, the bigger the impact velocity and the 
higher the strain rate is. For each impact, the magnitude of the soil reaction, Rdynamic, is calculated 
using classical wave equations. The upwards and downwards waves, which were generated by the 
impact, are separated. It is the upward waves that quantify the soil reaction and it is that which deter-
mines the behavior of the pile under load.  

The soil reactions measured in this way are total including dynamic forces and must be sepa-
rated to evaluate the static resistance. The Simbat™ system has a procedure that automatically gener-
ates its own dynamic to static correction. Unlike other techniques, there is no requirement to make as-
sumptions concerning soil damping factors and the like. Different procedures are used for cohesive 
and non-cohesive soils. 

The system comprises of the following main components (refer to Figure 94): 
1. Data collection unit, for capture of strain, acceleration and displacement  
2. Site computer  
3. Optical theodolite to measure dynamic displacement of pile  
4. Accelerometers and strain gauges  
5. Software for signal acquisition and data processing  
 

2.6.2 Theoretical Background 
 

The method is based on the propagation of waves in long elastic cylinders. When the pile top 
is struck with the falling weight the pile section is deformed (enlarged) and this enlargement travels 
down the pile to the toe where it is reflected back up. In a free, un-damped pile, the particle velocity of 
the return wave would be identical to the original wave.  

When the pile is surrounded and restrained by soil, part of the wave is reflected back up at 
each and every external restraint, the remainder of the wave continues downwards. So at any one time 
there are both upwards and downwards forces and velocities in the pile.  

The Simbat technique makes use of a separation formulation for the upwards and downwards 
forces, Fup and Fdown and calculate dynamic soil reaction, Rdynamic, as the difference between the up-
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wards force in a free pile and the real upwards force measured. The conversion of dynamic to static 
reaction is carried out by expressing Rdynamic as: 
 
 a

npenetratiostaticdynamic eKRR )( ∗+=  (44) 
 
where: epenetration = permanent penetration, (set). 
 K = a parameter which is a function of the pile and the sequence of the blow.  
 a = a parameter which is a function of the soil. 
 

K is obtained by means of impacting a number of hammer blows to the pile, which causes the 
pile to move at different strain rates. A regression analysis of dynamic reaction versus strain rate is 
then carried out and equivalent static reaction is determined by extrapolating backwards to the point 
corresponding to zero strain rate (see Figure 95). 

An additional procedure often used is a numerical simulation whereby experimental signals 
are introduced into a computer program and compared with theoretically generated signals. The 
choice of a realistic pile/soil model is of great importance. The soil model used by Simbat is shown in 
Figure 96. 

Classical numerical simulations are based on assuming elastic / perfectly plastic soil reaction 
together with viscous damping (J) and simulation between the movement of the soil and that of the 
pile. This technique, though used routinely by all dynamic methods seems to draw more upon empiri-
cal consideration than physical characteristics, (Paikowsky et al. 1996). 

In the Simbat model, (see Figure 96), the displacement of the pile and that of the soil are 
clearly differentiated. The difference between these displacements is epenetration. The reaction in the 
spring and dashpot are linked to the displacement of the pile. Slippage between the pile and soil is ob-
tained from the stresses generated by the radial component. Simbat assumes the pile body is an elastic 
continuum, with forces being concentrated on a number of discrete points for the purpose of calcula-
tion. The static test prediction is obtained by adding the elastic pile deflection to the permanent deflec-
tions. 
 
2.6.3 Methodology 
 

Before performing the field testing, a pile 'cap' is built, 2.5 times the pile diameter in height, 
and well reinforced to prevent bursting under the drop weight impact. As this cap is to serve as a dy-
namometer it must be smooth with the same cross section as the testing pile and of good quality of 
homogeneous concrete. As such, the generated stresses become uniform over the section; with a small 
time interval before the upward wave from the first soil layer arrives. 

Very similar to the traditional dynamic testing method, two strain gauges and two acceler-
ometers are used along with an electronic theodolite. A target is mounted on the side of the cap, two 
diameters from the top. All the instruments are connected to a single dedicated data acquisition sys-
tem. 

A drop weight of sufficient mass to mobilize the pile is used to generate the input force. A 
cushion is placed on the top of the pile cap both to protect the concrete and to increase the duration of 
the impact. In practice a coiled nylon rope cushion has been found to be most suitable. The height of 
drop of the falling mass is progressively increased until a small permanent penetration is recorded. 
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The drop height is then successively increased or decreased to achieve differing strain rates as de-
scribed earlier. A full load settlement plot requires typically 10-15 blows. 

During many years of site experience, it has been found that a direct measure of pile deflec-
tion during impact is essential for the correct interpretation of data. It is only by making such meas-
urements that the pile top velocity can be correctly inferred from the acceleration data. This measure-
ment also provides a second independent check to the magnitude of the pile movement during the im-
pact.  

Testconsult Limited (Warrington, United Kingdom) developed a special digital, optical 
theodolite that measures the entire deflection cycle of the pile during impact as well as the permanent 
deflection caused by the blow (see Figure 97). The device focuses on a small target attached to the 
pile, through a 500mm lens and operates at 10,000 data points per second. The resolution is 0.14mm 
at a distance of 5m from the pile.  

The theodolite mounts conveniently on a standard surveyors’ tripod and can be positioned at 
up to 10 m from the pile. The target is lit by a small halogen lamp attached to the side of the enclo-
sure. A laser pointer, incorporated inside the enclosure facilitates setting up the theodolite and aiming 
it correctly at the target. A LED display aids the correct focussing of the lens. The unit operates from 
any 12-volt supply, making it safe for site use 

A series of impacts are made with the hammer drop height being progressively increased or 
decreased (refer to Figure 93). All data, (i.e. acceleration, strain and displacement), are stored on a 
disk for subsequent processing. Typical raw data is shown in Figure 98. 

Signal processing of each test follows the following stages: 
1. Correction of acceleration and velocity using the direct theodolite displacement;  
2. Separation of forces Fup and Fdown; (Figure 99) 
3. Calculation of dynamic soil reaction Rdynamic;  
4. Regression analysis to obtain f(Vpeneration) and thus K,  
5. The dynamic to static factor;  
6. Calculation of elastic shaft compression; 
7. Plot of total settlement/load. (Figure 100) 

Finally, a series of computer simulations are carried out in order to verify the measured signals and to 
calculate the distribution of soil resistance down the shaft and at the pile toe. 

The processing and reporting software is inevitably quite complex and detailed. It has, how-
ever, been designed to be clear, user friendly and powerful. The main functions are:  

1. Creation of a table of files for each pile. 
2. Correction of acceleration data using the theodolite displacement. 
3. Separation of forces allowing the calculations of the dynamic and total reaction of the pile, 

for each blow. 
4. Determination of the dynamic/static correction and plotting of predicted load/settlement 

graph. 
5. Signal matching analysis to get the soil resistance distribution and pseudo-static load-

displacement curve. 
Site data is downloaded into the PC, and for each pile, a table is created while information re-

garding the hammer drop height, file name, and permanent penetration is provided. The data for each 
blow is then called up simply by clicking on the file name. The acceleration/velocity is then corrected 
using the theodolite data and the up and down forces and velocities separated in the normal way to 
give Rdynamic, the total or dynamic reaction for each blow. These values are automatically placed in the 
table and a predicted static load settlement plot is produced. 
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The last stage is the predicted static load/ settlement plot for each pile. This is done using al-
gorithms that do not need any assumptions concerning soil damping factors. The separation and dis-
tribution of soil resistance along the shaft and at the base are determined by the signal matching 
analysis. 
 The latest version of the Simbat™ program leads the operator through a logical sequence of 
operations and prompts the operator for inputs, invalid entries etc. Written in a low level language the 
software is extremely fast. Special printouts for rapid reporting have been incorporated.  

Computer simulation is not always done. A load / settlement curve, with maximum load re-
lated to the maximum applied energy in the test, is only generated. No direct estimation of the ulti-
mate capacity is made. Also no account is taken of the influence of different soil layers or of the pos-
sibility of a very stiff layer at the pile base. 

The soil / pile interaction does not account for many of the characteristics of true soil behavior 
such as non-linear stiffness characteristics, yielding, strain softening / hardening, stress history, plas-
ticity, anisotropy etc. 

 
2.6.4 Dynamic to Static Conversion 
 

Assuming that a certain pile in clay has an ultimate static capacity of 400kN, the resistance of 
the same pile under dynamic loading would be considerably higher, possible by a factor of 2, so that 
the dynamic reaction could be 800kN. This is because of the time-dependent visco-elastic nature that 
most soils exhibit. The faster the strain rate, the bigger the soil resistance will be. This effect is appar-
ent even at relatively slow strain rates - a constant rate of penetration test (CRP) on a pile will produce 
a higher ultimate capacity than a slow maintained load test. It is therefore necessary to find a method 
of correcting the dynamic reaction to a static value and there are several approaches, (Testconsult 
website).  

The first method, and the one used by the early researchers in this field, was to establish a 
large database of correlations based on actual results of dynamic and static tests being carried out on 
the same piles. In this way, soil 'damping' factors slowly evolved for different soil types. The soil 
damping factor (J) ranged from just over 1 for highly cohesive clays to less than 0.1 for non-cohesive 
sands and gravels. The static reaction was then calculated by firstly estimating an appropriate J factor 
based on knowledge of the soil conditions. The measured (or dynamic) reaction was then reduced by 
an amount proportional to the J factor and the pile top velocity to give a static value. This method is 
still in use today and is an extremely rapid and useful indicator although its accuracy does depend on 
a correct assumption of J. 

Simbat avoids the necessity to assume a J factor. But it requires that a large number, typically 
ten or more, separate hammer blows are applied to the pile and the dynamic reaction is measured for 
each one of them. The impacts are arranged so that a wide range of soil strain rates are achieved, all 
within the range considered as high strain rates, (in comparison to static load), however some of the 
blows achieve higher strain rates than others. In practice, this is easily achieved simply by varying the 
drop height of the mass. Figure 95 shows the principle of the operation. 

By projecting the dynamic measurements back to a zero strain rate or zero penetration veloc-
ity, the static reaction is obtained. In fact, the projection is not necessarily a straight line as shown in 
Figure 95. 

One of the advantages of this method is that, coupled with an accurate measurement of the 
pile’s top displacement for each blow, a complete load/settlement plot can be produced. It also avoids, 
as mentioned previously, the need to assume a soil damping factor which may or may not be appro-
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priate for the particular soils. The technique is different to the previously mentioned one in that pile 
penetration velocity is used as an adjuster and not pile top velocity - these two values are quite differ-
ent. Finally it also avoids the need to refer to the ultimate capacity of the pile, a quantity that has been 
defined in many different ways and is not necessarily the true sum of all the soil reactions. An exam-
ple of this correction procedure is given in Figure 101. 

 
2.6.5 Analysis of Results 
 

Velocity is not measured directly but derived from the integral of the acceleration. To confirm 
the quality of this data the acceleration is integrated twice and compared with the displacement record 
obtained by the theodolite. Corrections can be made by applying either parabolic or linear functions 
(see Figure 102). The data verification through two independent measuring systems is very important 
and one of that is often neglected in the separation of forces. 

The first stage of the analysis, (which is often carried out on site), is to determine the dynamic 
soil reaction for each blow using classical principles. A complete separation of forces diagram is 
shown in Figure 99. This procedure is undertaken on all blows, and tabulated together with the per-
manent penetration for each blow (Figure 101). 

There are two reasons for carrying out computer simulations: (a) to verify that the dynamic 
reaction calculated using classical Case principles is equal to the sum of the individual limit reaction; 
(b) to determine the distribution of soil resistances along the shaft and at the pile toe. 

The Simbat model was described earlier. Essentially the procedure consists of splitting the 
pile into 13 discrete elements and assigning soil and pile parameters for each of these elements. The 
soil properties are entered as elastic and viscous components and the ultimate or limit reaction. These 
parameters are then adjusted until the model responds in the same way as the pile, both in terms of ve-
locity and displacement (see Figures 103 and 104). If the Case principles are shown to be applicable 
for each blow then the dynamic reactions previously determined can be accepted. If not, then the total 
reaction of the model must be used in the final stage of analysis. 

The results shown in Figure 101 are soil reactions plotted against pile head penetration. It is 
therefore necessary to add to this plot the shaft’s elastic compressibility. The most reliable and accu-
rate method of determining this value is by direct use of the theodolite (displacement) and force 
measurements. It is not strictly accurate to simply divide the displacement by the force and instead the 
integrals of these two measurements are used. This shaft compressibility has been added to the toe 
penetration and two final static/load settlement plots are given in Figures 105 and 106. 

 
2.6.6 Case Histories  
 
2.6.6.1 National Geotechnical Experimentation Site at Texas A&M University 
 

To evaluate the ability of large-strain dynamic testing methods, (namely the drop weight 
method (PDA), Statnamic method and the Simbat method), to predict the static capacity of cast-in-
place piles, three cast-in-place piles were constructed at the National Geotechnical Experimentation 
Sites at Texas A&M University (Figure 107). Various companies were then invited to perform large-
strain dynamic testing and make class “A” predictions of the static capacity of these three piles. The 
static capacity was measured using conventional static load tests. 

The Texas A&M University National Geotechnical Experimentation Site includes two sites of 
primarily sand and clay. The top layers, 12.5m at the sand site and 6.5m at the clay site, are both 
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100,000-year-old river deposits, while the hard clay underlying both sites is a 45,000,000-year-old 
marine shale that was deposited by a series of transgressions and regressions of the Gulf of Mexico. 
The sand is medium-dense silty sand. Details of the soil properties are in Briaud (1997) and Simon 
and Briaud (1996). Pile #2 and #4 were installed at the sand site and pile #7 in the clay site (Figure 
107). 

Figure 108 provides a detailed comparison between the actual static load test results to the 
Simbat test results for pile No.2. Figure 109 presents the comparison for all tested piles and methods 
of analyses. The Simbat test results on these three piles were in the range of %50± of the static test 
results, with one of the tests (#7) accurately predicting and the other two ranging from +50% to -50%. 
 
2.6.6.2 Ship Street, Dubin, Ireland. 
 

A pile 0.3 m in diameter, 8.2 m long with a rock socket of 3 m, CFA pile was tested. Com-
parison of static load test results and Simbat test results is shown in Figure 110. It can be seen that the 
comparison of the two provides a very good agreement with the static pile test showing a slightly 
stiffer behavior. Simbat tends to overestimate the residual settlement at the end of the test. 
 
2.6.7 Database 
 

A database comprised of 46 static pile tests from 32 sites around Ireland has been assembled 
by Professor Michale Long form University College Dublin (Long, 2001, see Appendix B). Cases 
were obtained from four different piling contractors, thus ensuring that the study is not confined to 
one single piling technique. For many of the sites, the number of dynamic tests exceeded the number 
of static tests. 

Test results have been sub-divided into three categories based on soil type, piles in rock, sand 
and gravel. A good spread in the data exists in terms of rock type, location of sites around Ireland, pile 
diameter and pile length. Very few of the test pairs were carried out on the same pile, i.e., most of the 
data for which static behavior is compared to Simbat test results, relates to two different piles at the 
same site. It should be pointed out that this database was compiled in Ireland, where the maximum 
load applied in a static load testing is usually 1.5 times the specified working load (SWL).  

Both the measurements in the static tests and the predictions from Simbat, at SWL and 1.5 
SWL, have been given as well as the Maximum Rdynamic(=Rstatic) value.  

Inspection of the data shows that for a particular site, the prediction made by the dynamic test 
is nearly always the same for all of the tests at the specific site. Therefore in order to simplify the 
plots, data are plotted in terms of the static test result versus the average of all the dynamic test results 
for that site. 

Comparisons between the actual measured settlements versus the predicted settlement, for the 
piles in rock, at SWL and 1.5 SWL, are shown on Figure 111. The data compare reasonably well. 
They generally are clustered near the X=Y line (Simbat prediction = static load test result), with a ma-
jority of the points falling above the line. The coefficient of correlation (r) can be used as a statistical 
measure of the reliability of the data. This is a statistical test for significance of a two variable linear 
relationship. If r=0, no linearity exists whereas if r=1, perfectly linearity exists. In this case r=0.63 
and 0.69 for loading to SWL and 1.5 SWL respectively, suggesting moderate linearity exists. It is in-
teresting that r is higher for loading to 1.5 SWL. 

Data for the piles in sand and gravel are shown in Figure 112. Again, the data are clustered 
near the X=Y line with an approximately equal number of points falling on either side. In this case 
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r=0.69 and 0.80 for loading to SWL and 1.5 SWL respectively. It is possible that the piles in sand and 
gravel show best correlation because the actual situation of a pile in a layer of uniform sand and 
gravel comes closest to the theoretical model assumed in the Simbat process. 

Insufficient data exists for piles in clay to provide a meaningful plot. However these data are 
included in Figure 113 for all piles. When all the information is included, the comparison appears 
slightly poorer. Again it tends to be more points above rather than below the X=Y line, suggesting 
that Simbat overestimates settlement. For all test results, r=0.38 and 0.4 for loading to SWL and 1.5 
SWL respectively, suggesting moderate to poor correlation. 

Lines representing a 100% overestimation and a 50% underestimation of the static test result 
by Simbat are included in Figure 113. These lines seem to encompass most of the data points. This 
suggests that if a Simbat dynamic test is used to estimate the results of a static test, on a similar pile on 
the same site, then the result is likely to be in the range of +100% and -50% of the true one. To put 
this into context, taking a typical test result where Simbat predicts a settlement of 4mm at SWL, then 
the likely true result will lie in the range of 2mm to 8mm. It is suggested that these differences are 
small and are likely to be acceptable in many circumstances. 

A plot of the ratio of measured settlement in static tests to predicted settlement in the dynamic 
tests against pile diameter is given in Figure 114 left. The results show a tendency for an approximate 
linear increase in the ratio with increase pile diameter. This suggests that Simbat will increasingly un-
derestimate the results for piles of increasing diameter and is possibly due to insufficient energy being 
imparted to these piles. However a lack of data for the large diameter piles makes it difficult to make 
any definitive conclusions but this topic warrants further study with more data. 

The same ratio is plotted against pile length / diameter ratio on Figure 114 right. For short 
“stiff” piles, Simbat will underestimate the static settlement but as the ratio of length / diameter in-
creases, the dynamic technique will increasingly overestimate the pile settlement. This again suggests 
that more dynamic energy would be required for the “stiff” piles in order to mobilize true movement. 

A plot of the ratio of the maximum equivalent static load mobilized in the Simbat test to the 
SWL is given in Figure 115. This value could be considered to be the mobilized factor of safety. The 
values range between 1.55 and 2.35, with an average of about 1.75. Typically static tests on working 
piles are taken to 1.5 SWL and therefore these values seem reasonable. 

A concern of most owners would be whether the Simbat test was capable of identifying prob-
lematic at piles on site. Experience has been positive in this regard and in a number of circumstances 
the findings of the dynamic test have been ratified by a conventional test. 

An example of this is a site in the Irish Middlands. A 300mm diameter bored cast-in-place 
pile was constructed through about 5m of very soft silts / clay and peats and was founded 2.5m into a 
medium dense glacial gravel stratum. The pile was a preliminary trial pile and was designed to have a 
SWL of 600kN. A Simbat test was carried out and yielded the results shown on Figure 116. It can be 
seen that the test suggests that the pile would have failed at about 920kN and hence had a safety factor 
of about 1.5, which was deemed to be inadequate. 

Subsequently a static test was carried out. The results are again shown in Figure 116 and they 
ratify the results of the Simbat test. It can be seen that beyond a load of about 900kN the pile begins to 
settle significantly, suggesting ultimate capacity has been reached. 
 Examination of the grouting records showed that significant loss had occurred in the very soft 
deposits. The process was modified and the piling proceeded satisfactorily. 
 
2.6.8 Summary And Conclusions 
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1. The Simbat is not a common method. Theoretical and practical research is required to fur-
ther examine its performance. 

2. The Simbat method is described with the following characteristics: 
• selecting a falling mass as a force generator; 
• use of selected section measurement; 
• use of an electronic theodolite for displacement measurement; 
• pile-soil interaction revisited, which take into account the radiation impedance of the 

soil; 
• use of numerous tests with variable force to obtain the correlation between static and 

dynamic resistance, and use of the penetration velocity as parameter.  
3. Comparison between predicted to measured values on the basis of settlement alone is of 

limited significance. These values are usually quite accurate within the pile working loads, 
mostly in the elastic zone of interaction (Paikowsky et al., 1994). These comparisons are 
meaningless for failure conditions and hence the method’s ability to predict the pile’s ca-
pacity is not examined through the presented relations. The comparison of settlement pre-
dicted by Simbat to that measured in the static test however reasonable correlation accord-
ing to the following. 
• Correlation for piles in sand and gravel (r = 0.75) seem to be quite well, however for 

piles in rock (r = 0.66) and piles in clay (r = 0.26 with very limited database), the re-
sults are not very good. 

• There is little difference between the correlation at SWL and 1.5 SWL. 
• If a Simbat test is used to estimate the results of a static test, on a similar pile on the 

same site, the result is likely to be in the range of +100 and -50% of the true one. 
• Simbat seems to underestimate settlement for short, relatively large diameter piles 

suggesting that there is insufficient energy imparted to these piles in the dynamic test 
process. 

4. In general, the Simbat process seems to mobilize sufficient load to give an adequate factor 
of safety and the Simbat test appears to be useful for identifying problem piles. 

5. The error provided for the actual capacity comparisons for the Simbat tests ranges from –
50 to 50 percent, which is larger than the typical error obtained by the common dynamic 
testing. 

6. Considering the vast data and experience accumulated for dynamic pile testing (PDA), the 
advantages of Simbat may need substantial accumulation of experience and testing. 

 
2.7 THE FUNDEX METHOD 
 
2.7.1 General 
 

The Fundex method, jointly developed by Funderingstechnieken Verstraeten BV (Fundex) 
(Oostburg, The Netherlands) and Ifco Foundation Expertise BV (Waddinxveen, The Netherlands), is 
a pseudo static pile load testing method. The equipment shown in Figure 117 allows for a fast and 
cost effective load testing method which greatly decreases the damping and inertial effects. Similar to 
Statnamic, the Fundex method extends the loading period, but it achieves it in a different manner.  
 
2.7.2 Theoretical Background 
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 The applied load in the Fundex method can be described by a simple model: a mass m, with a 
spring k, is dropped from a height h onto a rigid base. 

During dynamic load testing, the applied force on the pile is directly correlated to the change 
of momentum. Its relation is presented by: 
 

 postpre mvmvdtFP −== ∫
→→

 (45) 
 
where, m is the mass used for the test and vpre & vpost are the velocities of the mass before and after the 
interaction with the pile. 

Referring to equation (45), it is assumed that:  Faction = Freaction. The action force is exercised 
on the pile and the reaction force on the drop-mass. Equation (45) is simplified by neglecting gravity, 
since it is very small relative to the impact force. The velocity of the drop-mass is given by: 

 
 ghv 2=  (46) 
 
in which, g is the acceleration of gravity; and h is the height of the stroke.  

During a dynamic load test the magnitude of the exerted force is comparable to the ultimate 
pile bearing capacity. Equation (45) shows the relation of the load duration with the change of mo-
mentum on the pile. Extending the load time requires increasing mass or velocity (height of the 
stroke). Figure 118 was developed for completeness of the presentation using a model presented in 
section 4.2 with undamped system (section 4.2.3.2). Figure 118 shows the force pulses acting on a 
given pile’s head under different mass sizes impacting with the same stroke height of 1.5m. The time 
indicates the duration of the load transfer, or how “static” the load is. A definition of this time is the 
duration of which the load is above a certain percentage of the maximum load. This percentage is usu-
ally 50%, (t50%). When different systems are to be compared, identical time scales must be used. 

The curves presented in Figure 118 refer to a steel tube pile with a cross section A = 0.2m2, 
the density of the pile ρ = 7850kg/m3 and the Yongs modulus E = 2⋅1011 N/m2. The spring stiffness k 
is 109 N/m. The stroke height kept constant as 1.5m and the striking velocity ∆0 is 5.42m/s. 

The duration, t50%, of a load test performed can be calculated using equation (45) and (46). It is 
advised to use a mass of 5-10% of the pile’s ultimate bearing capacity, velocity vpre = 0, assuming that 
the mass reaches a height of 1.5 m, and that the force as a function of time has a simplified triangular 
shape. The duration of the load is as follows: 
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in which, t50% is the duration where the force exceeds 50% of the maximum force; Fultimate is the ulti-
mate pile bearing capacity. 

The force pulse acting on the pile head during the impact generates a shock wave in the pile. 
The traveling time of the wave from the pile head to the bottom and back causes a delay in the re-
sponse to the reaction forces of the subsoil. This is why for loads of relatively short duration only the 
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velocity of the pile head is used for the analysis instead of displacement. The duration of the load 
should be compared with the wave travel time. A load becomes quasi-static when: 

 

 
c
Lt 2

%50 〉〉  (48) 

 
in which, L is the pile length and c is the stress wave velocity in the pile as previously discussed con-
ceptually in section 1.3 (relative wavelength) and for Statnamic testing in section 2.3.5 (wave num-
ber). 

Figure 119 shows calculation results of the load-settlement relationship for a dynamic testing, 
a Fundex testing and a static load testing. The parameters used in the calculations for the examples in 
Figure 119 are: Soil Stiffness=0.28GN/m, Soil damping=1.3MNs/m, Wave Velocity=4180m/s, Pile 
Length=16.4m, Pile Cross Section=0.4m x 0.4m and the Youngs Modulus=42GN/m2. The force as a 
function of time is (1-cos(t)). The t50% is 4ms for the dynamic test and 40ms for the Fundex test. The 
curves in Figure 119 calculated by assuming: (a) the pile toe reaction force is generated by a pure 
elastic spring and (b) the pile has no side friction. From Figure 119, it can also be seen that the quasi-
static test method matches very well with the elastic load-settlement curve. The shape of the looped 
curve is caused by the time delay between load and settlement and does not relate to the shaft friction, 
since that is lacking in this simple model. 
 
2.7.3 Testing Procedures and Interpretation  
 

The field testing is performed by special equipment: Pseudo Static Pile Load Tester (PSPLT) 
(see Figure 120). The PSPLT was especially designed to execute Fundex load testing. The procedures 
of the test are as follows. 

The PSPLT is brought to the test site by a low-loader. It moves on its tracks to the test pile, 
which the pile head has previously been prepared. When the rig is positioned and the measuring de-
vices are attached the test can start.  

Field testing starts by dropping a mass on the top of a pile. A heavy coiled spring system has 
been attached to the bottom side of the mass in order to soften the impact and spread the transmitted 
energy over a longer period (compared to the impact time of a normal dynamic test using a drop 
weight).  

The mass m and the coiled spring system elastic coefficient k are respectively 25,000kg and 
8MN/m, the drop height h is equal to zero when the spring touches the base. The maximum force is 
then represented as: 
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Figure 121 is a graphical representation of equation 49 with the parameters of the PSPLT. The dura-
tion of the load is between: 
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In this way a slow-rising, long lasting impact is introduced to the pile, without causing the typical 
wave propagation effects. The dynamic effects which are present during Dynamic Load Testing, and 
which hamper the interpretation enormously are avoided by spreading the impact wave over a longer 
period of time (up to 400 milliseconds total and effectively up to 200 milliseconds). At the completion 
of the downward movement, the mass (with springs) hits an anvil, which rests on the head of the test 
pile and the transmitted energy to the test pile. The coiled springs distribute that energy as a function 
of time as stated above. On completion of the upward stroke as a result of the “bounce”, the mass is 
caught in its highest position, by hydraulic clamps, to avoid a direct second blow. 

Figure 122 shows the force at the pile’s head as a function of time. The force pulse duration 
acting on the pile’s head has a very small dependence on the drop height. The above described model 
is a good approximation of the force exerted by the PSPLT as a function of time. An error is intro-
duced by the assumption that the coil springs are massless. The assumption of a rigid base is justified, 
because the displacement of the pile during loading is far less than the compression of the coiled 
springs.  

Both the force-time and the velocity-time signals are registered by a computer, which plots the 
analysis results as a load-displacement curve. By repeating the test with different drop heights (see 
Figure 122), several points in the load-settlement curve are obtained, through which the curve is con-
structed by the software program. Figure 123 shows the measurements of one single drop. The load-
settlement curve is obtained by directly measuring the forces and settlements throughout the whole 
testing process (see Figure 124). The force introduced in the pile during the impact is measured by 
means of a calibrated (dynamic) load cell. The maximum force introduced in the pile can be checked 
by measuring independently the elastic compression of the springs underneath the mass. The absolute 
displacement of the pile during the blow is measured by using an optical system, which was devel-
oped by Ifco. The optical system includes a transmitter attached to the side of the tested pile and a re-
ceiver, which is placed at a distance of 15 to 20m away from the test pile. This optical measuring sys-
tem has accuracy better than 0.1mm in both horizontal and vertical direction. The distance between 
the pile and the optical receiver is sufficient to ensure minimal ground vibrations. 
 
2.7.4 Case Histories 

 
The Fundex method has been used to predict the pile bearing capacity at various sites in the 

Netherlands, Belgium, USA and Germany. Four case histories were gathered and presented in Figures 
125 to 128. The first one is from Schellingerhort et al. (1996), the second was provided by American 
Piledriving, Inc website, Case 3 and Case 4 were carried out at two sites in France (Iwanowski and 
Berglars, 1984).  

As illustrated in Figures 125 to 128, all the piles were not tested to failure by the Fundex 
method and as such the ultimate bearing capacity cannot be obtained. However, within the range of 
the tested load, the load- displacement curve provided by the Fundex method matches fairly well that 
obtained from the static method, suggesting that the allowable bearing capacity may be obtained using 
the Fundex method. 

Further investigations are necessary to find a better relationship between the results of the 
pseudo static test and those of the common static test. The lack of adequate and useful comparison 
tests is the reason that such a match has not yet been well defined. 
 
2.7.5 Conclusions 
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The Fundex load testing system is extending the time period of an impact via springs attached 

to the impacting mass. The general notion of a longer loading duration being more “static like” has 
the limitations of creating a long stress wave which on one hand does not allow the use of wave 
propagation analysis based on the wave equation (see section 1.3), and on the other hand does not 
eliminate the dynamic effects. As a result, the testing method requires independent means of evalua-
tion to consider the dynamic effects of the loading. The simple model used for test result interpreta-
tions (mass m, spring k, drop h onto a rigid base) does not consider the dynamic loading effect and 
seems not to provide a satisfactory solution. 

From the data available it seems that comparisons between the Fundex method of interpreta-
tion and static load tests are very limited in the number of cases available and the range of the loading 
(of either the fundex or the static tests). At present, the Fundex testing method can be viewed and ex-
amined as a convenient and economic quality control method and should not be substituting static 
load testing. 
 
2.8 THE SMARTPILE METHOD 
 
2.8.1 General 
 

An innovative method of load testing piles was presented by Frederick Engineering Co. of 
Whippany, New Jersey. The method, called Smartpile, is aimed at providing the ultimate bearing ca-
pacity of the pile and information about pile integrity as well as the hammer transfer efficiency. 

By means of installing a force transducer within the pile head and collecting signals by a set 
of equipment called Smartpad, a force-time curve under the impact force can be obtained. If another 
transducer is installed in the pile tip, the end bearing capacity is also obtained and hence the side fric-
tion force. 

Figure 129 shows a typical setup for the Smartpile testing. Two impulse force sensors are 
placed internally within the pile (the bottom one is not necessary if the toe bearing capacity or side 
friction is not desired). Details of the force sensor set-up and its implementation by the Geotechnical 
Engineering Research Laboratory at UMass Lowell are presented in Figures 130 and 131, respec-
tively. The top sensor is about 50mm (2in) below the pile head, and the other is about 50mm (2in) 
above the pile tip. The Smartpile measures force directly (not via strain) and the force sensors are lo-
cated centrally along the line of impulse of the hammer. The sensors, however, cannot be retrieved af-
ter the test and hence considered disposable. 
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2.8.2 Testing Procedure 
 

The Smartpile test set-up is shown in Figure 129. In concrete piles and shafts, the force sen-
sors are installed at the head and tip of the pile prior to pouring the concrete, with wires extending 
from the sensors to near the top of the pile. These wires come out from the side near the top of the 
pile. They are then connected to the data acquisition system when the pile is ready for driving. The 
data acquisition system consists of a converter amplifier, an oscilloscope and a plotter.  

The force sensors are durable and can withstand the impact force of most pile driving ham-
mers or drop weights in the case of drilled shafts. The force sensor is a mechano-electrical sensor con-
sisting of a piezo-film sandwiched between two plates for protection (Figures 130 and 131). When an 
impact force is applied to the sensor, an electrical signal is generated. The strength of this signal is 
proportional to the resistance offered by the pile. The electron flow from the sensor is converted to a 
voltage using a multi-channel converter. This signal is amplified, directed to an oscilloscope and plot-
ted. The force sensors are factory-calibrated prior to driving.  

Values of bearing capacity of production piles can be estimated using an ancillary component 
of the Smartpile testing equipment. Known as Smartpad, it consists of two layers of 19mm (0.75inch) 
thick plywood with a force sensor sandwiched between. The Smartpad is sized and shaped equal to 
the pile cross-section. When the pile is close to its final penetration depth, the Smartpad is placed on 
the pile head, connected to the data acquisition system and struck only for about four or five blows. 
Smartpad provides the pile capacity based on the information recorded at the pile head only. The 
bearing capacity of the pile toe is not recorded. Unlike the pre-placed force sensors in concrete pile 
elements, the pad must be removed and replaced when further driving is necessary to minimize deg-
radation of the plywood, which can lead ultimately to the damage of the sensors.  

To test steel pipe or H-piles, circular and rectangular metal plates, respectively, are welded to 
the top of the pile. Smartpad is then placed on the metal plate prior to testing. The metal plate can also 
be used when testing hollow precast concrete piles. Timber piles can be load tested by securing the 
Smartpad directly on the pile head. 

The Smartpile instrumentation can be transported in two carry-on cases, each measuring 
0.52m (20.5in) x 0.43m (16.8in) x 0.22m (8.5in) and each weighing approximately 18 kilograms (40 
pounds). One case holds approximately 90m (300ft) of cable, a reel and a collapsible stand. The sec-
ond case houses the data acquisition hardware and software.  

Using the very sensitive force sensor that is placed at the pile and that is linked electronically 
to a data acquisition system, force-time curves can be generated for each hammer blow. From the 
force-time curve, the ultimate bearing capacity of the pile can be determined directly as outlined in the 
following section. When similar sensors are placed at the pile toe (to measure the end bearing), the 
difference between the total and tip capacities is the side resistance. This method can also be used to 
provide an indication of the pile integrity during driving as well as to estimate the hammer transfer ef-
ficiency.  
 
2.8.3 Theoretical Background 
 

The Smartpile method is a high strain dynamic testing method, which consists of applying an 
impact to the pile’s head and measuring the response similar to PDA, TNO and Simbat. 

Typical force versus time plot obtained from Smartpile tests are illustrated in Figure 130. Ex-
actly based on these force-time plots, information on the pile bearing capacity, pile integrity and ham-
mer transfer efficiency can then be estimated. 
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Based on Ooi and Frederick (2003), at time corresponding to T1, the force is assumed to be 
large enough to overcome the sum of the side and tip resistances of the pile. The force corresponding 
to this time is called Fsd, after which the pile begins to depart from the soil, and therefore, Fsd is be-
lieved to correlate well with the ultimate pile bearing capacity. 

After the time T1, the pile begins to move relative to the soil. The penetration continues until 
the force in the pile falls below the resisting force offered by the soil, at which time, the soil re-
adheres to the pile and will move up with the pile during elastic rebound. When this occurs at time T3, 
the force in the pile head is denoted by Fds. Fds is the side friction between the soil and the pile plus 
the end bearing that is just large enough to prevent movement of the pile with respect to the soil. 

Between times T1 and T3, the force-time curve is generalized to either form a peak or a trough. 
A peak force will develop if the rate of flow of energy from the ram is faster than the pile can absorb. 
This is characteristic of a pile with relatively low impedance. A trough will occur if the pile head 
moves readily away from the ram. This corresponds to a pile having a value of impedance that is rela-
tively large. The time when the maximum peak force or minimum trough force (Fp) occurs is T2. The 
occurrence of a peak force between times T1 and T3 is shown in Figure 132. Fp marks the maximum 
force in the pile at which the force in the pile starts to decline thereby causing the pile shaft to elasti-
cally rebound. The pile rebounds due to elastic unloading of the pile and of the soil below the tip. 
Usually, the upper portion of the pile springs back elastically more than the lower part of the pile, 
which tends to resist the upward pile movement and which in turn causes the pile to reach a state of 
static equilibrium. In the case where the force-time curve forms a trough (Figure 132), the force at the 
pile head increases so much when the pile shaft springs back elastically that it causes an increase in 
the force at the pile head sensor. 

Time T4 indicates the end of the impact event. If recorded long enough, the force usually di-
minishes to zero. 

When placed at the pile toe, a force sensor can also yield the tip capacity. Thus, knowing the 
total pile capacity from the pile head sensors and the tip capacity, the side resistance can be deter-
mined. 

Excessive pile driving stresses can lead to pile damage. Using the measured forces in the pile, 
the driving stresses can be determined in the field. Therefore, the structural integrity of the pile can be 
easily maintained by limiting the driving stress to be below allowable values during driving.  

If pile damage is suspected during driving, the pile integrity can be determined by viewing the 
force-time curves on an oscilloscope, which forms part of the data acquisition system. Possible indica-
tions of pile damage include an abrupt change in the force-time curve for the pile head coupled with a 
diminution of the force-time curve for the pile toe. However, the latter can also occur when the pile tip 
penetrates from a firm stratum to a weaker stratum. Therefore, consideration of the force-time curves 
for both pile head and toe coupled with judgment based on observations during driving (e.g., sound of 
the hammer impacting the pile and blow counts) are necessary to assess pile integrity.  

The hammer transfer efficiency, η, is the percentage of the total hammer energy that is effec-
tive in causing the pile to move. It can be estimated as follows:  
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where Em is the component of dynamic energy within the force-time curve that causes the pile to 
move and Et is the total energy of the ram. For single acting and drop hammers, Et is equal to the 
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product of the weight of the ram and the stroke. Neglecting the effects of the energy due to pile iner-
tia, Em can be approximated as follows:  
 
 avem SFE =  (52) 
 
where S is the pile set and Fave is the average force between times T1 and T3. Fave is obtained by divid-
ing the integral of the force-time curve between times T1 and T3 by (T3 –T1). At or near refusal, the 
pile set and therefore, the hammer transfer efficiency approaches zero. As a result of the small set, the 
impact energy readily rebounds from the pile back into the ram. When the pile is far from refusal, 
consistently low values of hammer transfer efficiency could be an indication of the use of an inade-
quate hammer. 

Two Smartpile measurements in the field are shown in Figures 133 and 134.  The records in 
Figure 133 have both pile head and bottom measurements and the records in Figure 134 have the head 
measurement alone.  

The static bearing capacity can be obtained directly form the field measurement. For testing 
pile shown in Figure 133, the predicted total static bearing capacity is Fsd = 3,896kN (438tons) with 
the end bearing capacity Ft = 1,939kN (218tons) and side friction capacity Fs = 1,957kN (220tons). 
For the testing pile shown in Figure 134, the total predicted static bearing capacity is Fsd = 2,224kN 
(250tons) 
 
2.8.4 Case Histories 
 

Two cases presented by Ooi and Frederick (2003) and several testing results in Cambridge, 
MA reported by Haley & Aldrich (1995) are provided and discussed herein. 

The results of Smartpile tests conducted during the installation of two 305mm (12in) square 
pre-cast and pre-stressed concrete piles are compared to the results of static load tests on the same 
piles. These piles were constructed to support a bridge along Route 315 over Farmington River near 
Simbury, Connecticut. The design engineer for this project was Fay, Spofford and Thorndike and the 
piling contractor was Mohawk Northeast, Inc. 

The subsurface soils consist of a sand and silt layer that is at least 24.4m to 25.9m (80 to 85 
feet) thick. Based on blow counts of about 3 blows/25mm (blows/inch) during final driving, the two 
test piles did not appear to be end bearing in a very hard stratum. The piles were driven using an 
Uddcomb H6H external combustion hammer. 

For simplicity, the piles are denoted as test piles 1 and 2. Test pile 1 was 24.1m (79ft) long 
driven at Pier 2 on April 7, 1992. Based on the force-time plot from the pile head sensor (Figure 135), 
the ultimate bearing capacity was estimated to be about 868kN (98tons) using Smartpile. The tip ca-
pacity of the pile is fairly negligible (7.5kN or 0.84tons). This is consistent with the soil profile and 
with the low blow counts during driving. The results of a static load test performed on April 10 and 
11, 1992 (3 to 4 days after Smartpile testing) are presented in Figure 136. The ultimate pile capacity 
was estimated using the following methods: Davisson's (1972) limit load criterion, DeBeer's (1967) 
method, Chin's (1970 & 1971) method and Brinch- Hansen's (1963) 80% criterion. The results of 
these load test interpretation methods are summarized in Table 16. The ultimate capacity of test pile 1 
varies from a low of 543kN (61tons) using DeBeer's method to a high of 1,050kN (118tons) using 
Chin's method. The ultimate capacity of 868kN obtained via Smartpile interpretation seem to fall at 
the very high end of the static applied load and substantially higher than the capacity obtained via the 
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Davisson’s criterion of 560kN (63tons). The settlement required to mobilize the ultimate capacity in 
test pile 1 is about 12mm (0.46inches).  

Test pile 2, 28m (92ft) long, was driven at the east abutment of the aforementioned bridge on 
May 16, 1992. Based on the records shown in Figure 137, the ultimate bearing capacity of this pile 
was estimated to be about 1,080kN (121tons) using Smartpile. The tip capacity was not measured. A 
static load test was performed on May 27 and 28, 1992, 11 to 12 days after Smartpile testing. Based 
on the load-settlement curve shown in Figure 138, the static ultimate pile capacity was estimated us-
ing the same procedures as for test pile 1. A summary of the load test interpretation methods is also 
shown in Table 16. 

The ultimate capacity of test pile 2 varies from a low of 712kN (80tons) using DeBeer's 
method to a high of 1,210kN (136tons) using Chin's method. The ultimate capacity of 1,080 kN using 
Smartpile again coincides with the maximum statically possible applied load and substantially higher 
than that obtained by Davisson’s Criterion. The settlement required to mobilize the ultimate capacity 
in test pile 2 is about 15mm (0.6 inches). Compared to test pile 1, the higher capacity in test pile 2 is 
due to the increased pile length and therefore, larger side resistance.  

Based on the results of static load tests on two 305mm (12-inch) square precast, prestressed 
concrete piles, compared to the capacities derived using Smartpile, the latter are close to the upper 
bound of possible static loads. Values of pile capacity using Smartpile are higher than those predicted 
using Davisson's method by about 55% for test pile 1 and 26% for test pile 2. Values of pile capacity 
using Smartpile are very similar to those predicted using Brinch-Hansen's 80% criterion.  

Typical Smartpile records for a pile foundation project in Cambridge, MA are presented in 
Figure 139. Comparison between predictions by standard dynamic testing (PDA) using the Case 
method and the Smartpile predictions are summarized in Table 17 and presented in Figure 140. The 
results suggest the Smartpile predictions to be consistently higher (excluding one case) in comparison 
to the Case method predictions. 
 
2.8.5 Summary And Conclusions 
 

The Smartpile method is not a commonly used method and theoretical and experimental re-
search requires its in-depth examination. The results of static load tests on two friction piles were 
compared to the results of Smartpile testing. When compared to the commonly used Davisson's pile 
load test interpretation method, Smartpile was found to over-predict the pile capacity having very 
similar values to those obtained via the Brinch Hansen's 80% load test interpretation criterion. These 
limited observations may indicate on the inability of the interpretation method to account for the dy-
namic effects as well as load and resistance progression along the pile (in contrast to the rigid body 
assumption made). Lack of field testing makes it difficult to derive general conclusions. The follow-
ing conclusions are based, therefore, on the evaluation of the theoretical basis against the limited test-
ing results. 

Advantages of the Smartpile method are: 
1. Similarly to routine dynamic testing during driving, the test is non-destructive and the test 

piles can be used as production piles. 
2. The ultimate bearing capacity of the pile is obtained directly without use of any empiri-

cally derived calibration constants or factors and without the need to estimate the dynamic 
resistance of the pile. As a result, the pile bearing capacity can be obtained immediately in 
the field. No office analysis is required. 
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3. The tip capacity of the pile can also be directly measured. Thus, the side resistance can be 
calculated by subtracting the tip capacity from the total ultimate pile capacity. 

4. Correlation of the bearing capacity of production piles to those of the test piles can be 
achieved using ancillary equipment. 

5. The test equipment including data acquisition system, software and cables are portable. 
6. Information on pile integrity can be obtained during driving. 
7. The hammer transfer efficiency, which is a measure of the energy required to advance the 

pile in relation to the total energy delivered by the hammer, can be estimated. 
8. The test can be performed on both driven piles and bored piles (drilled shafts). To test 

drilled shafts, a drop hammer is required to provide the impact on the test shaft.  
Some of the disadvantages of this method (especially those that lie in it theoretical assump-

tions) are: 
1. The method assumes the pile to be a rigid body, which may be applicable in some theories 

(e.g. total work done by penetration). It seems however that the Smartpile method used 
this assumption to conclude that the soil resistance at the side and the tip of the pile is mo-
bilized at the same time or reaches its maximum value at the same time. This may be true 
only for very stiff piles primarily in soft soils. The real pile-soil interaction mechanism 
during penetration under dynamic forces is far more complex. 

2. The Smartpile method assumes no difference between the dynamic resistance and the 
static resistance of the soil when Fsd was thought as the ultimate bearing capacity. This 
again may not be reasonable in many cases in which either large soil displacements take 
place and/or the soil is highly viscous. 

3. The transducers installed in the pile cannot be retrieved after the test. This results in extra 
cost due to time (e.g. installation during casting of precast piles) and materials.  In addi-
tion when considering pile monitoring during constrauction there is a need to randomly 
select the tested pile. 

4. Professional experience with dynamic pile driving monitoring suggest that the force sig-
nals in many cases could not be so easily categorized into the two cases as assumed by the 
method. No substantiation to this assumption was provided by the method. 

5. Limited information on Smartpile system is available and more tests need to be per-
formed. 

 
2.9 THE SMARTCOIL SYSTEM 
 
2.9.1 Background and Use 

 
The Smart Coil System (SCS) is a proprietary load testing method being developed by Leo-

nard Frederick of Frederick Engineering Company of Whippany, New Jersey. The SCS consists of 
magnetic flux sensor, which is wrapped around the pile during driving, and an accompanying data ac-
quisition system. A typical SCS setup is shown in Figure 141. 

The SCS is based on the principle of magnetostriction. When a stress is applied to a magne-
tostricive material, such as steel, there is a corresponding change in the magnetization. This accompa-
nying change is known as the Valleri Effect. When a stresswave is induced into the pile during driv-
ing or restrike, a magnetic flux sensor coiled around the pile develops an electrical current. The de-
veloper of this method claims that this electric current is proportional to the resistance of the pile be-
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ing driven.  Since any magnetostricive material produces this current, this system can be used on any 
pile that contains steel, such as steel pipe piles and reinforced concrete piles. 
 
2.9.2 Advantages 
 

The main perceived advantage for the SPS is the convenience of use. The system can be 
placed around any pile containing steel that is driven or installed in such a way that produces stress 
within the pile (e.g. jacking). 

It is unknown at the present time whether the system is comparable in price to conventional 
static load tests. 
 
2.9.3 Limitations  
 

There are several disadvantages and/or limitations related with the SCS. The most severe of 
these limitations is that lack of a simplistic method of determining bearing capacity. According to the 
developer, the system is calibrated during the driving of one pile, after which it can be used for addi-
tional piles of the same type. However, it is unclear as to whether this calibration is based on corre-
sponding static load test results or other means. Additional limitations include: 

a. Pile Accessibility: A portion of the pile must be uncovered in order for the system to 
work, thereby preventing driving to ground level. 

b. The SCS does not work on non- magnetostricive material, such as timber piles. 
c. Sensitivity: It is uncertain if the system is sensitive to accompanying magnetic fields, such 

as those produced by power equipment and power lines. 
d. Lack of Relevant Literature: At the present time, the developer has not published details 

about the SCS in any geotechnical engineering publication. 
 
2.9.4 Need for Research 
 

The Smart Coil System is a unique and attractive load testing method for driven piles. The 
lack of relevant literature and accompanying peer review of the system, coupled with no known com-
parison of SPS test results to static load tests, illustrates the need for the system to be evaluated. The 
primary focus of the proposed research will be to critically review of the testing and analysis methods 
based on relevant theory and correlate these to future static load tests. 
 
 



CHAPTER 3 
 
FINDINGS – DATABASES AND INTERPRETATIONS 
 
3.1 OVERIEW 

 
The performance of an analysis and/or a testing method can be examined when compared 

to a reference (benchmark) measurement. The results of a static load test serve as such reference 
and hence are important when evaluating a method of analysis (Paikowsky 2002) or a testing 
method (see section 2.4). The key stages of using static load test results for the evaluation of 
other test results are: 

(a) Evaluation of the static testing methods and the establishment of a nominal strength. 
(b) Development of databases that compare the examined method and/or analyses to the 

established strength. 
The first part of this chapter (sections 3.2) is based primarily on relevant findings of Pai-

kowsky (2002). Other sections in this chapter are related to the databases developed specifically 
for the current study. The chapter focuses on the methods for which significant data were accu-
mulated and does not include limited databases that are used as part of the critical assessment 
(e.g., section 2.5 and Appendix A for the Osterberg Cell technology and section 2.6 for the Sim-
bat Method). The details of the relevant databases are provided in Appendix B. 
 
3.2 DEEP FOUNDATIONS NOMINAL STRENGTH 
 
3.2.1 Overview 

 
Probabilistic calibration of resistance factors for any predictive method utilizing a data-

base is possible when the nominal geotechnical pile strength (i.e. static pile capacity) is defined 
and compared to the outcome of the calibrated prediction method. The definition of ultimate 
static capacity given static load test results (load-displacement relations) is not unique, and the 
use of the term reference static capacity for calibration (may include judgment) is more appropri-
ate than nominal strength. The static load test results depend on the load testing procedures and 
the applied interpretation method, often being subjective. The following sections examine each 
of these factors and its influence on the reference static capacity, concluding with a recom-
mended unique procedure to be followed in the calibration. 
 
3.2.2 Databases 
 

Three major databases were developed by Paikowsky (2004) for the primary statistical 
evaluation of resistance factors for the design and construction of driven piles and drilled shafts. 
Six additional peripheral databases were assembled and/or used for the investigation of specific 
aspects as needed. The features of the major databases are described below.  Detailed cases are 
presented in Appendix B (dynamic) and Appendix C (static) of Paikowsky (2004). 

The drilled shaft database consists of 256 drilled shaft cases and was developed at the 
University of Florida mostly as an integration of databases gathered by the Florida Department 
of Transportation (FDOT), the Federal Highway Administration (FHWA) and by O’Neill et al. 
(1976). The driven pile static analysis database consists of 338 driven piles. The database was 
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developed at the University of Florida mostly as an integration of databases gathered by the Uni-
versity of Florida (UOF), FHWA, and the University of Massachusetts Lowell (UML) (see e.g. 
Paikowsky et al., 1994), and the Louisiana Transportation Research Center (LTRC). The driven 
pile dynamic analysis database PD/LT2000 contains information related to 210 driven piles that 
have been statically load tested to failure and dynamically monitored during driving and/or re-
strike (403 analyzed measurements). PD/LT 2000 is comprised of the integration of databases 
PD/LT (Paikowsky et al. 1994) and PD/LT2 (Paikowsky and Labelle, 1994) with expansion by 
an additional 57 pile cases as described by Paikowsky and Stenerson (2000). 
 
3.2.3 Failure Criterion for Statically Loaded Driven Piles 

 
Past work related to driven piles (Paikowsky et al. 1994) have resorted to a “representa-

tive” static pile capacity based on the assessment of five interpretation methods; Davisson’s Cri-
terion (Davisson, 1972), Shape of Curve (similar to the procedure proposed by Butler and Hoy, 
1977), Limiting Total Settlement to 25.4 mm and to 0.1B (Terzaghi, 1942), and the DeBeer log-
log method (DeBeer, 1970). A single representative capacity value was then calculated for the 
analyzed case as the average of the methods considered relevant (i.e. provided reasonable value). 
The evaluation of a new testing method or the development of LRFD calibration in a framework 
suitable for future modifications (Paikowsky 2004) requires that the evaluated resistances are 
based on an objective, reproducible procedure.  In order to do so, the static capacity of each pile 
in database PD/LT2000 was evaluated utilizing all five aforementioned criteria and a representa-
tive capacity was assigned for each pile. A statistical analysis was then carried out by determin-
ing the mean and standard deviations of the ratio of the representative pile capacity to the method 
being evaluated. Details of the analyses and their results are presented by Paikowsky and Stener-
son (2000). Figure 142 shows the histogram and calculated distributions (normal and lognormal) 
for Davisson’s failure criterion in which kSD is the ratio of the designated static capacity to that 
defined by Davisson’s failure criterion. Davisson’s criterion was found to perform the best over-
all and was therefore chosen as the single method to be used when analyzing load-displacement 
curves. The method provides an objective failure criterion and was also found to perform well 
for piles exceeding a diameter of 610mm (examined through 30 pile cases). The data presented 
in Figure 142 demonstrates, however, that: (i) though small, a bias exists in the static capacity 
used as a reference for the evaluation of predictive methods for capacity evaluation of driven 
piles, and (ii) this bias (and other considerations) needs to be accounted for when evaluating the 
interpretation results of a specific field static load tests.  

 
3.2.4 Load Test Procedure for Statically Loaded Driven Piles 

 
An additional factor to examine is the influence of the static load testing procedure (load-

ing rate within the ‘static’ range) on the designated pile capacity. This influence was examined in 
two ways. Two detailed case histories from a research site in Newburyport, Massachusetts, were 
evaluated. A pipe and pre-stressed concrete heavily instrumented friction piles were tested over a 
lengthy period of time at a bridge reconstruction site. Both piles were tested using three types of 
static load testing procedures: slow maintained (testing duration of about 45 hrs), short duration 
(testing duration of about 6-8 hrs), and static cyclic (testing duration of about 15 min.). Details 
about the piles and the testing are presented by Paikowsky and Hajduk (1999, 2000) and Pai-
kowsky et al. (1999), the load-settlement results for the concrete pile were presented in Figure 

85 



46. The interpretation of the load-displacement relationships in both cases suggested that the 
‘static’ test type had an insignificant influence on the pile capacity, (referring to a failure crite-
rion irrespective of the displacement). 

The effect of the test type was further investigated utilizing a database containing infor-
mation related to 75 piles tested under slow maintained and static-cyclic load testing procedures. 
In the static-cyclic procedure, the piles were loaded to failure using a high loading rate and then 
unloaded. The process was repeated for four cycles. The testing procedure and its interpretation 
method are presented by Paikowsky et al. (1999). A comparison between the pile capacity based 
on Davisson’s failure criterion for the slow maintained tests and the static-cyclic capacity is pre-
sented in Figure 143. The obtained relations and the associated statistical information suggest 
that there is no significant influence on the static pile capacity based on the applied static load 
rate. The static cyclic load test results were also compared to the representative static pile capac-
ity (based on the aforementioned five methods) resulting in a mean KSC of 1.023 and a standard 
deviation of 0.057. 

These evaluations led to the conclusions that Davisson’s pile failure criterion can be used 
as a method to determine the reference pile capacity for driven piles irrespective of the pile’s di-
ameter and the static load-testing procedure. 

 
3.2.5 Failure Criterion for Statically Loaded Drilled Shaft 

 
Static load tests of small to medium capacity drilled shafts (say up to 5 MN) are similar 

to that of driven piles. It is common, however, to design and build high capacity drilled shafts 
(10 MN and more) often as an alternative to a large group of small capacity driven piles (e.g. in 
the Northeast region of the USA). As part of the current project, the static load-test results of 
drilled shafts were gathered for the drop weight database. These tests were examined utilizing 
the failure criteria previously described for driven piles, and the FHWA criterion for drilled 
shafts (O’Neil and Reese, 1999). This criterion establishes the failure load as that associated with 
a displacement of five percent of the diameter at the shaft (0.05B), if plunging of the shaft cannot 
be achieved. The results of this study are presented in Table 18, suggesting that the use of the 
FHWA criterion provides a reliable and a simple failure interpretation for statically loaded 
drilled shafts.   

 
3.3 DROP WEIGHT DATABASES ANALYSIS 
 
3.3.1 General 
 

The DW/LT 2000 Database has been built up focusing on the research of cast-in-place 
pile testing using the drop weight system. A concentrated effort was made to obtain case histo-
ries where both, static load test and dynamic measurements of the drop weight system are avail-
able. Two hundred and fifty-four (254) cases were identified as potentially viable for the drop 
weight system analysis. The task of actually obtaining reliable static pile load-test results with 
dynamic measurements was found to be more difficult than first anticipated. While 167 cases 
were analyzed for dynamic measurement, only 39 cases of the statically loaded drilled shafts (the 
only type of in-place constructed deep foundation used) met the FHWA failure criterion.  The 
databases were separated and renamed therefore as DW2000 for all cases and DW/LT 2000 for 
the cases containing static and dynamic data, presented in Appendix B. The results of the data-
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bases analyses are presented and discussed in the following sections. These analyses allow us to 
examine the requirements of the drop weight driving system and carrying out a significant analy-
sis of the method’s accuracy. 
 
3.3.2 General Drop-Weight System Evaluation 
 
3.3.2.1 General Relationship 
 

The general DW 2000 Database was evaluated to examine levels of delivered energy vs. 
evaluated capacity. Figures 144 to 146 present the relationship between static capacities based on 
a signal match prediction (using CAPWAP) vs. the maximum measured transferred energy. Fig-
ure 144 shows all available cases (167), while Figure 145 presents the same data using the ratio 
of predicted capacity over the measured transferred energy vs. the transferred energy.  Figure 
145 also presents the zones, which limit data around the mean of the ratio between the calculated 
capacity and the transferred energy. These zoning allows to identify “outliers” and chose reason-
able data, excluding data points beyond one and a half standard deviation (1.5 S.D.) around the 
mean. Figure 146 examines the cases for which both extremes of high capacity with low energy 
or low capacity with high energy were omitted (9 cases only). Figure 147 presents the relation-
ship between the nominal energy (potential energy of the ram based on it’s mass and the drop 
height) and the transferred energy calculated by the dynamic measurements (integration of the 
velocity times the force with time). The mean of the data (38.8%) reasonably agrees with the 
slope of the best-fit line through the data. 

 
3.3.2.2 Drop Weight System Requirements 
 

The observed relationship in Figure 147 together with the average transferred energy ef-
ficiency of 154 cases, (η=39%) were translated to the dimensions of drop weight system vs. ca-
pacity combination (with η=40% for simplicity). These initial recommended relationships are 
tabulated in Table 19 and were used as a preliminary recommendation to guide the study. 
 
3.3.3 Drilled Shafts Static Capacity 
 
3.3.3.1 Database DW/LT 2000 
 

Two tables in Appendix B summarize all the cases for which details of static load test re-
sults (load-displacement relations) could be obtained along with dynamic measurements and sig-
nal matching capacity predictions. The first table (p.1-p.8) provides details regarding the shaft’s 
geometry and construction as well as the static capacity, and the second table (p.9-p.14) provides 
details regarding the dynamic measurements and the prediction ratio. A total of 68 cases were 
gathered out of which 44 cases were for drilled shafts in which the load test was carried out to 
failure and 24 cases are for shafts for which failure was not obtained. As not all 44 shafts satisfy 
all failure criteria, or they are irregular (e.g. CFA shaft) some are excluded from the various 
analyses. It should be noted that at times even if clear failure was not obtained, the test was car-
ried out to satisfy one of the failure criteria. The number of cases therefore does not match be-
tween one interpretation analysis to the other. 
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3.3.3.2 Static Capacity 
 
The shafts for which the load-test was not carried out to failure were analyzed for load-

test extrapolation based on the procedure proposed by Paikowsky and Tolosko (1999). All cases 
were analyzed using Davisson’s failure Criterion (Davisson, 1972), DeBeer’s Criterion (DeBeer, 
1970), shape of curve similar to the method proposed by Butler and Hoy (1977) and the FHWA 
drilled shafts capacity criterion (absolute displacement equal to 5% of the shaft’s diameter). De-
tails of the methods are provided by Paikowsky et al. (1994) and Paikowsky and Tolosho (1999). 
A representative capacity value is achieved by averaging the “acceptable” capacities of the dif-
ferent methods. 
 
3.3.4 Static Shaft Capacity vs. Drop Weight Dynamic Predictions 
 

A set of 12 graphs were prepared examining the relationships between the predicted ca-
pacity based on dynamic measurements and signal matching analysis (CAPWAP) vs. static ca-
pacity. The different relationships are based on four different capacity evaluation methods (rep-
resentative, Davisson, FHWA, and DeBeer) and three states of data (all data, only shafts loaded 
to failure, and only non-failure static load tests with extrapolated load displacement relations). 
The graphs are presented in Figures 148-159. A summary of the obtained results including the 
number of the related figure is provided in Table 20. 

The presented data and the statistical analysis suggest the following: 
a. The dynamic prediction for the cases in which the drilled shafts were loaded statically 

to failure are very accurate with overall prediction ratio varying between 0.85 to 1.05 
and standard deviations between 0.12 to 0.19 with very small over prediction, (on the 
unsafe side). These cases are limited to a maximum shaft capacity of 17MN. 

b. The predictions are particularly impressive when referring to the ‘adopted’ static fail-
ure criterion, i.e. the FHWA method (0.05B) for which the bias for the 39 analyzed 
cases is 1.05 and the standard deviation is 0.12, hence having a COV of 0.114. 

c. The cases for which extrapolation was required, result in substantially overall less ac-
curate prediction and a high scatter. These included however five drilled shaft cases 
in the capacity range of 20 to 33MN and most likely dynamic loading could not mo-
bilize the shaft’s capacity. 

d. The obtained results are promising regarding the accuracy of the method and need to 
be further evaluated in relation to the accuracy of the dynamic predictions as obtained 
for driven piles and static analysis predictions for drilled shafts. 

 
3.3.5 Evaluation of Results 
 
3.3.5.1 Overview 
 

The obtained results are backed by a good size database, and hence, affirms the perform-
ance of the drop weight system. As the method of data acquisition and analysis is similar to that 
used for dynamic testing of driven piles, an assessment of the results is achieved via comparison 
to statistical analyses for driven piles. A perspective is also gained by examining the accuracy of 
static analysis methods commonly used in the design of drilled shafts. 
 

88 



3.3.5.2 Static Capacity vs. Dynamic Predictions for Driven Piles 
 

Time of driving, driving resistance, and area ratio proved to be controlling parameters for 
the dynamic method’s performance for driven piles (Paikowsky, 2004, Paikowsky and Stenersen, 
2000). Table 21 present the data relevant to the drilled shafts dynamic analyses. By and large, the 
dynamic impact of drilled shafts is not associated with large soil displacements and often is ac-
companied by what could be termed for driven piles as ‘refusal’ --high driving resistance. The 
relevant cases are therefore the signal matching (CAPWAP) analyses of driven piles during re-
strike (marked by BOR in Table 21). For these cases, very little effect was found to the driving 
resistance (blow count) and overall the signal matching technique of the dynamic measurements 
was proven as a very accurate method. The results presented in Table 20 for the tests to failure 
should therefore be compared to the results presented in Table 21 for the BOR cases. As Table 
21 refers to static analysis that was defined by Davisson’s failure criterion, a direct comparison 
can be done with the relevant analysis in Table 20. Overall, a fairly reasonable accuracy was ob-
tained in both databases, COV= 0.224 for the drilled shafts and COV = 0.339 for the driven 
piles. While the bias of the driven piles suggests a small under prediction (1.158) the bias of the 
drilled shafts suggest an over prediction (0.85). 
 
3.3.5.3 Static Capacity vs. Static Analysis Predictions for Drilled Shafts 
 

Paikowsky (2004) examined the performance of the drilled shaft’s static analysis meth-
ods depending on the soil type, design method, and construction method. The static analysis 
methods predicted the drilled shafts capacities in ratios varying between 0.83 to 2.27 (measured 
over predicted) with coefficients of variation varying between 0.25 to 0.74. Table 22 presents a 
statistical summary of the FHWA drilled shaft design method (Reese and O’Neill, 1988) when 
applied to drilled shafts in sand, clay, mixed soil and rock (IGM method see O’Neill et al., 1996, 
O’Neill and Reese, 1999) for varied construction methods. 

The overall results suggest that the static analyses are by and large over predictive (on the 
unsafe side) except when the drilled shafts are constructed in clay, and overall the uncertainty of 
the prediction is high compared to the drop weight testing performance. 
 
3.3.5.4 Intermediate Conclusions 
 

A very high accuracy in prediction was obtained using the drop weight system for drilled 
shafts. The data related to the driven piles affirms the statistical analysis that was obtained for the 
drilled shafts when related to cases of restriked piles and relatively small displacements. While it 
is expected that the drop weight tests under the examined conditions would result with predic-
tions more accurate than static analyses, the accuracy presented in the results of Table 20 remain 
surprisingly good. One possibility is the lack of knowledge regarding ‘class A’ predictions for 
which the dynamic analyses were carried out without the knowledge of the static load-test re-
sults. The conclusion regarding the effectiveness and high accuracy of the method remains over-
all with the emphasized need for additional data of high quality testing. 
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3.3.6 Ram Requirements 
 
The previously developed guidelines (section 3.3.2.2) can now be evaluated based on ac-

tual performance. Figure 160 presents the relationship between the accuracy of the prediction 
(ratio of static capacity over dynamic) versus ram weight over the static capacity (Figure 160a 
utilizing the representative capacity and 160b utilizing the FHWA failure criterion) for all cases. 
The overall trend of the data suggests that when the ram’s weight is below 1% of the capacity, 
there is mostly under prediction, as apparently the capacity could not have been mobilized. In an 
attempt to further shed light on the observed behavior, the pile cases were categorized according 
to end bearing piles and friction piles both for cases in which the load test was carried out to fail-
ure and extrapolated cases. This categorization was based on two examinations (i) shape of curve 
(general failure was assumed to be related to friction piles) and (ii) soil type at the tip (see Ap-
pendix B for details). Examination of the data in Figure 160 (a and b) based on this categoriza-
tion suggests the following conclusions: 

a. End bearing shafts most likely require larger ram to capacity ratio for possible mobi-
lization of the capacity. A ratio of over 1.5% seems as appropriate.  

b. The capacity of shafts utilizing mostly friction resistance can be mobilized with ram 
weight of over 1% of the expected capacity. 

c. It is reasonable to assume that the extrapolated cases were such that both static and 
dynamic testing did not succeed to mobilize the capacity. 

d. More data are required to confirm the above conclusions. 
Further examination of the ram and capacity relations is carried out in the data analysis presented 
in Figures 161 and 162. Figure 161 was developed using the data for static load test capacity 
based on FHWA criterion for all cases (failure and extrapolation) providing the relationship be-
tween the shaft capacity and the weight of the ram used in the test. The obtained relationship 
(though a trendline of limited correlation as indicated by the coefficient of variation) is used to 
develop Figure 162. The relationships of both curves support those presented in Figure 160. It 
also suggests that smaller rams can mobilize relatively smaller capacities and the use of a ram 
weight as 1% of the expected capacity requires a ram heavier than a certain minimum. Addi-
tional two lower and upper data encompassing trendlines were added to Figures 161 and 162. 
These lines suggest that no ram weight less than 0.5% of the measured capacity should be used 
and a ram weight of 2.5% of the capacity should not encounter any difficulty in the mobilization 
of the capacity under any given conditions (excluding the structural limits of the piles). The rela-
tions in Figures 161 and 162 are supplemental only and are limited to the available data at the 
present time. 
 
3.4 STATNAMIC DATABASE ANALYSIS 
 
3.4.1 Overview 

 
A comprehensive database was assembled from 34 deep foundations load test sites where 

both Static (SLT) and Statnamic (STN) testing were conducted. Table 23 provides a summary 
for the statnamic database. The deep foundations studied include cast-in-place and driven con-
crete piles, as well as driven steel pipe and H-piles.  Six of these comparisons were in Japan, two 
in Taiwan, while the remainder were installed and tested in the United States. The main bearing 
soil strata of each pile was determined from boring logs and divided broadly into four subgroups: 
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rock, sand, silt, and clay. As the Statnamic testing induces loading rate effects, the effects were 
considered based on soil types. A rate effect factor (η) was introduced to unify the reliability and 
statistical probability of failure as outlined by FHWA (1998) for Load and Resistance Factor De-
sign.  
 
3.4.2 Background 

 
Since its inception in the late 1980s, Statnamic (STN) testing has been studied and evalu-

ated to provide Static Load Derived (SLD) capacity. The Unloading Point Method (UPM) is the 
most widely used and accepted means of regressing Statnamic data (see section 2.3.5.3). The 
UPM subtracts two components from the original STN load-displacement curve to produce the 
SLD curve. These two components are an inertial effect, due to the acceleration of the founda-
tion, and a viscous damping effect due to the velocity of the foundation. Both of these compo-
nents affect the true Static capacity of the foundation, and therefore must be determined during 
STN data regression. The UPM is subdivided into three analysis categories: (1) Basic UPM us-
ing only top of pile measurements, (2) Modified Unloading Point (MUP) which uses the basic 
UPM measurements as well as toe acceleration measurements, and (3) Segmental Unloading 
Point (SUP) which uses top and toe measurements (as in MUP analyses) as well as strain meas-
urements along the length of the foundation. The appropriateness of each analysis method is 
largely dependent of the foundation length and material. As such, when meeting the require-
ments of these methods, the analysis of the foundation is reliable. 

Numerous researchers and industry leaders have previously conducted studies involving 
the comparison of SLT and STN testing on the same or nearby foundations to physically com-
pare test results. A comprehensive review of all available literature on these studies and their 
data had yet to be done to investigate a universal effectiveness of the SLD-predicted capacity as 
compared to an SLT capacity. However, with the continued use of STN testing worldwide and 
the growing number of data sets becoming available, this study is immensely important in its 
goal of developing a unified STN analysis method for foundations in each soil subgroup. 

 
3.4.3 Sources of Data  

 
To gather appropriate information for a diversified database, several sources were utilized 

consisting of testing consultants, published literature, university researchers, Federal organiza-
tions, and equipment manufactures. Applied Foundation Testing, Inc. contributed data from 
many projects involving various types of piles and soils tested commercially in the United States.  
The soil data for the test piles from Japan were extracted from earlier publications showing com-
parisons between regressed STN data and SLT data (Inamura, et al., 1995; Sakimoto, et al., 
1995; Nagaoka, et al., 1995; Matsumoto, et al., 1995). Electronic raw data sets were also made 
available by the respective authors. Auburn University contributed the raw data collected during 
a testing program which included STN and SLT testing of drilled shafts in silt at the NGES in 
Opelika, Alabama. The Federal Highway Administration (FHWA) contributed data from tests of 
H-piles in their test pit.  Berminghammer, Inc. of Hamilton, Ontaria also contributed data from 
two test piles that had been tested in Taiwan. A unique name was generated for each test pile and 
data set in the database which contained the pile type, bearing strata soil type, whether both test 
were conducted on the same pile or adjacent piles, the order of testing, the comparison method 
used, the SLT method, and identification information. For simplicity, a coding scheme was de-
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veloped for each parameter of the unique name that would enable further analysis and sorting 
capabilities as more data became available. Figure 163 illustrates the definition of the codes used 
to sort the load test information. Table 23 is a summary of the analyzed test programs. 

 
3.4.4 Analysis Procedure 

 
The raw STN data for each pile was analyzed using SAW R4, a macro-driven spread-

sheet developed by the University of South Florida (USF) for STN data regression using the 
UPM, MUP, or SUP.  SLD curves were generated from SAW R4 and transferred to a separate 
workbook developed for this study to compare the SLD and SLT curves of each pile side by side. 
These workbooks were used to develop a database that could be further analyzed to determine 
the load rate effects on each pile systematically. Data was collected from the researchers pertain-
ing to the geotechnical site conditions in the form of SPT and CPT evaluations. Based on these 
site evaluations each comparison data set was subdivided into a soil subgroup dependent on the 
soil type of the bearing layer. The four subgroups were: sand, silt, clay and rock. The geotechni-
cal differences amongst these soil types warranted investigation of each individually, rather than 
as a whole. Thereby the effects of differing soil types on the SLD curves could be analyzed ac-
cordingly.  

Four methods were employed to determine the appropriate capacities for comparison 
purposes from the unadjusted SLD and SLT curves. These included the Davisson, Projected 
Davisson, Smallest Displacement, and Projected Envelope. All of the piles used for this study 
were evaluated using either the Smallest Displacement or the Projected Envelope method. The 
Smallest Displacement method determined the lesser maximum displacement of either the SLD 
or SLT curve at which displacement the load of the both tests could be compared. Capacities of 
each curve at this displacement were then recorded in the database. The Projected Envelope 
method was used to determine the capacity of a pile after the soil had been yielded during a pre-
vious test and a load-displacement curve had been fully developed. This involved the calculation 
of a failure envelope and its equation was used to predict a capacity to which the other test could 
be compared at a maximum displacement. The Davisson and Projected Davisson comparison 
methods utilize the Davisson failure capacities as prescribed by the FHWA, and remain as op-
tions as the database is expanded in the future.    

The database was developed to automatically link and update the curves in each soil sub-
group through a master workbook. The bias factor (λ) of each pile could be calculated upon the 
selection of a soil specific η. The bias factor is a measure of the precision with which the SLD 
capacity predicts the SLT capacity, and is calculated by equation 53: 
 

 
λ

η
=

SLT
SLD  (53) 

 
From this equation it can be seen that a λ value less than 1.0 would signify an over pre-

diction by the SLD capacity, and a value of λgreater than 1.0 would signify an under prediction 
by the SLD capacity.  Soil specific η values were determined that unified the average λ value for 
all soil types. Therein, a different η value was determined for each of the four soil types. The av-
erage and standard deviation of each soil subgroup λ value was used to determine a resistance 
factor for STN testing. Though presented in some of the tables, the calculated resistance factor 
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using FORM (First Order Second Moment) are beyond the scope of the present study.   
 

3.4.5 Results 
 

3.4.5.1 General 
 
Examination of the SLD curves before and after application of the η soil can be compared 

to show the effectiveness of this analysis method. The results of this study are presented in the 
following sections.  Each section represents those piles founded in one of the four soil subgroups 
and includes a brief summary of the test site and parameters. Each set of graphs depicts an unad-
justed data set (Pre) and ηsoil adjusted data set (Post). The final section includes a summary of the 
results of each soil subgroup and defines the appropriate η values, which were determined from 
the analyses presented herein. 

 
3.4.5.2 Rock 

 
The first set of graphs show the data collected from piles installed and tested in Taiwan in 

1999. These piles were founded in a weathered shale rock. The first set of load-displacement 
curves represent tests conducted on TFC 241, the second set on TFC 532. A SLT followed by a 
STN were conducted on TFC 241, whereas a STN followed by a SLT was performed on TFC 
532. Both piles were 1.5 m diameter, approximately 75 m long drilled shafts. Figure 164 shows 
the load-displacement curves of TFC 241. These curves, based on the raw test data, already ex-
hibit relatively similar load-displacement responses.  

Figure 165 shows the same SLT curve, although an ηrock of 0.96 has been applied to the 
SLD loads to produce a slightly different SLD curve. The new SLD capacity used for compari-
son to the SLT capacity is taken at a displacement of -0.0172m.  The SLD and SLT capacity at 
this displacement is -23387kN and -23544kN, respectively. Using equation 53, the bias factor (λ) 
for this particular comparison is 1.01, which indicates a slight under prediction of the SLT capac-
ity by the SLD capacity with the ηrock applied. This is an example of the Smallest Displacement 
method used for this as well as other specimen piles. 

Figure 166 shows the load-displacement response of the raw data collected from pile 
TFC 532, while Figure 167 shows the load-displacement response after applying ηrock. This pile 
was analyzed using the Smallest Displacement Method at a displacement of -0.0157m. The SLT 
and SLD capacities recorded at this displacement were 25,084kN and  24,548kN, respectively. 
Therefore λ for this pile was equivalent to 1.02. Although introduction of the η value makes the 
result conservative, the η value was determined based on the overall average performance of this 
test method in rock and was therefore applied to all such tests. 

The second site at which piles were founded into rock was located in Florida, where the 
bearing layer consisted of both weak (N=23) and hard (N>50) weathered limestone. Both sets of 
data represent tests conducted on similar piles within close proximity to each other. The static 
load test configuration utilized an anchored reaction beam and conformed to the Quick Method. 
Figures 168 and 169 represent a comparison between two 1.0m diameter, 7.8m long drilled 
shafts. These shafts were compared using the Smallest Displacement Method at a displacement 
of -0.026m. The SLT and SLD capacities recorded at this displacement were 6,957kN and 
6,587kN, respectively. Figures 170 and 171 show a comparison between two 1.0m diameter, 
13.70m long drilled shafts. These shafts were also compared using the Smallest Displacement 
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Method at a value of -0.022m. The SLT and SLD capacities recorded at this displacement were 
4,733kN and 5,164kN, respectively. The application of ηrock to both sets of data yielded λ values 
of 1.06 and 0.92.  

The next site consisted of data recorded from a static and statnamic load test on the same 
pile that had been installed for a light rail system at JFK Airport in Queens, New York. The pile 
tested, known as Tapertube Pile, was a non-uniform polygon (12 sided) steel pile with 457mm 
(18in) top diameter and 203mm (8in) bottom diameter. The pile was 16m long and filled with 
concrete after driving. Kentledge (dead weight) static tests were performed with 1-hour holds for 
incremental loading and a 24-hour hold at maximum load. The static and statnamic data sets 
were compared using the Smallest Displacement Method at a value of -0.011m. The SLT and 
SLD capacities recorded were 3,509kN and 3,289kN, respectively, yielding a λ value of 1.07 
(see Figures 172, 173). 

Figures 174 and 175 show the results from a 0.8m diameter, 11m long steel pipe pile. 
This pile was installed at a test site in Noto Peninsula, Japan. The pile was driven through a soft 
rock known as Wakura Diatomaceous Mudstone (N=15). Statnamic testing was carried out 14 
months after a cyclic static load test was conducted. This data set was evaluated the Projected 
Envelope Method.  The SLT curve demonstrated a shear failure load of 4,440kN. After applica-
tion of the ηrock the SLD capacity was 4,987kN. A λ value of 0.89 was determined for this pile. 

The St. George Island Bridge site consisted of 6 concrete cylinder test piles, of which LT-
1 was driven into a rock bearing layer. This pile was tested both statically and statnamically. A 
static load test was performed first followed by three cycles of Statnamic testing. The three cy-
cles of Statnamic testing were conducted seven days after the static load test. The 8 to 12 hour 
static load tests utilized a kentledge system rather than an anchored reaction system. LT-1 had an 
outer diameter of 1.37m, a wall thickness of 0.20m, and a length of 24.4m. Assessment of the 
data recorded for this pile concluded that the SLT and SLD capacities were 9,608kN and 
9,316kN, respectively (see Figures 176, 177). The λ value for this analysis was equal to 1.03. 

The average λ of the seven piles founded in rock used in this study was equal to 0.999, 
with a standard deviation of 0.068 after an ηrock value of 0.96 had been applied to the SLD loads. 

 
3.4.5.3 Sand 

 
The first three data sets founded in sand were collected from piles installed at the Bayou 

Chico Bridge site located in Pensacola, Florida. These piles were driven and tested in 1997. Fig-
ures 178 and 179 show the load-displacement curves generated from a cyclic static load test and 
a subsequent statnamic load test two months later of the same pile at Pier 15. This was a 610mm 
(24 in) square prestressed concrete pile, with a length of 10.5m. This pile was compared using 
the Projected Envelope method. The load-displacement curves generated from the 3 cycles of 
static load testing exhibit a failure envelope that has been plotted as the dotted line with constant 
slope. The slope of this line was determined from the maximum loads of each static load cycle 
and the corresponding displacements. Based on this analysis, the SLT and SLD capacities were 
5,612kN and 5,387kN, respectively. After application of the ηsand the resulting λ value for this 
pile was 1.04. 

Figures 180 and 181 show the load-displacement curves generated from a cyclic static 
load test and a subsequent statnamic load test two months later of the same pile at Pier 10. This 
was a 610mm (24in) square prestressed concrete pile, with a length of 13.4m. The data was 
evaluated using the Smallest Displacement method at a displacement of -0.013m. Based on this 
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analysis, the SLT and SLD capacities were 3,382kN and 3,175kN, respectively. After application 
of the ηsand the resulting λ value for this pile was 1.07. 

Figures 182 and 183 show the load-displacement curves generated from a cyclic static 
load test and a subsequent statnamic load test two months later of the same pile at Pier 5.  This 
was a 24" square prestressed concrete pile, with a length of 13.4m. The data was evaluated using 
the Projected Envelope  method. Based on this analysis, the SLT and SLD capacities were 4,309 
kN and 4,740kN, respectively. After application of the ηsand the resulting λ value for this pile 
was 0.91. 

The next data set was collected from the Ohito Bridge site in Shizouka, Japan. A 1.5m 
diameter, 11m long Cast-In-Place Concrete Pile (drilled shaft) embedded 10.5m mainly in sandy 
gravel with boulders and an intermediate layer of low blow count (N = 3 to 5 blows) silt and silty 
sand. The bearing layer was dense sandy gravel with boulders having blow counts in excess of 
50 blow counts. The static load test was performed four weeks after pile installation.  The SLT 
consisted of five loading cycles to a maximum load of 24MN.  The statnamic testing commenced 
ten days after the full release of the SLT load. A target Statnamic load of 12MN was desired for 
the test. Figures 184 and 185 show the load-displacement curves of the two tests prior to and af-
ter application of ηsand. The SLT capacity was recorded as 10,747kN, and the SLD capacity was 
10,523kN. The SLD capacity was based on the Smallest Displacement method at a value of -
0.096m. The λ value was equal to 1.02, which was a slight under prediction of the SLT capacity 
by the adjusted ηsand SLD capacity.   

Figures 186 and 187 are load-displacement curves generated from testing of foundations 
for the Brooklyn Queens Expressway in Queens, New York. Two separate but similar shafts 
within close proximity to each other were independently tested and compared. The shafts had an 
outer diameter of 1.52m, and a length of 18.29m.  The SLT capacity was recorded as 7,606kN, 
and the SLD capacity was 8,019kN.  The SLD capacity was based on the Smallest Displacement 
method at a value of -0.008m. The λ value was equal to 0.95, which was a minimal over predic-
tion of the SLT capacity by the adjusted ηsand SLD capacity. 

The St. George Island Bridge site consisted of 6 concrete cylinder test piles, of which LT-
5 was driven into a sand bearing layer. This pile was tested both statically and statnamically. A 
static load test was performed first followed by Statnamic testing. The Statnamic testing was 
conducted three days after the static load test. The 8 to 12 hour static load tests utilized a 
kentledge system rather than an anchored reaction system. LT-5 had an outer diameter of 1.37m, 
a wall thickness of 0.20m, and a length of 24.3m. A Projected Envelope analysis of data recorded 
for this pile concluded that the SLT and SLD capacities were 12,575kN and 10,683kN, respec-
tively (see Figures 188, 189). The λ value for this analysis was equal to 1.18. 

The Shonan Test Site in Ciba Prefecture, Japan consisted of six test piles (5 concrete and 
1 steel). All were statnamically loaded but only four of the six were tested with both static and 
statnamic devices (Piles T1, T2, T5, and T6). Pile T6 was a driven steel pipe pile 13 m long, 400 
mm outer diameter, and a 9 mm wall thickness. The pile was subjected to three Statnamic tests 
four weeks after installation, with the second and third tests being conducted two weeks after the 
initial Statnamic test. Figures 190 and 191 show the load-displacement response of these tests 
before and after application of ηsand. The SLT was performed two weeks thereafter. The Smallest 
Displacement method was used to analyze the data and determine SLT and SLD capacities of 
1,028kN and 1,056kN, respectively. These capacities yielded a λ of 0.97.   

Pile T5 was a PHC Pile that had been placed into a 5m deep bored hole and then driven an 
additional 2m. The bearing layer was composed of sand. This pile was 7 m long, had an outer di-
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ameter of 400 mm and a wall thickness of 60mm. The report did not mention whether this pile 
was grouted as was piles T1 and T2. Pile T5 was subjected to three SLT cycles prior to a single 
Statnamic cycle. Figures 192 and 193 show the load-displacement response of these tests before 
and after application of ηsand. The SLT was performed two weeks thereafter. The Projected Enve-
lope method was used to analyze the data and determine SLT and SLD capacities of 476kN and 
509kN, respectively. These capacities yielded a λ of 0.94.    

Piles T1 and T2 were PHC piles, 7m long, 400mm outer diameter, with a wall thickness 
of 60mm bored into a soil consisting of humus, loam, and clay for the first 6.5m and into a fine 
sand strata the remaining 0.5m. While extracting the auger the lower portion of the hole was in-
jected with a lower water/cement ratio and higher compressive strength grout (35MPa), while the 
rest of the hole was injected with a higher water/cement ratio and lower compressive strength 
(20MPa) cement grout. Once fully grouted, the precast pile was placed into the freshly grouted 
excavation. Pile T2 was Statnamically tested followed by three cycles of SLT. Pile T1 was sub-
jected to two cycles of SLT, followed by two Statnamic tests 2 to 3 days after the SLTs.   

Figures 194 and 195 show the load-displacement response Pile T2 before and after appli-
cation of ηsand. The SLT was performed two weeks thereafter. The Smallest Displacement 
method was used to analyze the data and determine SLT and SLD capacities of 415kN and 
451kN, respectively. These capacities yielded a λ of 0.92. 

Figures 196 and 197 show the load-displacement response of Pile T1 before and after ap-
plication of ηsand. The SLT was performed two weeks thereafter. The Smallest Displacement 
method was used to analyze the data and determine SLT and SLD capacities of 478kN and 
505kN, respectively. These capacities yielded a λ of 0.95.     

Ten piles that had been founded in sand were included in this study. The analysis of these 
piles provided an average λ of 0.994, with a standard deviation of 0.083 after the REF of 0.91 
had been applied to each SLD data set. 

 
3.4.5.4 Silt 

 
The third soil subgroup included those piles bearing in silts. Figure 198 shows the load-

displacement curves generated from a standard static load test and a subsequent statnamic load 
test two weeks later of the same pile. This pile was one of many installed in Opelika, Alabama 
by Auburn University during a testing series conducted in 1997. This pile was a 0.92m diameter, 
11.54m long drilled shaft.  Again, this pile was compared using the Projected Envelope method. 
Figure 36 shows the load-displacement curves from both tests prior to application of any REF. 
The load-displacement curve generated from the Static load testing exhibits a shear failure enve-
lope that has been plotted as the dotted line with a vertical slope. By examination the SLD capac-
ity over predicts the capacity that could be expected with regards to the shear failure envelope of 
the static load test. Figure 199 shows the same load-displacement curves, although the loads used 
for plotting of the SLD curve have been adjusted by the REF determined for silt as 0.69. By ex-
amination the SLD curve now slightly under predicts the pile’s capacity at the maximum dis-
placement achieved during the statnamic testing. The bias factor for the REF applied data was 
equal to 1.01, which confirms the slight under prediction of the static capacity by the SLD curve. 
The SLT and SLD loads used for this comparison are -2302kN and -2275kN, respectively. 

Figures 200 thru 211 consist of results from identical piles as Aub 1 included in the Au-
burn testing series. These piles were founded in similar soil conditions as the previous set.  The 
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SLD and SLT loads used for comparison of pile Aub 10 were 2069kN and 1647kN, respectively, 
yielding a λ of 0.80. The SLD and SLT loads used for comparison of pile Aub 8 were 1894 kN 
and 1672kN, respectively, yielding a λ of 0.88. The SLD and SLT loads used for comparison of 
pile Aub 7 were 2549kN and 2429kN, respectively, yielding a λ of 0.95. The SLD and SLT 
loads used for comparison of pile Aub 5 were 2496kN and 2703kN, respectively, yielding a λ of 
1.08. The SLD and SLT loads used for comparison of pile Aub 3 were 1248kN and 1194kN, re-
spectively, yielding a λ of 0.96. The SLD and SLT loads used for comparison of pile Aub 2 were 
2304kN and 2397kN, respectively, yielding a λ of 1.04. 

The remaining set of piles included in the Silt subgroup were installed and tested as part 
of a construction project for the Newark International Airport. These piles were closed end steel 
piles having a outer diameter of 0.32m, a wall thickness of 0.02 m and a length of 27.52m. After 
these piles were driven the inner cavity was filled with concrete. Each set of piles compared were 
separate piles installed within close proximity of the other. In all 5 piles were tested using SLT 
and 5 identical piles in similar soil conditions were tested using STN. The first set of piles were 
NIA TP 1&2a and were compared using the Smallest Displacement method and yielded capaci-
ties of 1511 kN and 1287kN for the SLT and SLD, respectively. The second set of piles (NIA TP 
1&2b) was also evaluated using the Smallest Displacement method, which resulted in capacities 
of 2669kN and 2496kN for the SLT and SLD, respectively. The Smallest Displacement method 
was again used to analyze the third set of piles, being NIA TP 1&3a.   This analysis resulted in a 
SLT capacity of 1576kN and a SLD capacity of 1397kN. The next set of piles (NIA TP 1&3b) 
were evaluated using the Projected Envelope method with which a SLT capacity of 2238kN and 
a SLD capacity of 2018kN. The next set of piles (NIA TP 9&10a) was again compared using the 
Smallest Displacement method, which yielded a SLT capacity of 2425kN and a SLD capacity of 
2058kN. The sixth and final set included from this construction site were designated NIA TP 
9&10b. The results of evaluating these piles using the Smallest Displacement method were a 
SLT capacity of 3371kN and an SLD capacity of 2947kN. The λ values for these six sets of piles 
range from 1.07 to 1.18. The following Figures 212 thru 223 show the SLT and SLD results both 
prior to and after the application of the Silt REF for the previously mentioned six pile sets. 

Eleven piles that had been founded in silt were included in this study. The analysis of 
these piles provided an average λ of 1.041, with a standard deviation of 0.116 after the REF of 
0.69 had been applied to each SLD data set. 
 
3.4.5.5 Clay 
 

Finally the last soil subgroup in which the piles were founded was clay. Figure 224 shows 
the load-displacement curves generated from a standard static load test and a subsequent stat-
namic load test on two sets of nearby piles. These piles were installed in Newark, New Jersey. 
These piles were closed end steel pipe piles with an outer diameter of 0.32m, an inner diameter 
of 0.30m, and a length of 27.52m. Again, these piles were compared using the Smallest Dis-
placement method.  Figure 224 shows the load-displacement curves from both tests prior to ap-
plication of any REF. The load-displacement curve generated from the statnamic testing exhibits 
a marked difference from that generated by the static testing of the nearby pile. By examination 
the SLD capacity over predicts the capacity that could be expected with regards to the maximum 
displacement achieved during the statnamic testing. Figure 225 shows the same load-
displacement curves although the loads used for plotting of the SLD curve have been adjusted by 
the REF determined for clay as 0.65. By examination the SLD curve now slightly under predicts 
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the pile’s capacity at the maximum displacement achieved during the statnamic testing and yield-
ing a λ value of 1.04. Figures 226 and 227 are load-displacement curves for piles with identical 
dimensions and which were installed on the same site in Newark as those just described.  Similar 
analysis of this second set resulted in an SLT capacity of 2189kN and an SLD capacity of 
1942kN. Again the SLD capacity now under predicts the SLT capacity with a λ value of 1.13. 

The second site from which piles were included in the clay soil subgroup was Contraband 
Bayou in Lake Charles, Louisiana. The first pile included herein was designated T-114.5. Fig-
ures 228 and 229 show the results of STN and SLT testing on this pile before and after applica-
tion of the REF analysis method of a 455 mm diameter prestressed concrete pile that was 12.95m 
long. A SLT was performed first via a reaction beam system followed by a STN 12 hours later. 
After application of the clay REF this set of curves was analyzed using the Smallest Displace-
ment method with which a SLT capacity of 2293kN, a SLD capacity of 2070kN and a λ value of 
1.11 was determined. The second pile from this test site was designated X-123 and was a 455 
mm diameter, 17.67m long prestressed concrete pile. Four cycles of STN testing were performed 
on this pile prior to SLT testing via a reaction beam system. It was noted that the reaction piles 
for the SLT reaction beam system were installed prior to STN testing.  Based on a Smallest Dis-
placement analysis of the REF applied load-displacement curves SLT and SLD capacities of 
2306kN and 2664kN, respectively, were determined. The λ value for this analysis was equal to 
0.87. Figures 230 and 231 show the raw SLD and SLT curves and the REF applied SLD and 
SLT curves, respectively. 

Four piles or pile sets that had been founded in clay were included in this study. The 
analysis of these piles provided an average λ of 1.035, with a standard deviation of 0.119 after 
the REF of 0.65 had been applied to each SLD data set. Therefore, after application of the REF 
the SLD capacity tended to under predict the SLT capacity by approximately 4%. 
 
3.4.6 Summary of Database Analysis 
 

Table 24 summarizes the bias values, λ, for each soil subgroup previously presented. Soil 
Type 1, 2, 3 and 4 are assigned to rock, sand, silt and clay, respectively. Also included are the 
Site ID and Pile ID for each data set. 
 
3.4.7 Development of the Rate Effect Factor  
 

A new factor was introduced that would account for over-predictions associated with the 
rapid loading caused by Statnamic tests. The rationale for its inclusion was based on simplifying 
design procedures by recommending a uniform safety factor or resistance factor regardless of 
soil type. Further, it would eliminate the advent of over-predictions and maintain a reasonable 
probability of failure. As such, the ratio of the static capacity to the predicted capacity (bias) was 
used to evaluate the effects of such a factor. The rate effect factor, denoted with the Greek letter 
η , is simply a soil type-dependent constant multiplier used to reduce the load capacity predicted 
by analyses when using Unloading Point Methods. Such methods include UPM, MUP, and SUP 
as discussed in section 2.3.5. Therefore the derived static capacity would then equal the rate ef-
fect factor times the Unloading Point Method-derived static capacity (SLD = η  UPM Capacity).  

The ratios of static load test capacity to UPM-predicted capacity (herein simply referred 
to as λ) for rock, sand, silt, and clay were evaluated for the 34 load tests critically evaluated for 
this study. Therein, rock showed the least over prediction with λ = 0.96, and clay showed the 
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highest over prediction with λ = 0.67.  Likewise, the reproducibility of the prediction is impor-
tant to the probability of failure and is represented by the standard deviation of the bias factor.  In 
this regard subjected to the limited presented data, the Statnamic test method is uniform from soil 
type to type as is evidenced by the small variation in the standard deviation shown in Table 25. 
Also listed are the safety factors and resistance values that would be associated with various soil 
types should no rate effect factor be introduced. 

Using these values for the evaluation of Statnamic tests results would be cumbersome 
and not in line with common design practice. Therefore rate effect factors were selected for each 
soil such that the same safety factor or resistance factor could be used for all soils. These factors 
were selected by (1) determining what factor would produce no average over-prediction in rock, 
(2) determining the associated safety factor or resistance factor for that condition, and (3) finding 
the rate effect factor for each soil that would produce the same safety factor or resistance factor. 
To this end, the safety factor and resistance factor (S.F. and φ) were calculated for each soil as a 
function of η . Figure 232 shows the graphical relationship between S.F., φ and η. for each soil. 
Therein, it is shown that resistance factors greater than one are generated when gross under-
predictions are encountered. Although resistance factors higher than 1.0 (or S.F. < 1.0) are atypi-
cal, these trends are not surprising in that these curves are generated to maintain a given prob-
ability of failure (in this case 1% with β = 2.5), (FHWA, 1998). Note that if a needlessly low rate 
effect factor were imposed on the predicted capacity, a similarly unusually low S.F. would then 
be required such that the probability of failure is maintained. These values are in agreement with 
common practice where Statnamically tested rock bearing strata (which have little to no rate ef-
fects) would require a F.S. of 2 with almost no correction. Further, as the cost of testing increases 
drastically with higher loads, it is advantageous to minimize under predictions associated with 
needlessly high safety factors. Hence, the largest possible rate effect factors were selected which 
would provide a balance between proven capacity and safety while imposing a uniform resis-
tance factor.   

Starting with the value for rock, η rock = 0.96 was selected to produce a unity bias factor 
and resulted in a resistance factor of 0.73.  Using this resistance factor value for each soil, the η 
values for sand, silt, and clay were calculated to be 0.91, 0.69, and 0.65, respectively. Table 26 
summarizes the recommended values of η , φ, and S.F. to be used in the analysis of Statnamic 
data when analyzed by the UPM and the associated values used to produce them. Figures 233 to 
236 show the distribution of the predicted load capacity using the rate effect factors versus the 
actual static capacity for the various soil types. 
 
3.4.8 Conclusions and Recommendations 
 

The Statnamic load test method is a relatively new technology that has gained worldwide 
appeal to many designers based on its ability to economically test high capacity foundations and 
produce a detailed load-displacement response. The latter has great significance due to the many 
forms of failure criteria used in practice throughout the world. The economy of the method is af-
forded via minimal interruptions to construction time-lines due to the absence of reaction an-
chors or beams. However, the limitation of the test method (as well as with dynamic load meth-
ods) is the short duration of the loading. Therein, all materials, geotechnical and structural alike, 
exhibit a stiffer response to rapidly applied loads than more slowly applied loads. Rock and sand 
are only mildly affected by this phenomenon, whereas the effects in silts and clay are more pro-
nounced. It is the responsibility of the design engineer to determine the duration of the antici-
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pated loading event on the structure or foundation and appropriately choose a test methodology 
and/or analysis method to produce the desired effect. When using the Statnamic test method to 
determine the dynamic response of a foundation, little to no interpretation may be necessary. 
However, when using Statnamic testing to predict the static response of a foundation, a suitable 
analysis procedure should be selected. The analysis methods most commonly used worldwide 
involve inertia and viscous damping correction. This study has shown that these methods can be 
readily used in the design of statically loaded structures if a rate effect factors is incorporated in 
the analysis. With the inclusion of these factors, a single safety factor or resistance factor can be 
employed regardless of soil type. 

Rate effect factors were developed to calibrate the UP-predicted load response to the 
measured static response while developing a recommended safety factors. The values presented 
in Table 27 should be applied to Unloading Point (UPM) analyses to predict the static response 
and design foundations using Statnamic test results. Statnamic testing firms in the American con-
tinents have adopted the use of the rate effect factors listed herein. Therefore, designers will only 
rarely have the need for those factors that were determined without η . 

The three analysis methods recommended for use with the above rate effect factors are 
the Unloading Point Method (UPM), the Modified Unloading Point Method (MUP), and the 
Segmental Unloading Point Method (SUP). These methods are identical in concept but vary in 
the required field data collection and should be selected based on pile length and/or performance. 
The UPM should be limited to relatively short foundations (wave number, Nw >12) that exhibit a 
plunging response (i.e. measurable permanent set). The required field data should include top of 
pile measurements of load, acceleration, displacement (optional), and time. 

The MUP method is also limited to the same length piles (Nw >12) but can be used when 
the foundation exhibits an elastic response (i.e. minimal permanent set). In those instances the 
top and toe displacement must be recorded independently for the MUP analysis. This method 
therefore requires field measurements of load, top of pile acceleration, toe of pile acceleration 
and time. 

The SUP method can be used for much longer piles (Nw > 6) but must have strain gage 
instrumentation located along the length of the foundation defining shorter segments with Nw > 
12. Field measurements should include top of pile load, acceleration, displacement and time 
measurements as well as those from appropriately spaced embedded strain gages and toe accel-
eration. All field measurements from each of these methods should be sampled at a sufficient 
rate to minimize discretization errors (greater than 4000 Hz). 

Two public domain software packages have been developed that perform Unloading 
Point analyses:  SAWR4 and SUPERSAW which can be downloaded from 
http://www.eng.usf.edu/~gmullins/. As a result of this study, these packages have been updated 
to include the rate effect factor when predicting the static equivalent response. Therein, the de-
rived static load is defined as: 
 
 SLD = ηUP Capacity (54) 

 
From which the design capacity can be expressed as: 

 
 Pn = φ SLD, (LRFD) Pusable = SLD/SF,  (ASD) (55) 

 
where  φ = 0.7, or S.F. = 2.   
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CHAPTER 4 
 
FINDINGS – MODELS 
 
4.1 OVERVIEW 
 

The different testing methods (while investigated individually in detail) need to be 
examined from a comprehensive viewpoint regarding principles and interpretation. Section 1.3 
presented the principles allowing to categorize the methods based on the loading duration. The 
present chapter reviews the testing methods through three approaches. One; presenting and 
investigating in detail a simplified/fundamental model allowing (similarly to the material 
presented in section 1.3) to examine the different methods and their mechanisms. The second; 
advanced FEM analysis is used to study in detail the impact between a ram (impacting body) and 
a pile, common to most of the testing methods. The use of this relatively new analysis allows to 
investigate the effect of the impact on the stresses developed at the top of a pile and hence on the 
measurement and interpretation techniques when using any impact testing (e.g. drop weight and 
statnamics). The third; relates to an attempt to develop a model with a different approach than 
the traditional analyses, addressing the pile response to various load rates via rehological models. 

 
4.2 SIMPLIFIED FUNDAMENTAL MODEL 
 
4.2.1 Overview 
 

A fundamental model allows examination of the testing methods in an absolute and 
relative form as discussed in Chapter 1. All pile testing methods can be principally described as a 
Mass M acting on the end of a slender bar (pile head) with an impact velocity νi. One simplified 
fundamental model of impact and/or dynamic behavior was presented in section 1.3.2.1 
(referenced to Holeyman 1992 and originally attributed to Parola 1970 and Van Kotten, 1977) 
and was used for testing classification in sections 1.3.2.3 and 1.4. While being effective for this 
purpose, the attempt to utilize the same model with more realistic parameters raised difficulties. 

An alternative model utilizing the Kelvin-Voigt rehological model was examined. This 
model was independently used by Dr. Gray Mullins to examine Statnamic test results (section 
2.3.5.3). 
 
4.2.2 Model Description 

 
The Kelvin-Voigt model was proven to be very effective for simulating pile driving 

(Irvine, 1986) and hence appealing to the needs of this research. The model, presented in Figure 
238 consists of a spring in parallel to a dashpot subjected to a mass. In the more generic case of 
our research, the spring represents the stiffness of the entire system including the pile and the 
driving system set-up. The viscous damping dashpot provides the dynamic resistance developed 
during penetration but its representation includes other direct and indirect factors such as the soil 
inertia, soil damping and depending on the type of test (e.g. driving vs. static) and the amount of 
soil that participates in the process (Paikowsky and Chernauskas, 1996, Hajduk et al. 2000). The 
mass represents the applied force from a ram in pile driving to the equivalent of a pressure in 
Statnamic test and a jack force in a static load test. 
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 Irving (1986) treats the pile as a wave-guide radiating energy away from its upper face in 
a similar way to tensile stress wave propagation in cables with the obvious difference being that 
at least the initial wave in the pile is compressive, (and it remains to be compressive in ‘hard’ 
driving). In this treatment, reflections will not be considered. However, elasto-plastic behavior at 
the pile head is considered later. The definition diagram and schematic shown in Figures 238 and 
239 provide the necessary details. 
 Following Irving (1986) and referring to Figure 238, the equation governing the 
deceleration of the ram with a mass M is: 
 
 0)( 211 =∆−∆+∆ KM  (56) 
 
where ∆1 is the absolute displacement of the ram after contact is made with the capblock, which 
is of compressive stiffness K. The displacement ∆2 is the absolute displacement of the upper end 
of the pile at its junction with the capblock. Note that the weight of the ram has been left out of 
the above equation because it is generally insignificant when compared to the inertia force M∆1 - 
after all the ram falls through a significant height and is stopped suddenly. 

The other equation relevant to pile driving is a force balance between the capblock and 
the pile head. In order to determine the force in the pile head we need analyze the stresses in the 
pile itself. This analysis (referring to Figure 238) follows the traditional one-dimensional wave 
equation formulation (1-D W.E) (see e.g., Graff, 1975) and hence is abbreviated. 

Let x measure distance from the pile head, and let u(x,t) be the axial displacement of the 
pile. Equilibrium of an element of the pile, of length dx, is: 
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where ρ is the density of the pile and A its cross-sectional area.  

Using elastic relations: 
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where E is the modulus of elasticity of the pile material. 
 Following the traditional differential equation solution for a disturbance traveling in 
infinity long bar, leads to the force at some point of the pile being: 
 

 
x
uEAF

∂
∂

−=     (1.3.15) (60) 

 
and the alternative expression for the force in the pile being: 
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Therefore, at the pile head, where u ≡ ∆2, we have the result 
 

  (62) 2

.
),0( ∆= dAVtF ρ

 
Thus, the force balance at the capblock-pile interface is 
 

  (63) 2

.

21 )( ∆=∆−∆ dAVK ρ
 
Linking the two equations we obtain 
 

  (64) 2

.

1

..
∆−=∆ dAVM ρ

 
which may be integrated directly to 
 

  (65) tconsAVM d tan21

.
+∆−=∆ ρ

 
The constant may be evaluated once we have established the initial conditions. The height that 
the ram falls allows its striking velocity to be calculated, say, ∆ο, thus: 
 

  (66) 0

.

1

.
)0( ∆=∆

 
and, as the pile head has no initial displacement (i.e. ∆2(0) = 0) so  
 

  (67) 20

.

1

.
∆−∆=∆ dAVMM ρ

 
Substituting for ∆2 then gives the equation of motion for the ram-capblock system, 
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.
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..
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KMK
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ρρ
 (68) 

 
with initial conditions of ∆1(0) = ∆0 and ∆1(0) = 0. This equation exhibits pure viscous damping 
due to the radiation of energy away from the capblock by the pile, which can be quantified. 
Written in a standard from the equation is 
 

  (69) 0
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where dAVKM ρζ 2= . The forcing term is constant; hence it is possible to use the earlier 
solutions. 

 
4.2.3 Model Evaluation 
 
4.2.3.1 Overview 
 

The model is first investigated using the limiting stages of the parameters, following 
Irvine (1986) and presenting examples. 

 
4.2.3.2 Underdamped System (ζ<1) 

 
Many of the pile tests are proof-tests--non-failed load testing in which the displacement 

of the pile and the soil is limited, e.g. dynamic testing during hard driving or often drop weight 
tests. As such, the resistance forces occurring at the interface of the pile and the soil do not reach 
slippage. In this case; the testing is generally to check the pile capacity for meeting a certain 
safety factor.  

The force pulse on the pile’s head is: 
 

 teMF d
t

p ω
ζ

ω ζω sin
1 2

0

.

−

−

∆
=  (70) 

or 
 

 
⎟⎟
⎟

⎠

⎞

⎜⎜
⎜

⎝

⎛ ∆
= − teKF d

t

d
p ω

ω
ζω sin0

.

 (71) 

 
The displacement of the pile head is found to be: 
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Peak values of pile force and pile displacement are: 
 

 dP KF ω
.

0max, ∆=  (73) 
 

 ωζ 0

.

max,2 4 ∆=∆  (74) 
 
where: dAVkM ρζ 2=  

21 ζωω −=d  
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2
1

)( ρEVd =  

M
k=ω  

A = pile’s cross section  
ρ = density of the pile  
E = material Yong’s modulus of pile  
∆0 = striking velocity= gh2 , h=drop height.  

 
An example had been studied for which the force pulses developed at the pile’s head are shown 
in Figures 240 and 241 for an underdamped system in an absolute and normalized fashion, 
respectively. The pile is a steel pipe with E=2x1011Pa and an outside diameter of 1100mm, wall 
thickness of 35mm and a length of 28m. It is driven by a single acting hammer with a ram weight 
of 50kN and energy of 75kNm (i.e. the ram falls 1.5 m). The capblock material is softwood, with 
a rated spring constant in compression of 1000kN/mm. 
 
4.2.3.3 Critically Damped system  (ζ = 1) 
 

When ζ → 1, 01 2 →−= ζωω d . The force in the pile then becomes: 
 

  (ζ = 1) (75) t
P teKF ω−∆= 0

.

 
The pile-head displacement is: 

 ( ) ([ ]tet t ω
ω

ω +−
∆

=∆ − 112 0

.

2 )  (ζ = 1) (76) 

 
The peak pile force occurs when ω1=t  and is: 

 

 10

.

max,
−∆

= eKFP ω
 (77) 

 
Note that FP,max will not occur before the reflected wave returns to the pile head if LVd 2<ω . 

An example had been studied for the critically damped system case and the force pulses 
acting at the pile’s head are shown in Figures 242 and 243. The pile is a steel tube with 
E=2x1011Pa and outside diameter of 500mm, wall thickness of 20mm and length 28m. It is 
driven by a single acting hammer ram weight of 50kN and energy of 75kNm (i.e. the ram falls 
1.5m). The capblock material is softwood, with a rated spring constant in compression of 
1100kN/mm. 
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4.2.3.4 Overdamped  (ζ > 1) 
 

Overdamped cases can be considered when a relatively large displacement takes place 
between the pile and the soil interface, (i.e. easy driving), where the impact and the traveling 
wave overcome the pile resistance. The solution can be written as: 
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The damping parameter ζ represents one way to measure the stiffness of the capblock relative to 
the pile. For example, when the capblock stiffness is very large, ζ >>1, and in this situation the 
peak pile force is: 
 

 ωζ20

.

max, ∆→ KFP   or   (80) 0

.

max, ∆→ dP AVF ρ
 
This is a classical result (considering some of the original stress wave studies by the 19thcentury 
physicist, Hopkinson) obtained when the capblock is infinitely stiff. 
In the other extreme, when ζ<<1 we have a capblock that is flexible compared to the pile and the 
result is: 
 

  (81) ω/0

.

max, ∆→ KFP

 
In this situation the pile may be considered rigid and FP,max is simply the reaction to a mass 
falling and resting on a spring (the capblock) of stiffness K. The fundamentally different forms 
for the time history of axial force in the pile head are shown schematically in Figure 244. 

One worked example had been examined to demonstrate the responses in the situation of 
over-damped system (see Figures 245 and 246). A prestressed concrete pile of 450mm diameter 
and a length of 20m, with a density of 2,350 kg/m3 and E=2.5x1010Pa,the pile is driven by a 
single acting hammer with a ram weight of 150kN falling a distance of 1.3m. The capblock 
material is softwood, with a rated spring constant in compression of 1500kN/mm. 

 
4.2.3.5 Impact without Capblock 

 
In static load testing and some of the high strain dynamic testing (e.g. steel pile driving) 

no capblock is used. In these cases, the equations govern response of a mass and a dashpot.  
We can write:  

  (82) ( )[ MtAVAVAVF dddP /exp0

..
ρρρ −∆=∆= ]
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The peak value of which occurs at the start and is 

 

  (83) 0

.

max. ∆= dP AVF ρ
 

leading to a peak axial stress of: 
 

 0

.

max.max ∆== dP VAF ρσ  (84) 
 

The worked example with the following details had been studied and shown in Figures 
247 and 248. The pile is a steel (E=2x1011Pa) pipe with an outside diameter of 1,100mm, a wall 
thickness of 35mm and a length of 28m. It is driven by a single acting hammer with a ramweight 
of 50kN and energy 75kNm (i.e. the ram falls 1.5m). No capblock was present. 
 
4.2.4 Model Performance 

 
A parametric study for an under-damped system is detailed in Table 28 for ten various 

cases, where G is the ram weight, H is the free falling height, K is the cushion stiffness and I is 
the pile impedance. The results are presented in a dimensional form in Figure 249 and in a non-
dimensional form in Figure 250. Cases 1 to 5 are the same in both figures because they have the 
same R & K. When presenting the same forces in a non-dimensional format, all the cases of a 
constant K & R result in an identical normalized force, hence the non-dimensional presentation 
has only six graphs in it with cases one through five overlapping. 

Figures 251 and 252 further illustrate the above concept by changing the falling height of 
ram while the duration of the force pulse remains constant if the R remains constant. In other 
words, with the same drop weight system for the same pile, the changing of the ram’s falling 
height results in a different peak force pulse but does not affect the pulse duration. Another 
observation can be made from these two figures; keeping the same ram weight G for the same 
pile impedance I, the duration of the force pulse will increase as the value of R increases. For the 
aforementioned reason, just four curves are presented in the normalized relations presented in 
Figure 252. Cases 1 to 5 have identical R value (3.352) and cases 7, 9 and 10 also have identical 
R value (4.740). Cases 1 to 5 have however the same duration of force pulse and same non-
dimensional force pulse curves, while cases 7, 9 and 10 have different duration of force pulse 
and different non-dimensional force pulse curves (see Figures 253 and 254). The value of G, K 
and I controls this difference. Cases 1 to 5 have the same G, K and I; while cases 7, 9 and 10 
have the same I and different G and K. Same R value depends on the increasing of G and the 
decreasing of K. 

A parametric study for an over-damped system is detailed in Table 29 for nine various 
cases. The results of all the cases are presented in a dimensional format in Figure 255, and in a 
non-dimensional format in Figure 256. Also, the cases of a constant K & R resulting in an 
identical normalized force, hence the non-dimensional presentation has only six graphs in it with 
cases one through four overlapping.  

Figures 257 and 258 clearly demonstrate that with just a change in the falling height of 
the ram, the duration of the force pulse remains the same as long as the R is kept constant. That 
is to say, with the same drop weight system, and the same pile, a change in the ram’s falling 
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height changes the peak of the force pulse but does not affect the duration of it (similarly to what 
is shown in Figures 251 and 252). Keeping the same ram weight G, and pile impedance I, the 
duration of the force pulse increases as the value of R increases.  

Cases 1 to 4 have the same R value (0.279) and cases 6, 8 and 9 have the same R value 
(0.683). Cases 1 to 4 however have the same duration of force pulse and same non-dimensional 
force pulse curves, while cases 6, 8 and 9 have different duration of a force pulse and different 
non-dimensional force pulse curves (see Figures 259 and 260). The values of G, K and I control 
this difference. Cases 1 to 4 have the same G, K and I; while cases 6, 8 and 9 have the same I and 
different G and K values. Identical R-values depend on the increasing of G and the decreasing of 
K. In distinction from the under-damped cases, the duration of the force pulse in the over 
damped cases depend more on the weight of the ram. The capblock spring constant does not 
affect the duration. 
 Defining t1 as the duration from Fp=0 to Fp=Fp,max, and t2 as the duration of the force 
pulse, when increasing the value of ζ, the ratio of the duration t1 to t decreases quickly. The same 
happens in both cases, i.e., under-damped and over-damped systems. 
 The values of K, M and I affect the duration of the force pulse. The duration increases 
when the value of K decreases and the value of M increases. The duration decreases when the 
value of I is increased for the same M, K, I, (i.e. same testing system, ζ and αω nR =  are 
constant), the change in H only can change the value of FP,max but does not bring changes in the 
force pulse duration. 

 For a given loading system under a specific condition of operation (M, 
•

∆ 0), the impact 
force is a function primarily of the pile geometry and the damping of the system, controlled by K 
and I. This is illustrated by the parameters of Table 30 and the force pulses depicted in Figure 
261 showing the variation of the impact (magnitude and duration) for the same impact (constant 
G,H) with the same R but different I and K combinations: I2 = 2I1, K2 = 4K1 and I3 = 3I1, K3 = 
9K1, such that all result with a constant R. Figures 262 and 263 illustrate that as the 
spring/system becomes stiffer, the force duration decreases and its magnitude increases. The 
hammer for the cases in Figure 262 is very heavy and its weight is up to 420kN. The R values of 
cases 1 and 2 in Figure 263 are 0.99853 and 0.864752 respectively and the shapes of these two 
curves have the characteristics of the curves of an over-damped system.  

Figure 264 further illustrates the influence of the capblock stiffness (spring/system) K on 
the force pulse duration under the situation of under-damped system. The duration of the force 
pulse decreases as the value of K increases when the value of K is less than 15000 kN/mm. The 
duration of the force pulse decreases more quickly when the value of K is smaller than 15,000 
kN/mm. For a reference comparison, Table 30 provides values of modulus of elasticity E for 
several materials of capblock and pile cushion. The value of spring constant can be computed as 
K=AE/L. 

Figures 265 and 266 present the force pulses as a function of the capblock (spring/system) 
stiffness K vs. for an over-damped system. The change in the value of K has little influence on 
the final force pulse duration. The peak of the force pulse attenuates more quickly when the 
value of K is larger. The hammer weight significantly affects the force pulse duration as it 
increases when the weight of the hammer increases. The duration of the force pulse is 
approximately 80ms when the hammer weighs 150kN, and is approximately 600ms when the 
hammer weighs 1500kN. 

The shapes of the force pulses obtained by the model vary substantially when different M 
and H are used even if the energies of the stroke are identical (see Figure 267). When M is 
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increased and H is decreased, the duration increases quickly and Fmax decreases very fast. When 
applied to high strain dynamic testing of piles the use of an oversized M and a small H may not 
only cause damage to the pile top but the larger duration reduces the quality of the acquired data 
and it’s interpretation.  

Getting same FP,max by different M and H, we find that the energies of the stroke of the 
hammer increase as the M increase and H decrease (see Figure 268) even when using the same 
value of K. It means that for the same energy (same stroke), and the same rate of energy 
transferred, we do not the the same FP,max. 

Table 31, Figures 269 and 270 present the variation of the force pulses developed at the 
pile head while using the same drop weight system for different piles. In general, the peak force 
increases and the duration of the force pulse decreases with an increase in the pile impendence 
for a given drop weight system (same M, H and K). The peak of the force pulse rises earlier as 
the duration of the force pulses increases. However, this phenomenon is reduced with the 
increase in the pile impedance. The durations is kept constant and the peaks of the force pulses 
increases slowly when the pile impedance is larger than 8,000 kN/m/s while the value of R is 
larger than 5.930 in these two figures. 

Figure 271 illustrates the variation of the force pulses at the pile head when rams of 
different weights are applied to the same pile. The peak force and the duration of the force pulses 
increase with the increase of the hammer weight. 

The presented material, thus illustrates that by using the presented simplified model it is 
possible to simulate the force pulses developed at the head of a pile as generated by different 
loading methods 

 
4.2.5 The Influence of a Load Testing System 
 

An analysis is carried out to demonstrate the impact developed at a pile head under 
different testing systems. Table 32 details the model parameters used for this purpose. Figure 272 
presents the force pulse developed at the pile head for the different testing systems acting on a 
prestressed concrete pile, 450mm in diameter and with a length of 18m. The density of the pile is 
2,350kg/m³ with E=25,000MPa.  

The four force pulses at the pile head are related to the different pile testing methods 
simulating in this example namely; the drop weight, Statnamic, Fundex and a static loading 
systems changing the hammer weight and falling height to simulate the load applied to the pile 
head, changing the value of K to simulate the different systems (include pile, soil, cushion, 
hammer, falling height and stiffness, see Table 32), the model shows a good performance for 
demonstrating the influence of test type on the force  developing at the pile’s top.  
 
4.2.6 Case Histories 
 

Test Pile No. 2 and No. 3 of Newbury, Massachusetts (Hajduk et al., 1998) were used in 
order to compare the applicability of the presented simplified model to an actual case history. 
Tables 33 and 34 provide the parameters that were extracted from the actual pile behavior during 
dynamic driving, Statnamic and Static load testing. Part (a) of Tables 33 and 34 outlines the 
exact parameters with the ram weight and height being established as equivalent to the measured 
energy and force. The results of applying these parameters to the model are presented in Figures 
273a and 274a. While the overall force magnitudes are reasonable, the pulse duration is 
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represented very well for the dynamic driving only with the Statnamic and static testing resulting 
in pulses of a substantial shorter duration compared to the actual observed (see Figure 7) 
behavior. This results from two reasons: (a) the need to represent static and, Statnamic loading 
by an impact mass, i.e. to ‘equivalent’ presentation and (b) the fact that during static and 
Statnamic tests, the wave length is so much longer relative to the pile’s length (the concept of 
relative wave length was presented in chapter 1; Λ = length of the force pulse / double length of 
the pile) that much more soil participates in the process and the stiffness of the system and the 
pile’s impedance (I) is therefore much different than that related to the geometry of the pile 
itself. 

Parts (b) and (c) in Tables 33 and 34 and the corresponding results in Figures 273(b, c) 
and 274 (b, c) demonstrate the changes required in the model to match the actual behavior. Note 
the different time scales in parts a, b, and c of the figures.  

Pile impedance I needed to be increased in order to get the reasonable result with this 
model for the analyzed cases. In general, the effect of soil around the pile on the increase of the 
value of I should be relatively small. 
 
4.3 SIMULATION OF A RAM IMPACT WITH A DEEP FOUNDATION 
 
4.3.1 Overview 
 

LS-DYNA is an advanced software program for dynamic Finite Element Method (FEM) 
analysis developed by Livermore Software Technology Corporation. LS-DYNA is commonly 
used by the automotive industry for impact analysis and hence serves as an ideal tool for 
investigating the impact of a ram with a concrete pile. The ultimate goal of modeling such 
impact is to determine the stress wave distribution across and along the pile as a function of time 
after impact for different controlling parameters such as the ratio of ram diameter to pile 
diameter, the drop height, impact angle, and the use of a plywood cushion. The models under 
investigation were created using the HyperMesh pre-processor and exported in LS-DYNA 
explicit finite element analysis code format. Post-processing was completed using LS-DYNA 
Post. 

The analysis was carried out in two stages; first, a broad investigation into the 
aforementioned factors using a relatively simpler modeling, e.g. not modeling the striking plate 
and the cushion as detached units. In the second stage, a detailed analysis was carried out 
focusing on what was found to be of the most important factor in the first stage, i.e. the uneven 
impact of the ram. This analysis was examining the stresses across the pile at the surface and at 
different distances below the pile’s top as well as the effect of a softer cushion on the uneven 
impact. 

 
4.3.2 Analysis Procedure – Stage I 
 
4.3.2.1 Overview 
 

A 3-D half-symmetry baseline model was initially generated. The baseline model consists 
of four components, a steel ram, a steel striker plate, a plywood cushion and a 40m long concrete 
pile. The diameter of the pile and the ram is 1m. A schematic of the model is shown in Figure 
275. The analysis simulates a 2m drop of the ram by prescribing an initial velocity for the ram, 
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locating it 0.1m above the striker plate. Table 35 summarizes the major parameters of the 
baseline model, which was then altered for each subsequent analysis case. 

 
4.3.2.2 Model Geometry 

 
Figure 276 shows an isometric view of the entire system, with an enlarged view of the 

region of interest. The different shades (colors in original) in Figure 276 represent the different 
components, from top down; the ram is shown in red, the striker plate in green, the plywood 
cushion in blue and the concrete pile in yellow. Figures 277 and 278 show the top view of the 
pile and ram respectively. 

The node and element summary for the baseline model is provided in Table 36. Linear 
elastic material properties were used for each component in the model and they are listed in 
Table 37, where as dimensions for the components are listed in Table 38. To prescribe the 
contact between the ram component and striker plate component, the part option was used with 
the *CONTACT_AUTOMATIC_SURFACE_TO_SURFACE definition card in LS-DYNA. For 
this type of definition a master component (the ram) and a slave component (the striker plate) are 
defined. The slave component deforms in response to the impact of the master component. 
Coincident nodes were prescribed between the striker plate and the plywood cushion, and 
between the plywood cushion and the concrete pile because these sets of components were 
assumed to be moving completely in alignment with one another. 

 
4.3.2.3 Constraints 

 
To generate the baseline half-symmetry model, constraints were added along the flat 

portion of each component in the modeled ram-pile system. Essentially, this edge was placed on 
rollers (Figure 279). The rollers allowed motion in the y-direction from the impact and in the x-
direction due to the Poisson effect. Translation and rotation was not allowed in the z-direction 
along the centerline edge due to symmetry.  

The pile’s tip was modeled so that the pile could not translate in the y-direction (vertical). 
In addition, all rotational degrees of freedom were constrained. Again, schematically, this set of 
boundary conditions is analogous to placing the pile on top of rollers as shown in Figure 280. 

 
4.3.2.4 Material Models 

 
For the present study, all materials were modeled with LS-Dyna’s *MAT_ELASTIC 

definition. This definition assumes that the material is linear elastic and isotropic. It determines 
the material response based upon the Cauchy Stress tensor. 
 

 2
1

ijε  2    2
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+∇ ′=
+ n
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With the pressure calculated according to 
 
  (86) 11 ln  ++ ⋅Κ−= nn Vp
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In equations (85) and (86), G is the shear modulus, K is the bulk modulus and V is the ratio of 
the current volume to the original volume. 
 In future studies, to further refine this model, it is recommended that an investigation be 
conducted into the applicability of other LS-Dyna material models developed specifically for the 
behavior of concrete (pile) and plywood (cushion). Also, in advanced FE investigations into the 
response of the pile to the impact of the ram, it may be more appropriate to model the steel ram 
and striker plate with an elastic-plastic material model to take into account damage and/or 
permanent deformations of those components. 
 
4.3.3 Parametric Studies 
 
4.3.3.1 General 
 

Once the baseline model was completed, parametric studies were performed. These 
parametric studies were designed to study the effects of ram diameter, drop height and impact 
angle on the system. Each of these altered models was generated directly from the baseline 
model to reduce the possibility of errors. The creation of these models is discussed in more detail 
in the paragraphs that follow. 

 
4.3.3.2 Models Generated to Study Effect of Drop Height 

 
The baseline model was altered to account for a variation in drop height. This change was 

incorporated into the baseline model by altering the impact velocity using Eq. 87. 
 
  (87) 22 )(2 ooo vxxgv +−=
 
where ν is the impact velocity, go is the acceleration due to gravity, (x-xo) is the drop height and 
νo is the initial velocity of the ram. In this case, go is 9.81 m/s2, and νo is zero because the ram is 
dropped from rest. Table 39 shows the parameters that were altered to generate the models for 
the drop height study. 
 
4.3.3.3 Models Generated to Study the Effect of Ram Diameter 

 
When altering the ram diameter, it was necessary to keep the amount of energy of the 

impact equal to that in the baseline model. For simplicity of stage I analysis, the density of the 
ram was altered so that the weight of the ram would be kept constant in each of these studies 
while the volume changed due to the changes in the ram’s diameter. Table 40 shows the values 
that were altered to generate models with different ram diameters. 

 
4.3.3.4 Models Generated to the Study Effect of an Offset (Uneven) Impact 

 
To examine the instance when the ram may not impact the striker plate squarely and the 

effect of this type of occurrence on the propagating wave, models were generated from the 
baseline model with a ram diameter of 1m and the ram impacting the striker plate at 3 offsets. To 
produce the offset, the elements that compose the ram were rotated about a point on the outer 
edge as shown in Figure 281. 
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4.3.4 Format For The Presentation of the Results from Stage I 
 
4.3.4.1 Stress Propagation Images 
 

A series of screen captures was generated showing the propagation of the stress wave 
through the concrete pile. The first image in each series shows the pile in the unstressed state. 
The second image shows the pile at the time step when impact first occurs. The seven following 
images depict the stress at equal intervals until approximately 0.005s. It was insured that the 
plots would show states of stress for the pile exceeding the time of wave travel to pile tip and 
back. These images were observed and analyzed aiding in the following presentation. 

 
4.3.4.2 Detailed Force and Velocity 
 

Sets of stress/force and velocity/force plots have also been generated which show the 
results for each FE model. The first figure in the set shows stress versus time and the equivalent 
force (for the local stress multiplied by the cross-section area) at three different distances from 
the center of the pile, (Figure 282a). The second figure in the set shows the change in velocity (as 
velocity on one axis and multiplied by the impedance to be expressed in force units in the other 
axis) versus time for the same locations. It is important to examine the stress distribution at a 
distance from the top of the pile because following St. Venant principle; the stress wave is 
expected to become uniform across the pile at some distance away from the impact. Traditionally 
this distance is believed to be at twice the value of the diameter, or 2m for the analyzed case. 
Two additional distances, above and below 2m (1m and 3m) were also chosen for this analysis to 
provide additional values for comparison with the stress developed at the impacted surface. The 
detailed stresses and velocities were therefore presented at four positions along the length of the 
pile, making it 12 points all together, (three locations at four cross sections). 

 
4.3.4.3 Animations 
 

A series of animations have been generated showing the stress-wave propagation along 
the pile. These images clearly present the zones of stress variation and the way the controlling 
parameters affect the stress distribution and as a result the force measurements at the pile’s 
surface. 
 
4.3.5 Results from Stage I 
 
4.3.5.1 Overview 
 
 The preliminary results include detailed stresses/forces and velocity plots for three cases; 
the baseline case, a 0.2m ram diameter, and the baseline for an uneven impact (tilted ram). The 
presented results explore the stress and velocity variations for each case, and their influence on 
the traditional dynamic measurements. In transferring from stress to force, one should note that 
the local calculated stress was multiplied by the pile’s cross sectional area, hence only under 
uniform stress distribution the force is correctly calculated. The term Equivalent Force is used to 
describe the values of the forces obtained this way. 
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 The meaning of the results, and their operational conclusions are provided in the sections 
following the presentation of the preliminary results. 
 
4.3.5.2 Baseline Model 
 
 The baseline model (ram diameter = pile diameter = 1m, drop height = 2.0m, perfectly 
even blow, see Tables 39, 40, and 41) set of results are depicted in Figures 283 through 290. 
 
4.3.5.3 Smaller Diameter Ram 
 
 An even impact of a 0.2m ram diameter (see Table 40) having the same energy as the 
baseline ram was analyzed as a representative case for the smaller ram impact. The obtained 
stresses/forces and velocities are presented in Figures 291 through 298. 
 
4.3.5.4 Uneven Impact (Tilted Ram) 
 

The baseline model was analyzed for a marginal uneven impact of 1o, translated to 
17.5mm gap between ram and pile at one side of the perimeter. Figures 299 through 306 present 
the detailed stresses/forces and velocities associated with this analysis. In contrast to the even 
impact, which creates axisymmetric stress conditions, the uneven blow creates uneven stresses 
not in an axisymmetric arrangement. These can be analyzed in the half symmetry model used, 
but the presentation of the results was modified to include nodes in equal distances (half radius 
and perimeter) along the diameter (refer to Figure 282b) on the opposite side to the nodes for 
which the stresses are presented for the even impact models. 

 
4.3.6 Discussion of Results – Stage I 
 
4.3.6.1 Baseline Model 

 
The baseline model analysis suggests that assuming a perfectly even impact over a soft 

cushion with a round ram (equal to the pile’s diameter), results as expected with almost a 
perfectly even stress wave across the pile section. The match between the velocity multiplied by 
the impedance and the force calculated based on the local stress, reaffirms the results of an 
evenly distributed stress wave that continues to propagate in this way along the pile (Figures 283 
through 290). Detailed examination show that some stress unevenness exists at the top of the pile 
(close to the impacted surface, see Figure 283) to be further investigated in the following section. 
This relatively small stress unevenness does not affect the velocity (Figure 284), and completely 
disappears within one diameter away from the pile’s surface (Figure 285). 

 
4.3.6.2 Smaller Diameter Ram 
 
 The smaller diameter ram creates a high stress concentration at the zone of impact such 
that a very high stress exists under the center of the ram (Figure 291), diminishing in magnitude 
towards a zone outside the impact area. In all cases, however, the velocity remains mostly 
unaffected (Figure 292) and the uneven stress becomes mostly uniform within one pile diameter 
(Figure 293). The creation of a high stress short duration wave using such ram can be beneficial 
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for integrity analysis purpose allowing sharp reflection of waves from zones of low quality 
and/or discontinuity. 
 
4.3.6.3 Uneven Impact (Tilted Ram) 
 

A relatively slight uneven impact creates a large stress variation between one side of the 
shaft to the other (Figure 299). In spite of a sizeable soft cushion, these uneven stresses continue 
to exist until three diameters away from the impact surface (Figures 301 and 303). In all cases 
uniform velocity exists across the pile in all sections indicating the reliability of these 
measurements when available. 

 
4.3.6.4 Operational Conclusions 
 

1. Pile velocity can easily be measured by one or two accelerometers, as even velocities 
exist throughout the pile surfaces and at locations down the exposed shaft. 

2. The use of a ram smaller in diameter relative to the shaft it is impacting upon, creates a 
high stress short duration wave, which can be beneficial for defect detection even under 
conditions in which the shaft capacity is not fully mobilized. 

3. Most significant stress variations exist under uneven impacts when the ram is not parallel 
to the impacted shaft. This commonly occurring condition takes place due to uneven shaft 
top surface, non-vertical pile, and in almost all impact systems having difficulties in 
producing a ram that is perfectly aligned with the shaft’s axis. The large variation in 
stresses exists in the analyzed model in spite of a sizeable soft cushion and, hence, calls 
for the following actions: 
a. The use of a sizeable cushion when testing drilled shafts. This conclusion affects the 

energy of the required system as a larger cushion translates to a higher loss of energy, 
requiring a larger impact system. 

b. Multiple force point measurements around the shaft. 
c. Measuring dynamic forces at a distance as large as possible away from the impact, in 

the case of uneven impact this distance can be three pile diameters and more. 
 
4.3.7 Analysis Procedure – Stage II 
 
4.3.7.1 Overview 
 

As the most significant effect on the uniformity of the stress distribution seem to 
originate from an uneven impact due to a tilted ram, this case was examined in detail in 
comparison to the baseline. 
 
4.3.7.2 Model Geometry, Constraints, and Material Properties 
 

The details of the analyzed driving system (ram) are summarized in Table 41. The 
segmental modeling was changed by having the striking plate and the cushion (refer to Figure 
276) modeled as free standing bodies (i.e. can separate from each other). The surfaces between 
the striking plate and the cushion and between the cushion and the pile were modeled using the 
contact formulation as used between the ram and the striking plate in stage I, described in section 
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4.3.2.2. The material properties used are those presented in Table 37 only differing by the 
selected wood modulus of 7.0E+09Pa being a more realistic value in relation to the soft cushion 
used in stage I of the analysis. 
 
4.3.8 Baseline Model Results 
 
4.3.8.1 Surface Conditions 
 

The stress and velocity with time at eight points across the pile’s surface (refer to Figure 
282b) are presented in Figures 307 and 308, with further details on a smaller time scale presented 
in Figures 309 and 310. A complementary graph presents the stresses as a function of the 
location at the pile’s surface for various times, and is presented in Figure 311. The obtained 
results suggest large variation in contact stress across the impact location with velocities overall 
similar at each point. 

To obtain a better feel for this variation, isometric 3-D images were prepared, detailing 
the contact stresses at the pile’s surface with time and are presented in Figure 312 (a to l). The 
obtained images show high stresses around the external rim of the contact between the ram, 
striking plate, wood and the pile’s top. 
 
4.3.8.2 One Meter Below the Surface 
 

Figure 313 (a to l) describes the normal stresses across the pile at a location 1.0m (0.5 
diameter) below the surface, for various times of the stress passing along the pile. The obtained 
images clearly show a well-distributed stress across the pile’s section. It should be noted that the 
stress is uniform and what seem to be a stress increase at the circumference is only a result of the 
isometric presentation of the data. Additional presentation of the stress at the depth of 2m (1 
diameter) from the surface had shown similar results shifted only in time. 
 
4.3.9 Uneven Impact (Tilted Ram) 
 
4.3.9.1 Surface Conditions 
 

The stress and velocity with time at eight points across the pile’s surface (see Figure 282) 
are presented in Figures 314 and 315 with further details on a smaller time scale presented in 
Figures 316 and 317 respectively. 

A complementary graph describes the stress as a function of the location at the pile’s 
surface for various times, and is presented in Figure 318. The obtained results suggest a very 
large variation in the normal stresses and velocities across the surface of the pile and moreover 
this variation seem to last for a significant time length in relation to the time required for the 
stress wave to travel to the pile’s tip and back (see Figure 314). A detailed investigation is, 
therefore, required in order to assess the significance of an inclined impact, even though such an 
incline is considered in most cases very small (1°). 

Isometric 3-D images of the normal stress at the pile’s surface with time are presented in 
Figure 319 (a to k). The images clearly show a stress concentration at the point of initial contact 
between the ram-striking plate-wood and pile. This concentration remains high throughout the 
time of impact 
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4.3.9.2 One Meter Below the Surface 

 
Figure 3200 describes the normal stresses across the pile at a location 1.0m (1 diameter) 

below the surface, for various times of the stress passing along the pile. Within the distance of 
half a diameter, the sharp stress peaks that appear at the surface are muted but a large variation 
exists between the stresses at one side of the cross-section to the other. 

 
4.3.9.3 Two Meters Below the Surface 

 
Figure 321 describes the normal stresses across the pile at a location 2.0m (2 diameters) 

below the surface, for various times of the stress passing along the pile. The stresses remain 
markedly uneven across the section throughout the passing of the wave. 

 
4.3.9.4 Three and Four Meters Below the Surface 

 
Further attempts to elucidate the changes in the normal stress distribution across the pile 

at a large distance from the surface are presented in Figure 322 and 323 for distances of 3m and 
4m (3 and 4 diameters) from the pile top, respectively. Both figures show a more evenly stress 
distribution with increase in the distance from the impact, but even at four diameters away from 
the pile top the stresses seem to be highly uneven across the pile. 

 
4.3.10 The Use of a Soft Cushion to Mitigate Uneven Impact (Tilted Ram) 

 
The analyzed cases presented in the previous section suggest a troublesome situation in 

which a ram impact in a small inclination will result with uneven stress distribution across a shaft 
for a large distance (over four diameters) away from the surface of the shaft. In an attempt to 
examine mitigating solution, an analysis has been carried out for which the cushion was assumed 
to be two order of magnitude “softer” than the realistic value used in stage II of the analysis 
(E=7x107Pa vs. 7x109Pa). The results of this analysis, describing the normal stress distribution 
across the shaft at a distance 2m (two diameters) away from the shaft’s surface are depicted in 
Figure 324. 

The obtained results clearly show improved stress distribution across the shaft in 
comparison with the one with a more realistic “harder” cushion presented in Figure 321. 
However, the duration of the stress wave had significantly increased (in time) and decreased in 
magnitude. So while an improvement is made in the distribution of the stress, its quality for 
analysis in signal match or in amount of energy arriving to the shaft had significantly diminished. 

Figure 325 illustrates the difference between the two cases. The average force across the 
shaft’s section at the surface, 1m and 2m below the surface are plotted against time for the two 
cushions discussed above. The “softer” cushion is clearly seen to reduce the peak average 
force/stress by about half while doubling the wave duration. 

 
4.3.11 Intermediate Conclusions 

 

The advanced modeling of an impact between a ram and a drilled shaft as presented in 
this section, leads to the following conclusions: 
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1. Realistic impact analysis is obtained using the FEM analysis LS-DYNA 
2. An even impact of a ram with a drilled shaft results with various local stress 

concentrations at the surface. These variations become irrelevant within a short 
distance of 0.5m from the shaft’s top. 

3. A relatively small tilt in the ram (1°) during impact, results with significant uneven 
stress distribution across the shaft’s surface and away at a relatively large distance 
(four diameters) along the pile’s shaft. 

4. The use of a soft cushion mitigates the problem of a large stress variation across the 
shaft, but diminishes significantly in the quality of the stress wave for use in signal 
match analysis and reduces the energy transfer to the shaft. 

 
4.4 RHEOLOGICAL MODEL OF PILE BEHAVIOR UNDER LOADING  
 
4.4.1 Overview 
 

The proposed rheological model is aimed at achieving a robust yet simple model 
allowing the simulation of the pile’s load-displacement behavior under Static (Standard), 
Express Static-Cyclic, Statnamic and Dynamic Load tests. Initial promising results are presented 
in this manuscript while further research is required. 

 
4.4.2 Model Description 
 
4.4.2.1 Overview 
 

Referring to Figure 326, the rheological model consists of traditional spring elements (E), 
dashpots η, two-directional sliders activated in compression and tension T (see Figure 327), and 
elements T*, which are one-directional sliders, active in compression only (Figure 328). 

The five main units of the model are labeled as “a”, “b”, “c”, “d”, and “e” marked in 
Figure 326. Elements “a” and “b” are two Kelvin elements in parallel subjected to sliders T1

* 
and T2

*. . Element “c” above “a” and “b” control the elastic pile/soil system and has a slider T0
* 

in parallel to units “a” and “b”. Elements “d” and “e” are two additional Kelvin elements in 
sequence with “a”, “b”, and “c”. 

Upon loading, the soil/pile system response undergoes a transition from elastic to elasto-
plastic and finally to a plastic state. For Statnamic test, the fast loading is continuous, in Express 
Static-Cyclic the loading is continuous but at a reduced velocity (comparable to Statnamics) and 
for the static test, in each stage the loading is increased in several steps maintaining a constant 
load in each step. 
 
4.4.2.2 Stage 1 (P ≤ T*0) 
 

During the initial loading, when the load P< (elastic stage) the displacements are only 
in the element E

*
0T

0 and are directly related to the applied load P: 
 

 
0

1 E
PS =  (88) 
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where  S1 = pile settlement during the first loading stage [L] 
 E0 = the spring constant [F/L] 

 
4.4.2.3 Stage 2  (T*0 < P < T*1 + T*0) 

 
At the next stage of loading (Visco-elastic), the displacements are absent in elements T*

1, 
T*

2, T3 and T4, (assuming that T3 < T4). This stage ends when the force in unit “a” achieves the 
limit value, T*

1, i.e. Pa = T*
1. The differential equation for each loading step during this stage of 

the load-displacement relations is as follows: 
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The solution of this equation with the initial condition t = 0,  = 0 is: j2S
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+
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where : - creep settlement for the time the load is kept constant during the loading step. The 
corresponding relationship of settlement and time are presented in Figure 329 where α

cr
jS2

1 is a 
constant: 
 

 α1 = 
21

21

ηη +
+ EE  [1/T] (91) 

 
where ∆P = the analyzed (additional) load step [F] 
 t = time associated with each loading (and settlement) step [T] 
 E1 + E2 = spring constants one and two in parallel [F/L] 
 η1 + η2 = dashpot one and two in parallel [F/V = FT/L] 
 
The incremental settlement of the pile for each step during the 2nd stage is: 
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where :   -  immediate settlement. im
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hence: 
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If t → ∞, the stabilized settlement for the load P at the j-step of the second stage,  is (using 
equation 90): 
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and the final settlement of step j in the second stage is: 
 

 S2j = 
0E
P∆

 + 
1,0E

P∆
 + 

21 EE
P

+
∆  (96) 

 
E0,1 - spring constant, defined using equation 93 as: 
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4.4.2.4 Stage 3 (T0* + T1* < P < T*1 + T*2 + T*0 and Pa > T*1) 
 

The load in this stage is smaller than the bearing capacity of the pile (Pk = T*
1 + T*

2 + T*
0 

- see Figure 330). The differential equation describing the load settlement relations for each load 
step during the third stage is: 
 

 η2 dt
dS j3  = ∆P – S3j · E2 (98) 

 
The solution of this equation with the initial condition t = 0,  = 0 is: jS3

 

 =cr
j

S
3

2E
P∆ (1-e-αt) (99) 

 

where: α2 = 
2

2

η
E

 [1/T] (100) 

 
and  E2 = spring constant [F/L] 
 η2 = dashpot [F T/L] 
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Similar to the response during the second stage, the settlements at each step during the third 
stage are: 
 
  (101) crim

jj jSSS 333 +=
 
where the immediate settlement: 

 

  = im
jS3

0E
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 + 
1,0E
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 (102) 

 
where  and  are the immediate and creep settlement under the j-step in the third stage, 

respectively.  If t → ∞, the stabilized settlement of step-j in the third stage is: 
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The final (stabilized) settlement of step-j in the third stage is: 
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 (105) 

 
4.4.2.5 Stage 4  (T*1 + T*2 + T*0 < P <T3) 
 

When P > T*
1 + T*

2 + T*
0 the bearing capacity of the pile is exceeded and a permanent 

(non-reversible) movement of the pile takes place. The velocity of the settlement is however 
limited. 

During the loading of the fourth stage a prescribed settlement value is obtained but 
settlement stabilization cannot be reached. T3 is the failure load, (Pf of Figure 330 to be discussed 
in section 3) beyond which the velocity of the settlement rises sharply. 

The velocity of the settlement in the fourth stage is: 
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The settlement for each loading step is: 
 
  (108) crim

jj jSSS 444 +=
 

 =im
jS4

0E
P∆

+
1,0E

P∆
 (109) 

where  and  are the immediate and creep settlements under the j-step in the fourth stage, 
respectively. 
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4.4.2.6 Stage 5 (T3< P <T4) 

 
When the load exceeds the failure load but is below the maximum applied static load (Pf 

and Pmax of Figure 330, respectively).  At this stage the velocity of the settlement rises sharply. 
T3 – failure load during the static test (Pf) 
T4 - maximum force that can be applied during the static tests. T4 = Pmax

The settlement during each loading step during the fifth stage is: 
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where  is the immediate settlement in the system and  is the creep settlement. im
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t – time associated with each individual load step-j of the fifth stage 
 
4.4.2.7 Stage 6 (P > T4) 
 

This stage exists only in tests in which the applied load exceeds the maximum static load 
(Pmax of Figure 330) due to dynamic or other effects (e.g. during Statnamic tests). 
The incremental settlement for each loading step in stage 6 is: 
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t - time associated with each individual load step - j of the sixth stage. 

 
4.4.2.8 Condition for Model Operation (E2 T*1 < E1 T*2) 
 

Assuming that a movement in element T*
1 is initiated before a movement in element T*

2 
takes place. As such, the force in unit “a” achieves T*

1 and the movement in unit “a” begins (Pa = 
T*

1), while no movement takes place in unit “b” for which Pb < T*
2. If t → ∞, the movements 

(settlements) in elements “a” and “b” are equal: 
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The force in the element “b” is therefore equal to: 
 

 Pb = E2  * Sbst = E2  * 1

*
1

E
T

 < T*2 (121) 
 
Hence, the condition for the model operation is: 
 
 E2 * T*

1 < E1 * T*
2 (122) 

 
This condition is examined during the numerical solution of the model. If shown otherwise the 
obtained values are reexamined. 
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4.5 MODEL EVALUATION USING NEWBURY TEST PILE #2 
 
4.5.1 Overview 
 

Extensive site investigation, dynamic, static, static cyclic and Statnamic tests were carried 
out by the Geotechnical Engineering Research laboratory of the University of Massachusetts 
Lowell. The Statnamic test results compared to the static test results for two test piles are 
presented by Hajduk et al. (1998). The presented rehological model was evaluated using these 
two test piles following the above outlined procedures. The results of two Statnamic tests on Test 
Pile-2 where used to calculate the ‘static’ load displacement relations and are compared to the 
measured results. 
 
4.5.2 Parameters 
 

Table 42 presents a summary of the model parameters as obtained from the Statnamic 
tests impact #3 and impact #4. For comparison, the parameters were also determined for the 
static load-test results. The following comments can be made regarding the obtained parameters: 

(1) The detailed recorded initial load displacement relations affect the calculated E0. The 
large variation between one Statnamic test to the other is due to delay in the 
displacement response after load application. This however has no significant effect 
on the evaluated capacity. 

(2) As anticipated η4 is four or five orders of magnitude smaller than η1 and η2 and hence 
the only active dashpot during the Statnamic test. 

 
4.5.3 Static Load-Displacement Relationship Based on Statnamic Test Results 
 

The calculated relationships based on the STATNAMIC tests TP#2-3 and TP#2-4 (for 
slow #3 and #4, respectively), are presented in Figures 331 and 332, respectively.  

 As seen, the calculated results based on both statnamic tests are in close agreement with 
the load-displacement relations measured in the slow maintained Static Test for pile TP#2. 

These results can be further evaluated by observing the information presented in Figure 
46 showing that the measured statnamic force-displacement relations (Figure 46a) and the 
derived static force-displacement by the UPM method of Figure 46b (see section 2.3.5.3) 
substantially over predict the static measured capacity. However utilizing the recommended rate 
effect factor presented in this research for piles in clay, η=0.65 (see Table 26), would result with 
a close agreement to the measured static capacity. 
 
4.6 CONCLUSIONS 
 

The presented model provides a basis for the simulation of pile-soil interaction under 
various load rates. The successful implementation of the model for controlled cases in which 
static, static-cyclic and Statnamic tests have been carried out is the first stage for the model 
verification. To the best of our knowledge it is the first time that such model is developed and 
implemented for high rate testing. Further examination of the model need to be carried out, 
followed by a parametric evaluation of the Statnamic test results under various soil conditions. 
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CHAPTER 5 
 
SUMMARY, CODES, CONCLUSIONS, RECOMMENDATIONS AND SUGGESTED 
RESEARCH 
 
5.1 SUMMARY 
 
5.1.1 Summary Tables 
 

Tables 43 and 44 summarize the major attributes, status and proposed future work for the 
primary and secondary investigated load testing systems. 
 
5.1.2 Summary of Study 
 
 A traditional static axial deep foundation load test is performed by a slow application of a 
force produced against an independent reaction, imitating structural loading. It is the most 
reliable method to determine the pile’s performance as commonly required under typical service 
conditions. The major limitations of this testing are: (i) high cost associated with set-up, test 
duration, interpretation and construction delays, and (ii) inability to obtain information about the 
pile-soil interaction along the pile without additional testing means (e.g., tell tales, strain gauges, 
etc.). These limitations are acute when high capacity foundations are involved. 
 Alternative methods to the standard static load testing have been developed in two 
principal avenues: (i) Static loading by methods that either do not require independent, external 
reaction for load application (e.g. Osterberg cell; Osterberg, 1989), or short duration, pseudo-
static loading procedures (e.g. Static-Cyclic Testing; Paikowsky et al., 1999) and, (ii) Dynamic 
testing in which the pile is exposed to dynamic efforts (i.e. a force or stress is generated within or 
at the boundary of the pile through the intervention of mass and acceleration). These testing 
methods include the generation of low and high strain waves as well as impacts that produce 
long relative wavelengths most appropriately termed kinetic testing or fast penetration testing. 
 Both avenues of alternative testing methods (static and dynamic) are researched in the 
presented study. Simplified models along with a relative wavelength concept are utilized for pile 
testing classifications. The different innovative testing methods are reviewed, concentrating on 
three primary (widely used) and four secondary pile test types, namely: Drop Weight System, 
Statnamic test and Osterberg Load Cell technology being the primary and Simbat, Fundex, 
Smartpile and SmartCoil being the secondary. The static load test procedures including the 
relatively fast static-cyclic testing method are summarized and used as a benchmark. 
 Following a review of the systems and testing procedure, the different testing methods 
were researched according to the available data, need for investigation and perceived difficulties.  
 The drop weight system was investigated via two databases. One of dynamic 
measurements and the associated predicted capacity (DW2000), and the other including drilled 
shafts for which static load tests had been carried out in addition to the dynamic measurements of 
the drop weight testing (DW/LT2000). Database DW2000 was used to examine the typical 
performance of a drop weight system (e.g. energy transfer), and to develop generic 
recommendations for the required ram weight and stroke height for a given capacity (ultimate or 
needed). Database DW/LT2000 was used for evaluating the developed recommendations and 
refining them based on the tested foundation; differentiating between the major sources of 
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resistance (end bearing vs. frictional), and associating the recommendations to the permanent 
displacement of the deep foundation. The predicted capacities in database DW/LT2000 were 
compared to the capacities measured in the static load tests using various interpretation methods 
and differentiating between static load tests to failure and non-failed extrapolated static loading. 
The results were compared to the performance of the same dynamic prediction methods when 
utilized for driven piles for which large databases are available, as well as the performance of 
static capacity prediction methods. Specific difficulties associated with the ram-pile impact were 
investigated using the impact specific FE code LS-DYNA. Realistic three-dimensional 
simulation of a ram impact with a pile were performed for the first time allowing identification 
of the major source of dynamic measurement difficulties when conducting drop weight testing 
(i.e. uneven impact), and examining various remedies (e.g. soft cushion) and test 
recommendations (e.g. instrumentation attachment location away from impact). The above 
analyses and available reviewed codes had led to the following major conclusions: 
The ram weight should be larger than 1% of the expected mobilized capacity in the case of 
frictional shafts or shafts for which more than 2mm permanent set (under the analyzed blow) can 
be achieved. For end bearing shafts, the ram weight should be larger than 1.5% of the expected 
mobilized capacity. A distance of two diameters or more should be maintained between the 
impact and the strain measurements, which should be carried out at least at four locations around 
the perimeter. The accuracy of the tests is as reliable as those carried out for driven piles under 
restrike, subjected to the limitations of the available case histories of database DW/LT2000. 
 The Statnamic testing method was investigated via a database of case histories comparing 
predicted capacity to that measured by static load-tests. Sub-categorization and past experience 
suggested large capacity overpredictions when using the method in deep foundations constructed 
in cohesive soils (i.e. silts and clays). Attempt was made to introduce a rate effect factor based on 
soil type and testing performance (e.g. η = 0.69 in silt and η = 0.65 in clays). The use of these 
“correction factors” suggest improved performance of the method in all testing conditions. These 
factors are based on currently available small database (e.g. 13 cases in silt and 4 in clay). The 
approach presented is practical for the immediate testing needs and allows the great benefits 
associated with the Statnamic testing method (mobility of very high impacts). It is not based 
however on a fundamental solution that addresses the mechanics behind the problem. This was 
addressed via a rheological model that was developed in the research that seems to have the 
potential of addressing kinetic testing for which one-dimensional wave mechanics is not 
applicable. 
 The investigation of the Osterberg cell (O-cell) testing method concentrated on a Finite 
Element Method (FEM) study addressing the major issues encountered during O-cell tests in soil 
or rock and researching the controlling factors. The study targeted the issue of underlying 
differences between deep foundation interfacial shear resistance when being loaded from top 
down (conventional use and static testing) versus from down up (O-cell testing). A sample 
analytical model to examine the same issues was developed as well. A limited number of 
detailed case histories was used to examine the analyses. The available data were found to be 
extremely difficult to use due to their scarcity, the influence of the tests themselves on the 
measured results (e.g. shear of concrete-rock interface in static test and then comparing the 
results to O-cell test on the already sheared interface), and spatial variability when running two 
tests on two adjacent foundations. The best comparative tests in soft soil appear to indicate 
relatively good correlation between side shear resistance in O-cell and top down loading. 
Overall, the presented research suggests that the differences in mobilized base resistance from an 
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O-cell loading and top down loading are relatively minor for shafts in soil or rock. The 
differences in mobilized side shearing resistance from an O-cell loading and top down loading 
are relatively minor in soil with most instances having measured values of unit side shear from 
an O-cell to be slightly conservative relative to top-down loading. For shafts in rock, the unit side 
shear values mobilized during O-cell tests tend to be conservative relative to unit side shear 
values which may be mobilized from top down loading. The differences increase as the modulus 
of the rock mass approaches 10% or higher than the modulus of the shaft’s concrete.  
 The four secondary testing methods were reviewed to the extent of available data and/or 
possible examination via models. 
 The Simbat method is essentially a drop-weight testing with improved displacement 
measurements, and a different interpretation procedure than the standard signal matching 
analysis. Comparisons on the basis of ultimate static capacity seem to show difficulties for piles 
in clay and overall prediction accuracy lower compared to the standard dynamic method 
procedures. Comparisons between predicted to measured values on the basis of settlement alone 
(especially within the working loads) are available for a large number of cases but are of limited 
significance in the context of capacity evaluation, being appropriate for proof testing. 
 The Fundex load testing system extends the time period of an impact via springs. The 
resulting long stress waves cannot be analyzed via wave propagation analyses but require 
addressing the resulting dynamic effects. The simple model used by the method for test result 
interpretation is not effective in doing so. The limited information available for comparing 
testing results to static load tests along with the theoretically questionable basis makes the 
method less attractive for ultimate capacity prediction purpose at the present. 
 The Smartpile method employs effective technology to directly measure forces in the pile 
during impact testing mostly of driven piles. The interpretation methods of the test results (under 
the limited available data and when comparing the predictions to static load-test results) point to 
the inability of the method to address the complex soil-pile interaction during driving. 
 The Smartcoil method appears to be a novel, interesting concept, but no information is 
available of its actual implementation, let alone effectiveness. 
 Several models were developed and utilized to assist the study. A simple model is used to 
investigate the behavior of piles under impact and categorize the testing methods, and is 
demonstrated through a detailed case history. The second model represents a change in the 
approach of testing interpretation. A rheological model is developed for analyzing the deep 
foundation response under different testing methods. The model, while applicative to all testing 
methods, seems to be particularly attractive for addressing the deficiencies of kinetic testing (e.g. 
Statnamic tests). 
 
5.2 CODES 
 
5.2.1 Overview 
 

While being popular worldwide, the innovative load testing systems have limited 
available references in codes and regulations. One such code is the Chinese specification for high 
strain dynamic testing that specifically includes the drop weight testing. 
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5.2.2 Chinese Code 
 

Mr. Frank Li, of the research team, had worked previously in China in high strain drop 
weight dynamic testing. To examine the practice there, and recognizing the fact that it is the only 
known code to include drop weight testing, an effort was made to translate this code to English. 
The results of this effort are presented in Appendix C. It is emphasized that this translation is not 
intended for any other purpose other than the above and hence the research team is not 
responsible for the accuracy of the translation and/or for any other use made of this translation. 
In reference to the attached translation, please note the following: 

1. The code fully recognizes the drop weight system with the major parts applicable for 
both tests (dynamic tests on driven piles and drop weight on in-place constructed 
deep foundations). 

2. The tests are recognized for integrity purpose also. 
3. Some provisions refer explicitly to in-place constructed deep foundations e.g. 5.1.2.3, 

5.1.3.3, 5.1.4.2, 6.1.1.2, 6.1.4, 7.3.1.3 and others. 
4. Additional relevant table from the Shanghai Foundation Code (of time delay for 

testing) was added at the end of the document. 
5. Some sections of the codes, while instructing the user in a reasonable way, lack 

specifics which detracts from its meaning. 
 

5.2.3 Japanese Code 
 
 A draft for a Japanese code for rapid load test of single pile is available and is provided in 
Appendix C (Part B). Though not specifically mentioning a testing system, the suggested loading 
duration and name implies the use of kinetic testing such as the Statnamic test (see Figures 5, 7 
and Table 1 of this report). 
 
5.2.4 American Standard 
 
 Subcommittee D18.11 of Committee D18 on Soil and Rock of the ASTM have examined 
a proposed standard testing method for piles under rapid axial compression, namely the 
Statnamic test. As the standard has not yet been approved and published no reference is 
provided. 
 
5.3 OBSERVATIONS, CONCLUSIONS AND RECOMMENDATIONS 
 
5.3.1 General 
 

This section summarized the observations and conclusions derived at the study. 
Suggested relevant recommendations are marked by bold italics text along the relevant 
observations and conclusions. 
 
5.3.2 Principles 
 

1. The classification of pile testing on the basis of relative wave length (Λ, which 
represents the duration of the force pulse relative to the pile’s length) was found to be 
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effective. This classification explains the relationship between loading, the transfer of 
the loading in the pile, the importance of dynamic effects and the ability to employ 
wave mechanics principles in analyses evaluating the pile-soil interaction when 
utilizing measurements recorded at the pile top. Such classification prevents 
misconception about the duration of the loading and its relationship to static loading. 

2. The use of simplified models enables to gain insight to the mechanical principles of 
the various testing methods to the point of obtaining reasonable practical 
representation of field measurements. Their use should be encouraged as a mean to 
evaluate and demonstrate the relationships between the impacting body and the pile 
for the different testing methods. 

3. Advanced new modeling (e.g. LS-DYNA) enables to simulate dynamic interactions 
(e.g. ram-pile impact) in a realistic way, previously not available. The use of such 
analyses is recommended to identify problems, limits and solutions for various drop 
weight systems and foundations. Such study will provide guidance for effective 
utilization of the impact application and measuring systems, (as was demonstrated) 
and hence allow the development of better guidelines. 

4. The use of a rhehological model for the purpose of impact analysis based on 
evaluating a test result under one rate of loading (e.g. static) from another rate of 
loading (e.g. kinetic) have proven to be very successful and promising. Further 
effort is required for the examination of the model under a wide range of testing 
methods and conditions. 

 
5.3.3 Testing Methods 
 
5.3.3.1 General 
 
 Sizeable databases (relative to the state of the art) were accumulated for the evaluation of 
two of the testing methods; drop weight and Statnamic tests. The results of the databases 
analyses and relevant other information lead to the following conclusions and recommendations 
(highlighted in bold italics): 
 
5.3.3.2 Drop Weight System 
 

1. The construction methods of drilled deep foundations allow for limited quality control, 
and hence the structural integrity and the geotechnical capacity are highly variable and 
uncertain. 

2. Dynamic testing is an attractive alternative solution for static load-testing of in-place 
constructed deep foundations (IPCDF). These need however, to provide wave resolution 
with depth in order to enable meaningful structural integrity evaluation and soil-pile 
interaction interpretation based on wave mechanics. 

3. The preferable stress wave for drilled foundations dynamic testing consists of high stress 
peak short duration signal with a small as possible relative wavelength (Λ<1). These are 
obtained by high velocity impact of longer and narrower rams. 

4. Drop-weight systems consist of simple mechanical elements allowing dropping a weight 
on the top of a deep foundation. Various drop weight set-ups exist with systems of 

 129 



choice encompassing modular weights, variable drop height and better control of ram 
alignment. 

5. Dynamic measurements consist of acceleration and strain measurements on the 
circumference of the deep foundation element and possible acceleration measurement of 
the ram. The measurement of the ram’s acceleration provides the impact force 
experienced by the ram, which is accurate for representing the pile top as long as the 
impact is even and strain measurements are taken at the pile top. The calculation of the 
force signal from the strain measurement assumes the knowledge of the drilled shaft’s 
modulus and cross section as well as uniform stress distribution.  

6. Sources for possible difficulties of dynamic measurements on in-place constructed deep 
foundations (see Table 4) include:  

a. Construction problems – non-uniform cross-section, uneven shaft surface and 
poor quality of concrete in the exterior sections. 

b. Testing problems – low energy and/or low velocity impact, uneven ram impact. 
c. Reaction problems – the development of high friction at the top part of the shaft. 

7. The problems associated with the quality and geometry of the foundation can be 
controlled by the appropriate construction of the shaft’s top. The construction of a 
vertical, uniform and level head shaft extension (possibly in a sleeve) of two-diameter 
long can also be achieved by an excavation around the shaft.  

8. Even ram impact on a striking plate and a cushion creates a symmetric, non-uniform 
contact stresses at the surface (Figure 312). These stresses become however uniform 
within a short distance of about one radius from the pile’s top (Figure 313). Uneven 
impacts due to a tilted ram (even with a small inclination of 1°) creates uneven stress 
wave at the surface that remains uneven at a great distance (of over four diameters) from 
the pile’s top (Figures 319-320). The use of a soft cushion system attains a more uniform 
stress distribution with the price of energy loss and a signal of smaller peak stress and 
higher duration (Figures 324-325). This difficulty in dynamic measurements can only 
be solved with the attachment of multi strain gauges (minimum four) around the 
perimeter at a distance of at least two-diameters from the shaft’s top.  

9. The use of a ram of a smaller diameter than the shaft itself creates uneven stresses at the 
surface that become uniform across the shaft within a short distance from the shaft’s top 
(within one diameter) (Figures 291-294). 

10. High reaction forces (friction) close to the shaft’s top create early reflection waves, 
which invalidate the proportionality between the measurements of force and velocity 
(multiplied by the shaft’s impedance). This creates two problems: (a) inability to 
examine independently the force measurements affected by many sources of difficulties, 
and (b) the need to conduct a very careful signal matching analysis. 

11. The ram weight should be larger than 1% of the expected mobilized capacity in the 
case of frictional shafts or shafts for which more than 2mm permanent set (under the 
analyzed blow) can be achieved. For end bearing shafts, the ram weight should be 
larger than 1.5% of the expected mobilized capacity (Figure 160). 

12. Drop weight tests to failure (either structural or geotechnical) are best conducted by 
applying multiple impacts with a gradual increase of the impact energy (height and/or 
weight). Three to five impacts were experienced to be adequate with the higher 
number relevant to initial tests in a specific project and the lower number applied to 
subsequent tests under similar conditions. 
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13. The comparison between capacity predictions of drilled deep foundations based on 
dynamic measurements and signal matching analysis and static load tests had resulted in 
excellent agreement. The ratio of measured to calculated capacity (based on the FHWA 
failure criterion) was found to be 1.05±0.12 (1 S.D.) for 39 cases (Figure 154, Table 20). 
This ratio can be compared to that obtained for driven piles in restrike analyzed by 
signal matching analysis. For 162 piles, this ratio was found to be 1.16±0.39 (1 S.D.). 
Both ratios well exceed the typical accuracy of static analyses of drilled shafts, which 
varies between 0.90 to 1.71 and coefficients of variation between 0.30 to 0.60. 

 
5.3.3.3 Statnamic Tests 

 
1. State of the practice review of the testing method including equipment procedures and 

analysis methods is presented. As the tests involve the creation of a long force wave, 
it results with relative wavelength (Λ) greater than 10, not suited for analysis 
employing wave mechanics. 

2. The analysis methods most commonly used worldwide for the interpretation of 
Statnamic tests make use of simplified mechanical principles employing inertia and 
viscous damping correction. The accuracy of these interpretation methods when 
utilized for deep foundations in cohesive soil subsurface conditions was found to be 
unsafe when compared to static load test results (bias-static to prediction ratio of 
about 0.7 for 20 cases in silt and clay, see Table 25). 

3. A simple and practical improvement is suggested in this study by incorporating a rate 
effect factor. With the inclusion of these factors, a single safety factor or resistance 
factor can be employed regardless of soil type. 

4. Rate effect factors were developed to calibrate the Unloading Point (UP) predicted 
load response to the measured static response while developing a recommended 
safety factors. The values presented in Table 26 should be applied to UP analyses to 
predict the static response and design foundations using Statnamic test results. 
Statnamic testing firms in the American continents have adopted the use of the rate 
effect factors listed herein. Therefore, designers will only rarely be exposed to un-
factored predictions. 

5. The three analysis methods recommended for use with the above rate effect factors 
are the Unloading Point Method (UPM), the Modified Unloading Point Method 
(MUP), and the Segmental Unloading Point Method (SUP). These methods (identical 
in concept but vary in the required field data collection) should be selected based on 
pile length and/or performance.  
a. The UPM should be limited to relatively short foundations (wave number, Nw 

>12) that exhibit a plunging response (i.e. measurable permanent set). The 
required field data should include top of pile measurements of load, 
acceleration, displacement (optional), and time. 

b. The MUP method is also limited to the same length piles (Nw >12) but can be 
used when the foundation exhibits an elastic response (i.e. minimal permanent 
set). In those instances the top and toe displacement must be recorded 
independently for the MUP analysis. This method therefore requires field 
measurements of load, top of pile acceleration, toe of pile acceleration and time. 
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c. The SUP method can be used for much longer piles (Nw > 6) but must have 
strain gage instrumentation located along the length of the foundation defining 
shorter segments with Nw > 12. Field measurements should include top of pile 
load, acceleration, displacement and time. 

6. Two public domain software packages have been developed that perform Unloading 
Point analyses: SAWR4 and SUPERSAW which can be downloaded from 
http://www.eng.usf.edu/~gmullins/. As a result of this study, these packages have 
been updated to include the rate effect factor when predicting the static equivalent 
response. 

 
5.3.3.4 Osterberg Cell 

 
Detailed FE analyses and comparisons to data from case histories lead to the 

development of the following recommendations: 
1. No specific changes in the practice of O-cell testing for drilled shafts in soil are 

suggested at the moment. However, it is advisable that the sole source provider of the 
tests (Loadtest, Inc.) be consulted in the planning process so that the location of the 
cell(s) are placed in the optimum location so that measurements of side shear and 
base resistance are obtained.  

2. Recently completed, detailed, full scale testing comparing up-down to down-up 
loading on identical instrumented 1.5m diameter rock socketed drilled shafts is 
presented by Kwon et al. (2005), (not reviewed earlier in this study). This detailed 
study suggests that improvements are needed to the method currently used for the 
equivalent top-down curves derived from the down-up curves. 

3. The average unit side shear measured during an O-cell test on a drilled shaft socket 
into rock is expected to be conservative and the distribution of maximum side shear 
resistance (interpreted from strain gauges) is expected to be biased toward higher 
values nearest the O-cell. It is suggested that designers either use average values of 
maximum unit side shear or at least temper the measured unit side shear values 
with judgment in regards to distribution with respect to depth. 

4. It is recommended that O-cell testing be performed in test shafts, which will not 
function as production shafts. Strain-softening of the maximum side shearing 
resistance has been noted with shafts which have been loaded to failure with full 
load reversal, and this degradation in side shearing resistance would potentially 
reduce the top-down load capacity of a shaft which has been loaded to side shear 
failure from a bottom-up loading. 

5. In view of the widespread use of the O-cell test for drilled shafts in rock and the lack 
of direct field comparisons between O-cell tests and top-down tests under such 
conditions, there is a compelling need for research to conduct such tests. It is 
recommended that a few major bridge projects for which O-cell tests are to be 
employed in rock sockets be selected as candidate projects for comparative tests to be 
performed. A comparative load test program would then need to be carefully 
designed to attempt to isolate the test method as a single variable; tested rock sockets 
would need to be constructed under identical conditions in rock conditions which 
must be relatively uniform. The results of such tests would be extremely valuable not 
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only in evaluating test methods, but in developing a better understanding of drilled 
shaft behavior in rock. 

 
5.3.3.5 The Secondary Testing Methods 
 
 Secondary additional less widely used innovative testing methods have been reviewed 
and evaluated. The Simbat method is essentially a type of a drop weight system with some 
advantages gained from additional high quality independent measurements and some limitation 
due to the restricted analysis methods. A larger database and possibly examination of various 
other analysis methods will most likely proven the concept promising. The other examined 
methods suffer either from a theoretically deficient concept (Fundex) or a theoretical deficient 
interpretation method (Smartpile). Section 5.1.2 and Table 44 present best the comments relevant 
to these methods. 
 
5.4 SUGGESTED RESEARCH 
 
5.4.1 Overview 
 

Tables 43 and 44 provide a summary of the reviewed methods attributes, current status 
and proposed future work. In the previous sections of Chapter 5 and throughout the manuscript, 
references are made to required research. The following are general suggestions with details to 
follow: 

1. All testing methods suffer from two issues: (a) lack of clear identification of the 
conditions in which the methods operate best or are not reliable and the degree of 
uncertainty, and (b) lack of good quality data associated with highly controlled testing 
environment. 

2. In spite of the fact that two of the methods were evaluated with a relatively sizeable 
database, many questions remain regarding the quality of the data (drop weight 
system) or the robustness and consistency of the interpretation (Statnamic). 

3. New analytical tools like the impact analysis provide information that is valuable for 
testing evaluation, guidance and the development of testing procedures. 

4. New interpretation concepts (e.g. the presented rheological model) which are not 
‘locked’ in the entrenched analysis methods (e.g. wave mechanics or oversimplified 
Kelvin-Voigt models) seem to have the ability to better address the needs of testing 
which are faster than static tests but slower than dynamic (i.e. kinetic). Their potential 
requires a relatively limited effort and has the potential for a high return. 

 
Three possible research statements (or their combination), each related to the three major 

testing methods are proposed. The following section addresses each of the primary researched 
methods and following a status statement provides suggested future research categorized into 
five areas namely; Development, Database, Models, Tests and Guidelines. 
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5.4.2 Drop Weight System 
 
5.4.2.1 Status 
 

This is a mature testing method that enjoys the flexibility of locally developed drop 
weight equipment and data acquisition systems. Though the market of equipment for dynamic 
monitoring of pile driving in the US is controlled by a single commercial entity, alternative 
equipment is readily available and current technology can be utilized for the same purpose as 
well. These facts contributed to the method’s relatively low cost and common use worldwide. 
The major deficiencies are associated with clear identification of limitations and solutions so 
guidelines can be developed for its successful use, addressing issues of equipment requirements, 
testing procedures and data collection as well as interpretation method and its application in 
construction. Due to the mature nature of the method, LRFD AASHTO specifications can be 
prepared as part of the project. 
 
5.4.2.2 Proposed Title for Research Statement 
 

Title: Load and Resistance Factor Design (LRFD) Specification for Drop Weight 
System Testing 

 
5.4.2.3 Development 
 

1. Testing equipment – technically analyzing the equipment requirements to address 
specific needs – e.g. even impact, modular ram, controlled drop height, etc. 

2. Measuring equipment – the needs here can be addressed in two ways; (i) developing 
alternative simple and generic measuring equipment that can be obtained in a fraction 
of the cost compared to the commercially available proven equipment used for 
dynamic measurements of driven piles, and (ii) incorporating tools and ideas used in 
other testing methods to complement the available system (with or without (i) above). 
For example, independent measurement of displacement as commonly used by 
Statnamic or Fundex and/or independent measurement of force instead of strain as 
commonly used by the Smartpile system (not necessarily the same components), and 
via the ram acceleration as used by Newton’s Apple. 

 
5.4.2.4 Databases 
 

DW/LT 2000 is a reasonable size database; however, it is limited in the number of cases 
of good quality. The quality of a database is compromised when the number of tests is limited 
and an effort is made to make use of any possible available case history. More data is currently 
available worldwide and, hence, the database can be significantly expanded with the proper 
resources. Such development is essential for the establishment of the method as demonstrated in 
the present research (section 3.3.). The developed databases can be used to develop performance 
based resistance factors as part of LRFD AASHTO specifications. 
 

 134 



5.4.2.5 Models 
 

As the signal matching analysis was proven to be a powerful tool for the cases in which a 
short wavelength exists (Λ<1), alternative methods do not seem necessary at the time. Simulation 
models of the impact between the ram and the deep foundation are an excellent tool to 
investigate problems, limitations and possible solutions. The study presented in this research is 
only preliminary in the possibilities of its use, but provides an excellent demonstration to such 
powerful modeling in recognizing the critical shortcomings of the testing system and addressing 
solutions. Extensive more realistic study to the one presented (e.g. including essential non-elastic 
behavior of the cushion) and non-uniform shafts can help immensely in the investigation of the 
limitation of the method, possible solutions and development of guidelines. 
 
5.4.2.6 Tests 
 

Benchmark high quality testing is required as many of the case histories used in the 
database are of limited quality. The testing should be carried out for drop weight and 
conventional top-down axial static loading on instrumented in-place constructed deep 
foundations, and need to specifically address; reliability of total capacity prediction including the 
ability to obtain repeatable predictions out of sequential impacts, accuracy of soil-structure 
interaction predictions and the effects of testing and shafts problems (e.g. uneven impact, low 
quality foundations, etc.) on the test results. 

Such tests would be better conducted after above stages are completed (development, 
database, models) so they can be guided by the results of the studies as well as the 
implementation of additional/new equipment as suggested in section 5.4.2.3. 
 
5.4.2.7 Guidelines 
 

1. Impact equipment technical details – e.g. guarantee of even impact, free fall, etc. 
2. Deep foundation preparation – e.g. sleeve with free extensions above or below 

ground, smooth and level top, etc. 
3. Testing – ratio of impact mass to tested capacity, reliability, maximum wavelength. 
4. Data acquisition – type and number of gauges and their location. 
5. Procedure – number of drops, height of fall, quality of data, independent 

measurement. 
 
5.4.2.8 Priority 
 

1. Ram-pile impact modeling 
2. Database 
3. Guidelines 
4. Development 
5. Tests 

 
5.4.2.9 Budget 
 

$650,000 – including three dedicated field tests 
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5.4.3 Statnamic Testing 
 
5.4.3.1 Status 
 

Due to its unique advantages providing high mobility and enormous capacity in difficult 
to reach places, the method is applied under relevant conditions worldwide. While technically 
competent in performance and measurements, the method’s use is hampered by its low reliability 
when applied in cohesive subsurface conditions. It seems that the key impediment lies in 
developing reliable methods of interpretation. 
 
5.4.3.2 Proposed Title for Research Statement 
 

Title: Modeling, Testing and Guidelines Development for Statnamic Testing 
 
5.4.3.3 Development 
 

1. Testing equipment seems to be continuously developing and provides reliable 
performance so no direct research should be conducted here. 

2. Measuring equipment is well conceived and reliable. Effort can be made in improving 
the ability to obtain multipoint force measurements along the pile to address the 
modified and segmental unloading point methods (MUP and SUP). 

 
5.4.3.4 Databases 
 

Expansion of databases is a consistent need and should be part of an ongoing effort. As 
far as the major limitation of the method lies in its performance in cohesive soils, the effort of 
testing, modeling and database building should concentrate in that direction. Reliable resistance 
factors according to LRFD methodology can be obtained at least for the cases for which 
sufficient data are available (e.g. tests in granular soils). Additional factors can be evaluated for 
other conditions utilizing available data and professional expertise. 
 
5.4.3.5 Models 
 

As the use of wave mechanics based analysis is inadequate for addressing the needs of 
interpreting Statnamic load-test results, other models were developed. The current models seem 
to be limited in their ability to correctly address the pile-soil interaction when Statnamically 
testing deep foundations in cohesive soils. The rate effect factors developed and proposed in this 
research are by no means a fundamental solution, but practically address current needs. It is 
suggested to concentrate the efforts therefore, in an alternative model and method of analysis 
capable of addressing the Statnamic test results in all subsurface conditions. The model 
developed and presented in this research can serve as a good starting point of such effort. 
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5.4.3.6 Tests 
 

Well designed tests under specific conditions can enhance tremendously our ability to use 
the method under all subsurface conditions. Such tests should be carried out following the 
development of promising models, most likely in cohesive subsurface conditions and in well 
instrumented deep foundations so all possible methods of analysis can be examined. Statnamic 
and static load tests will need to be carried out with careful regard to the test timing and time 
effects on the capacity. 
 
5.4.3.7 Guidelines 
 

A concentrated need exists in classifying the limitation of the method with a clear 
distinction between reliable and unreliable conditions for application. 

 
5.4.3.8 Priority 
 

1. Development of a model for test results interpretation 
2. Development 
3. Database 
4. Tests 
5. Guidelines 

 
5.4.3.9 Budget 
 

$650,000 – including three dedicated field tests and industry cooperation 
 
5.4.4 Osterberg Cell 
 
5.4.4.1 Status 
 

The O-cell is a proprietary method marketed by a single vendor. In principle, the method 
was used in a different variation (as a flat jack test) for many years prior to its establishment and 
patent in the USA (as a mature and well-conceived technology). Its high capacity and static load 
application are clear advantages, while its high cost, load direction and reliability are a deterrent 
from a much larger use. 
 
5.4.4.2 Proposed Title for Research Statement 
 

Title Examination, Testing and Guidelines Development for Osterberg Cell Testing 
Method 

 
5.4.4.3 Development 
 

Alternative, simple and low cost technical development can be done based on long used 
technology like the flat jack. Such development can provide a simple testing procedure at a 
fraction of the presently marketed O-cell technology. 
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5.4.4.4 Databases 
 

Well-documented, high quality case histories are difficult to obtain due to cost, effect of 
reverse loading on the test results (hence the need for two independent foundations), multiple 
factors which affect the test results (hence isolation of cause and effect are difficult) and more. 
While additional cases emerge around the world (e.g. Kwon et al., 2005), the systematic large 
scale load testing does not seem practical. It is recommended though to keep up an ongoing 
effort of database buildup while focusing on well-conceived new high quality testing, possibly as 
part of bridge construction. 
 
5.4.4.5 Models 
 

Two types of efforts relevant to the O-cell are required to be addressed: 
(i) A study addressing the factors affecting top-down and down-up interfacial shear and 

force displacement curves. Example of such study is presented in this research but 
other considerations are difficult to obtain via the FE modeling.  

(ii) The accuracy and effectiveness of the equivalent top-down curves obtained from the 
down-up test results. 

 
5.4.4.6 Tests 
 

Well-conceived instrumented tests on two “identical” foundations loaded up-down and 
down-up are needed. Isolation of material and segmental testing is required. 

 
5.4.4.7 Guidelines 
 

As a proprietary testing method, guidelines should be developed for optimal conditions 
of use, limitations and reliability under variable testing conditions. 
 
5.4.4.8 Priority 
 

1. Modeling 
2. Guidelines 
3. Databases 
4. Tests 

 
5.4.4.9 Budget 
 

$650,000 – including two double field tests and industry cooperation 
 

 

 138 



REFERENCES 
 
1. AASHTO, (1994).  LRFD Highway Bridge Design Specifications.  SI Units, 1st Edition, 

American Association of State Highway and Transportation Officials, Washington, DC. 
2. ASTM D4945-00, (2000).  “Standard Test Method for High-Strain Dynamic Testing of 

Piles,” Annual Book of Standards, Section Four Construction.  ASTM, Vol. 04.08, West 
Conshohocken, PA. 

3. ASTM (1999).  “Standard Test Method for Piles Under Rapid Axial Compressive Load.” 
(Submitted – Unpublished) 

4. ASTM, (1996).  Annual Book of Standards. Volume 04.08, Soil and Rock (I): D420-
D4914, American Society for Testing and Materials, West Conshohocken, PA. 

5. Baker, C.N., Drumright, E.E., Briaud J.-L., Mensah, F D., and Parikh, G. (1993).  Drilled 
Shafts for Bridge Foundations, Publication No. FHWA-RD-92-004, Federal Highway 
Administration, Washington DC, pp. 336 

6. Bermingham, P. and Janes, M. (1990).  “Statnamic test. An innovative method for testing 
deep foundations”, Proceedings of the Annual Conference and the First Biennial Environmental 
Speciality Conference, May 16-18, Hamilton, Ontario, Canada, vol. 2, part 2, Canadian Society 
for Civil Engineering, Montreal, Quebec, Canada, p. 590. 

7. Bielefeld, M.W., Middendorp, P., (1995).  “Statnamic Simulation.”  Proceedings, First 
International Statnamic Seminar, Vancouver, BC, Canada, September 27-30. 

8. Boussinesq, J. (1883). Compt. Rend., Paris, p. 154 
9. Bowles, J.E. (1996).  Foundation Analysis and Design, The McGraw-Hill Companies, 

Inc., New York, USA. 
10. Briaud, J.L. (1997). The National Geotechnical Experimentation Sites at Texas A&M 

University: Clay and Sand—a Summary, Rep. NGES-TAMU-007, Civil Engineering, 
Texas A&M University, College Station, Texas. 

11. Briaud J.L., Ballouz M., and Nasr G. (2000),  “Static Capacity Prediction by Dynamic 
Methods for Three Bored Piles”, ASCE, Journal of Geotechnical and Geoenvironmental 
Engineering, Vol. 126, No.7, July, 2000, pp.640-649. 

12. Brusey W.G. (2000).  “JFKIA-Post Grouted Drilled Shafts and Driven Piles-Update”, 
Proceedings, 25th Annual Meeting and 8th International Conference and Exposition, Deep 
Foundations Institute, New York, October 5-7, pp.169-179. 

13. Butler, H.D. and Hoy, H.E. (1977).  Users Manual for the Texas Quick-Load Method for 
Foundation Load Testing, Report No. FHWA-IP-77-8. Federal Highway Administration, 
Washington, DC, pp. 59. 

14. Camp, W.M., Brown, D.A., and Mayne, P.W. (2002).  “Construction Method Effects on 
Axial Drilled Shaft Performance”, ASCE Geotechnical Special Publication, no. 116, vol. 
I, pp. 193-208. 

15. Cannon, J.G. (2000).  "Case study on the application of high strain dynamic pile testing", 
Proceedings, Sixth International Conference on the Application of Stress-Wave Theory to 
Piles, S. Niyama, and J. Beim eds, September 11-13, São Paulo, Brazil, Balkema, 
Rotterdam-the Netherlands, pp.399-402. 

16. Chenghua, L. (2001).  “Nanchang Mingshi Garden Foundation Testing Report”, Jiangxi 
Huachang Civil Engineering Testing Center (20000602). 

17. Chua K.M., Aspar W.A.N., Meyers R. (1994).  “Testing and Predicting the Movement of 
a Drilled Shaft in New Mexico”, Proceedings of Settlement ’94 Vertical and Horizontal 
Deformations of Foundation and Embankment, College Station, Texas, June 16-18, 

 139 



ASCE Geotechnical Special Publication No.40, pp. 279-290. 
18. Chua K.M., Meyers R., Samtani N.C. (2000).  “Evaluation of a Load Test and Finite 

Element Analysis of Drilled Shafts in Stiff Soils”, Proceedings of the Conference Geo-
Denver 2000 New Technological and Design Developments in Deep Foundations, Aug 5- 
8, Denver, Colorado, ASCE, Geotechnical Special Publication No. 100, pp. 269-283. 

19. Coyle, H.M., and Reese, L.C. (1966).  “Load Transfer of Axially Loaded Piles in Clay.” 
ASCE Journal of the Soil Mechanics and Foundation Division Proceedings, 92 (SM 2), pp. 
1-26. 

20. Das, B.M. (1993).  Principles of Soil Dynamics.  PWS-Kent Publishing Company, Boston, 
MA. 

21. Davisson, M.T. (1972).  “High Capacity Piles,” Proceedings of the Soil Mechanics Lecture 
Series on Innovations in Foundation Construction, American Society of Civil Engineers, 
Illinois Section, Chicago, March 22, pp. 81-112. 

22. DeBeer, E.E. (1970).  Proefondervindellijke bridrage tot de studie van het 
grandsdraagvermogen van zand onder funderinger op staal.  (Experimental Determination of 
the Shape Factors and the Bearing Capacity Factors of Sand) English version, 
Geotechnique, Vol. 20, No. 4, pp. 387-411. 

23. DiMillio, A. (1998),  A Quarter Century of Geotechnical Research, FHWA-RD-98-13X, 
Disseminated by Federal Highway Administration (FHWA) Research, and Technology 
U.S. Department of Transportation. 

24. Donald I.B., and Chiu, H.K. (1980).  “Theoretical analysis of rock socketed piles”, 
Proceedings International Conference on Structural Foundations on Rock, Sydney, 
Australia, Vol. 1, A.A. Balkema, Rotterdam-the Netherlands, pp. 303-315. 

25. Dunnicliff, J. (1988).  Geotechnical Instrumentation for Monitoring Field Performance. 
John Wiley and Sons, Inc., New York, NY. 

26. Fellenius, B.H., Altaee, A., Kulesza, R., and Hayes, J. (1999).  “O-Cell Testing and FE 
Analysis of 28-m-Deep Barrette in Manila, Philippines,” Journal of Geotechnical & 
Geoenvironmental Engineering, ASCE, v 125 n 7, pp. 566-575. 

27. FHWA. (1998).  Load and Resistance Factor Design (LRFD) for Highway Bridge 
Substructures, National Highway Institute, FHWA HI-98-032, Washington, DC. 

28. Frederick, L. (1999).  SMART COIL System Promotional Material, Frederick 
Engineering, Whippany, New Jersey. 

29. Frederick, L. (1999).  SMARTPILE System Promotional Material, Frederick Engineering, 
Whippany, New Jersey. 

30. Garbin, E. (1999).  Data Interpretation for Axial Statnamic Testing And The 
Development Of The Statnamic Analysis Workbook.  Master’s Thesis, University of 
South Florida, Tampa, Florida. 

31. Getz, K., and Gilbert, M. (1997).  VBA Developer’s Handbook.  SYBEX, Inc., Alameda, 
CA, USA. 

32. Goble, G.G., Likins, G., and Rausche, F. (1970).  Dynamic Studies on the Bearing Capacity 
of Piles Phase III, Report No. 48, Division of Solid Mechanics, Structures and Mechanical 
Design, Case Western Reserve University. 

33. Goble, G.G., Scanlan, and Tomko, J.J. (1967).  Dynamic Studies on the Bearing Capacity of 
Piles, Phase II, Volume I and II, Case Western Reserve University. 

34. Goodwin, J.W. (1993).  "Bi-directional load testing of shafts to 6000 tons." Design and 
Performance of Deep Foundations: Piles and Piers in Soil and Soft Rock, ASCE 

 140 



Geotechnical Special Publication No. 38: pp. 204-217. 
35. Gonin, H., Coelus, G., and Leonard, M.S.M. (1984).  "Theory and performance of a new 

dynamic method of pile testing", Proceedings, Second International Conference on the 
Application of Stress-Wave Theory to Piles, G. Holm, H. Bredenberg, and C-J. Gravare 
eds, Stockholm, Sweden, May 27-30, A.A. Balkema, Rotterdam the Netherlands, pp. 
403-410. 

36. Gorczyca M.E., Difini J.T., Chadbourne W.A., and Lambrechts J.R. (1999),  “Load 
Testing on Deep Rock-Socketed Drilled Shafts”, Proceedings of Sessions of Geo-
Congress 98 Special Geotechnical Testing: Central Artery/Tunnel Project in Boston, 
Massachusetts. ASCE, Geotechnical Special Publication, No. 91, pp. 100-115. 

37. Graff, K.F. (1975).  Wave Motion in Elastic Solids, Ohio State University Press, 
Columbus, Ohio. 

38. GRL (1995).  GRLWEAP Program, Wave Equation Analysis of Pile Driving. GRL 
Engineers, Inc., Cleveland, Ohio. 

39. GTR (1997)  "Dynamic Pile Testing Report - Israel Electric Company, Haifa, Israel", 
Final Report, Project 97.118, Geosciences Testing and Research, North Chelmsford, 
Massachusetts.  

40. Guoxi Z., Zhuchang Ch., and Jinli L. (1995).  Pile Foundation Engineering, Beijing, 
China. September. 

41. Hajduk, E.L., Paikowsky, S.P., Mullins, A.G., Ealy, C.D., Lewis, C. and Hourani, N.M. 
(1998).  “The Behavior of Piles in Clay during Statnamic and Different Static Load 
Testing Procedures”, Proceedings, 2nd International Statnamic Seminar, Tokyo, Japan, 
October 28-30. 

42. Hajduk, E., Paikowsky, S., Holscher, P., and Barends, F. (2000).  Accelerations of a 
Driven Pile and the Surrounding Soil. Proceedings, 6th International Conference on the 
Applications of Stress-Wave Theory to Piles, September 11-13, 2000. Sãn Paulo City, 
Brazil, Balkema, Rotterdam-the Netherlands, pp. 541-548. 

43. Hanwu Z. (1995).  “Wuhan Jianfa Hotel Foundation Testing Report”, Material from 
Rock & Sea, Inc. 

44. Hassan, K. M. and O’Neill, M.W. (1997).  "Side load-transfer mechanisms in drilled 
shafts in soft argillaceous rock."  ASCE Journal of Geotechnical Engineering, 123(2): 
pp. 145-151. 

45. Hussein, M., Robinson, B., and Likins, G. (2004).  “Applications of a Simplified 
Dynamic Load Testing Method for Cast-In-Place Piles”, GeoSupport 2004 Drilled Shafts, 
Micropiling, Deep Mixing, Remedial Methods, and Specialty Foundation Systems, J.P. 
Turner and P.W. Mayne eds., ASCE Geotechnical Special Publication No. 124, pp. 110-
121. 

46. Highway Research Board. (1967). Bridges and Structure, Highway Research Record No. 
167, Washington, D.C. 

47. Holeyman, A.E. (1992).  "Technology of Pile Dynamic Testing", Proceedings, Fourth 
International Conference on the Application of Stress-Wave Theory to Piles, F.B.J. 
Barends ed., The Hague, the Netherlands, September 21-24, Balkema, Rotterdam the 
Netherlands, pp.195-215. 

48. Horvath, R.G. (1995).  “Influence of Loading Rate on the Capacity of a Model Pile in 
Clay.”  Canadian Geotechnical Journal Vol. 32, National Research Council, Canada, pp. 
364-368. 

 141 



49. Horvath, R.G., and Trow, W.A. (1980).  “Results of Tests to Determine Shaft Resistance 
of Rock-Socketed Drilled Pilers”,  Proceedings, International Conference on Structural 
Foundations on Rock, Sydney, Australia, Vol. 1, A.A. Balkema, Rotterdam-the 
Netherlands, pp. 349-361. 

50. Irving, M. (1986).  Structural Dynamics, for Practicing Engineers, Allen & Unwin, Ltd., 
London. 

51. Iskander, M., Kelley, S., and Ealy, C. (2001).  “Load Tests on Drilled Shafts with 
Planned Defects in Varved Clay”, TRB 80th Annual Meeting 2001 Session on Drilled 
Shafts & Other Foundation Issues, January 7-11, Washington, DC. 

52. Iwanowski, T., and Berglars B. (1984).  “Pre-stressed Disk Spring Cap – Influence of 
Parameters on Shape of Stress Pulse in Pile”, Proceedings Second International 
Application of Stress-Wave Theory on Piles, G. Holm, H. Bredenberg, and C-J. Gravare 
eds, Stockholm, Sweden, May 27-30, A.A. Balkema, Rotterdam the Netherlands, pp. 
411-420. 

53. Janes, M. (1995).  “Statnamic Load Testing of Strain Instrumented Large Diameter Bored 
Shafts,” Proceedings 1st International Statnamic Seminar, Vancouver, BC, Canada, 
September 27-30. 

54. Jedele, L.P., and Bedenis, T.H. (1993).  "Drilled pier load capacity of Detroit area 
hardpan using an Osterberg load cell."  Proceedings 3rd International Conference on 
Case Histories in Geotechnical Engineering, University of Missouri-Rolla, 3(2), pp. 
1213-1220. 

55. Jianping Y. (2001).  “Cuihu Garden Foundation testing Report”, Jiangxi Huachang Civil 
Engineering Testing Center (991204). 

56. Jianren, D., and Shihong, Z. (1992).  "The appraisal of results from PDA high strain 
dynamic tests on large and long drilled piles."  Proceedings, Fourth International 
Conference on the Application of Stress-Wave Theory to Piles, F.B.J. Barends ed., The 
Hague, the Netherlands, September 21-24, Balkema, Rotterdam the Netherlands, pp.271-
278. 

57. Justason, M.D., Mullins, G., Robertson, D.T., and Knight, W.F. (1998).  “A comparison 
of static ad Statnamic load tests I sand:  a case study of the Bayou Chico bridge in 
Pensacola, Florida”  Proceedings Second International Statnamic Seminar, Tokyo, Japan, 
October 28-30.  

58. Keisar I. (1998).  "Israel Route#10 Har-Yona Bridge" Dilled Shafts Testing Report for 
the Office of Development, Israel. 

59. Keisar I. (2000).  "Israel Ralnot Jenusalem" Dilled Shafts Testing Report for the Office of 
Development, Israel. 

60. Keisar I. (2001).  "Israel Maa'leh Ha'domim" Dilled Shafts Testing Report for the Office 
of Development, Israel. 

61. Kishida, H., Tsubakihara, Y., and Ogura, H. (1992).  “Pile Loading Tests at Osaka 
Amenity Park Project,” unpublished report to Mitsubishi Corp. 

62. Knight, W.F., Puckett, T.N., Bennett, K.D., Robertson, D.T., and Spears, L.D. (1995). "A 
Comparison of Statnamic and Osterberg Field Tests in Florida Limestone," Proc. of the 
Symposium on Geology and Geotechnical Engineering, March, v31, pp 390-404. 

63. Kwon, O.S., Choi, Y., Kwon, O., and Kim, M.M. (2005).  “Comparison of the Bi-
directional Load Test with the Top-down Load Test,” to be published in the Proceedings 
of the 84th TRB Annual Meeting, January, Washington, DC. 

 142 



64. Leong, E.C., and Randolph, M.F. (1994).  “Finite element modeling of rock-socketed 
piles”, International Journal for Numerical and Analytical Methods in Geomechanics, 
Vol. 18, pp. 25-47. 

65. Lewis, C. (1999).  Analysis Of Axial Statnamic Testing Using The Segmental Unloading 
Point Method.  Master’s Thesis, University of South Florida, Tampa, Florida. 

66. Li, Z.(Frank). (2000).  Personal Communication, Hongqi Huayuan Foundation Testing 
Project, Shanghai Civil Engineering Quality Testing Center, Shanghai, P.R., China 
(System DW-B). 

67. Li, Z.(Frank). (1993).  Personal Communication, Baiyuan Plaza Foundation Testing 
Project. Zhanjiang Civil Engineering Quality Testing Station, Zhanjjiang, Guangdong 
Province, P.R. China, (System DW-A). 

68. Liang X. (2000).  "Analyzing the bearing capacity mechanism of large diameter diving 
casing cast-in-situ concrete piles by using high strain dynamic testing",  Proceedings, 6th  
International Conference on the Application of Stress-Wave Theory to Piles, September 
11-13, Sãn Paulo City, Brazil, Balkema, Rotterdam-the Netherlands, pp.369-373. 

69. Littlechild, B.D., Hill, S.J., Plumbridge, G.D., and Lee, S.C. (2000).  “Load Capacity of 
Foundations on Rock,” Proceedings of the Conference Geo-Denver 2000 New 
Technological and Design Developments in Deep Foundations, Aug 5- 8, Denver, 
Colorado, ASCE, Geotechnical Special Publication No. 100, pp. 140-157. 

70. Loadtest, Inc. (1994). Report on Osterberg Cell Load Testing, Loadtest, Inc., project No. 
LT-163, Feb. 15, 1994. 

71. Loadtest, Inc. (1998). Report on Osterberg Cell Load Testing, Loadtest, Inc., project No. 
LT-8402. 

72. Loadtest, Inc. (1999). "Report on Osterberg Cell Load Testing", Loadtest, Inc., project 
No. LT-8352. 

73. Long, M (2001).  "Assessment of SIMBAT dynamic pile tests". Foundations & Ground 
Improvement Proceedings of Specialty Conference 2001 A Geo Odyssey. Blacksburg, 
Virginia, June 9-13, ASCE, Geotechnical Special Publication no. 113, pp.539-553. 

74. Longgen, Z., Liu, L., and Geng, N. (1999).  New Technology of Soil and Foundation 
Engineering Testing, Beijing, Mechanical Industry Press (in Chinese), China. 

75. Mann, A.T. (1997).  Visual Basic 5 Developer’s Guide.  Sam’s Publishing, Indianapolis, 
Indiana, USA. 

76. Meyer, R. (1996).  “A Comparison of Two Shafts between Polymer and Bentonite Slurry 
Construction and between Conventional and Osterberg Cell Load Testing,” presentation 
given at the SW Transportation Geotechnical Engineers Conference, Little Rock, AR, 
unpublished. 

77. McVay, M., Huang, S. and Casper, R. (2001).  “Numerical Simulation of Drilled Shafts 
for Osterberg, Pullout, and Axial Compression Loading in Florida Limestone,”  Internal 
University of Florida Report. 

78. McVay, M.C., Putcha, S., Consolazio, G., and Alvarez, V. (2004)  “Development of a 
Wireless Monitoring System for Pile Driving”, presentation at the 83rd Annual TRB 
Meeting, January 11-15, TRB, Washington, DC, paper ID 04-3478, 19pgs. 

79. Michigan State Highway Commission. (1965).  A Performance Investigation of Pile Driving 
Hammers and Piles.  Lansing, Michigan. 

80. Middendorp, P., van Foeken, R.J. (1998).  “When to apply Dynamic Load Testing and 
Statnamic Testing,” Proceedings Second International Statnamic Seminar, Tokyo, Japan, 

 143 



October 28-30. 
81. Middendorp, P., Berminham, P., and Kuiper, B. (1992).  “Statnamic Load Testing Of 

Foundation Piles” Proceedings, Fourth International Conference On Application Of 
Stress-Wave Theory To Piles, F.B.J. Barends ed., The Hague, the Netherlands, September 
21-24, Balkema, Rotterdam the Netherlands, pp. 581-588. 

82. Middendorp, P., and van Weel, P.J. (1986).  “Application of Characteristic Stress Wave 
Method in Offshore Practice.”  Proceedings, 3rd International Conference on Numerical 
Methods in Offshore Piling. Nantes, France, May 21-22, Editions Technip, Paris.  

83. Molnit, T., and Lee, J.S. (1998).  “Comparison Report, Osterberg Cell Test Method 
(PTP14) versus Kentledge Test Method (PTP15), MRT C701, Singapore,” Loadtest, Inc., 
report to Hyundai Construction, April, 1998. 

84. Mukaddam M. A., and Iskandarani W. M. (1996).  "High Strain Dynamic Testing of Cast 
in -Situ Piles in the UAE", Proceedings, Fifth International Conference on the 
Application of Stress-Wave Theory to Piles, F.C. Townsend, M. Hussein, and M. McVay 
eds, Orlando, Florida, September 11-13, pp.805-809. 

85. Mullins, G., Garbin, E.J., Lewis, C., and Ealy, C. (1998).  “Statnamic Testing:  
University of South Florida Research,” Proceedings Second International Statnamic 
Seminar, 1998, Canadian Embassy of Japan, Tokyo, Japan, October 28-30. 

86. Nayak N. V., Kanhere D. K., and Vaidya R. (2000). "Static and High Strain Dynamic 
Test Co-Relation Studies on Cast-in-Situ Concrete Bored Piles" Proceedings,25th Annual 
Meeting and Eighth International Conference and Exhibition, New York, NY, October 5-
7, Deep Foundations Institute, New Jersey, pp.245-252. 

87. Ng, C.W.W., Rigby, D.B., Li, J.H.M., Yau, T.L.Y. and Tang, W.H. (2001).  “Side Shear 
of Large Diameter Drilled Shafts in Weathered Geomaterials,” Foundations & Ground 
Improvement Proceedings of Specialty Conference 2001 A Geo Odyssey. Blacksburg, 
Virginia, June 9-13, ASCE, Geotechnical Special Publication no. 113, pp. 758-772. 

88. Nishimura, S., and Matsumoto, T. (1998).  “Wave Propagation Analysis During 
Statnamic Loading of a Steel Pipe Pile,” Proceedings Second International Statnamic 
Seminar, Canadian Embassy of Japan, Tokyo, Japan, October 28-30. 

89. Ohio Department of Transportation. (1975). Bearing Capacity of Piles from Dynamic 
Measurements, Research Report OHIO-DOT-05-75, Final Report. 

90. O’Neill, M.W., and Reese, L.C. (1999).  Drilled Shafts: Construction Procedures and 
Design Methods.  Report No. FHWA-IF-99-025, Federal Highway Administration, 
August, 758 p. 

91. Ooi, P.S.K., and Frederick, L.L. (2003).  “An Innovative Method of Load Testing Deep 
Foundations”, Geotechnical Testing Journal, ASTM, West Conshohocken, PA, Vol. 26, 
no. 2, pp. 210-218. 

92. Osterberg, J.O., and Gill, S.A. (1973).  “Load Transfer Mechanism for Piers Socketed in 
Hard Soils or Rock”, Proceedings 9th Canadian Rock Mechanics Symposium, December 
13-15, Montreal, Quebec Canada, Ottawa, Mines Branch, pp. 235-262. 

93. Osterberg, J.O. (1995).  The Osterberg Cell for Load Testing Drilled Shafts and Driven 
Piles.  Report No. FHWA-SA-94-035, Federal Highway Administration, February, pp. 
92. 

94. Osterberg, J., and Hayes, J. (1999).  “Clean Bottoms,” presentation at ADSC Annual 
meeting, Vail, CO, July. 

95. Osterberg, J, (2001).  “Load Testing High Capacity Piles; What Have We Learned?” 

 144 



Proceedings, 5th International Conference on Deep Foundation Practice.  April 4-6, 
Singapore, CI-Premier Pte Ltd. 

96. Osterberg, J. (1989).  "New device for load testing driven piles and drilled shafts 
separates friction and end bearing."  Proceedings, Third International Conference on 
Piling and Deep Foundations, J. Mitchell and J. Burland eds., London, Deep Foundations 
Institute, New Jersey, pp. 421- 427. 

97. Paikowsky, S.G. (1982).  Use of Dynamic Measurements to Predict Pile Capacity Under 
Local Conditions. M.Sc. Thesis, Department of Civil Engineering, Technion-Israel 
Institute of Technology. 

98. Paikowsky, S.G. (1995). Using Dynamic Measurements for the Capacity Evaluation of 
Driven Piles. Civil Engineering Practice, Journal of the Boston Society of Civil 
Engineers Section/ASCE. Vol. 10, No. 2, pp. 61-76. 

99. Paikowsky, S.G. (2004).  Load and Resistance Factor Design (LRFD) for Deep 
Foundations with contributions by Birgission G., McVay M., Nguyen T., Kuo C., 
Baecher G., Ayyub B., Stenerson K., O'Mally K., Chernauskas L., and O'Neill M., 
NCHRP Report 507, National Cooperative Highway Research Program report for Project 
NCHRP 24-17, pp. 134 (not including Appendices). 

100. Paikowsky S.G., and Chen Y.L. (1998).  “Field and Laboratory Study of the Physical 
Characteristics and Engineering Parameters of the Subsurface in the Newbury Bridge 
Site”. Research Report submitted to the Massachusetts Highway Department, January. 

101. Paikowsky, S.G., and Chernauskas, L.R. (2003).  "Review of Deep Foundations Integrity 
Testing - Methods And Case Histories" 2003 BSCES-Geo-Institute Deep Foundation 
Seminar, Boston November 15, pp30. 

102. Paikowsky, S.G., and Chernauskas, L.R. (1992).  "Energy Approach for Capacity 
Evaluation of Driven Piles", Proceedings Fourth International Conference on the 
Application of Stress-Wave Theory to Piles. F.B.J. Barends ed., The Hague, the 
Netherlands, September 21-24, Balkema, Rotterdam the Netherlands, pp. 595-601. 

103. Paikowsky, S.G., and Chernauskas, L.R. (1996). "Soil Inertia and the Use of Pseudo 
Viscous Damping Parameters", Proceedings Fifth International Conference on the 
Application of Stress-Wave Theory to Piles, F.C. Townsend, M. Hussein, and M. McVay 
eds, Orlando, Florida, September 11-13, pp. 203-216. 

104. Paikowsky, S.G., and Hajduk, E.L. (1999). "Design and Construction of an Instrumented 
Test Pile Cluster", Research Report submitted to the Massachusetts Highway 
Department, Geotechnical Research Laboratory, University of Massachusetts-Lowell, 
Lowell, Massachusetts. 

105. Paikowsky, S.G., and Hajduk, E.L. (2004).  “Design and Construction of Three 
Instrumented Test Piles to Examine Time Dependent Pile Capacity Gain”, to be 
published in ASTM Geotechnical Testing Journal, November 2004. 

106. Paikowsky, S.G., Klar, I., and Chernauskas, L.R. (2004).  “Performance Evaluation of 
CFA vs. Bentonite Slurry Drilled Shafts Utilizing Drop Weight Testing”, ASCE 
Geotechnical Special Publication no. 124, Geo-Support 2004: Drilled Shafts, 
Micropiling, Deep Mixing, Remedial Methods, and Specialty Foundation Systems, eds. 
J.P. Turner and P.W. Mayne, Orlando, Florida, January 29-31, 2004, pp. 637-652. 

107. Paikowsky, S.G., and LaBelle V.A. (1994). “Examination of the Energy Approach for 
Capacity Evaluation of Driven Piles”, Proceedings International Conference on Design 
and Construction of Deep Foundations. Orlando, Florida, December 6-8, FHWA, Vol. II 

 145 



pp. 1133-1149. 
108. Paikowsky, S., LaBelle, V., and Hourani, N. (1996). “Dynamic Analyses and Time 

Dependent Pile Capacity”, Proceedings 5th International Conference on the Application 
of Stress-Wave Theory to Piles. F.C. Townsend, M. Hussein, and M. McVay eds, 
Orlando, Florida, September 11-13, pp. 325-339. 

109. Paikowsky, S.G., LaBelle, V. A., and Mynampaty, R. N. (1995).  Static and Dynamic 
Time Dependent Pile Behavior. Research Report submitted to the Massachusetts 
Highway Department-Geotechnical Section, Geotechnical Research Laboratory, 
University of Massachusetts-Lowell, Lowell, Massachusetts. 

110. Paikowsky, S.G., LaBelle, V.A., Regan, J.E., and Chernauskas, L.R. (1994).  “Pile 
Settlement Based on Dynamic Measurements”, Proceedings of Settlement ’94 Vertical 
and Horizontal Deformations of Foundation and Embankment, College Station, Texas, 
June 16-18, ASCE Geotechnical Special Publication No.40, pp.269-278. 

111. Paikowsky, S.G., Operstein, V., and Bachand, M. (1999).  Express Method of Pile 
Testing by Static-Cyclic Load.  Research Report submitted to the Massachusetts Highway 
Department, Geotechnical Research Laboratory, University of Massachusetts-Lowell, 
Lowell, Massachusetts. 

112. Paikowsky, S.G., Regan, J.E., and McDonnell, J.J. (1994).  A Simplified Field Method for 
Capacity Evaluation of Driven Piles.  FHWA, report no. FHWA-RD-94-042, Washington, 
DC. 

113. Paikowsky, S.G., and Stenersen, K.L. (2000). “The Performance of the Dynamic 
Methods, their Controlling Parameters and Deep Foundation Specifications”, Key-Note 
lecture, Proceedings of the 6th International Conference on the Application of Stress-
Wave Theory to Piles, S. Niyama and J. Beim eds, September 11-13, São Paulo, Brazil, 
Balkema, Rotterdam-the Netherlands, pp. 281-304. 

114. Paikowsky, S.G., Tolosko, T.A. (1999).  Extrapolation of Pile Capacity from Non-failed 
Load Test. FHWA publication number FHWA-RD-99-170, December, 169 pp (HNR 
publication). 

115. Paikowsky, S.G., and Whitman, R.V. (1990).  "The Effects of Plugging on Pile Performance 
and Design", Canadian Geotechnical Journal, August, Vol. 27, No. 4, pp. 429-440. 

116. Parola, J. F. (1970).  Mechanics of Impact Pile Driving, Ph.D. Dissertation, University of 
Illinois at Urbana-Champaign, 252 pp. 

117. PCB Electronics, (1999).  Techncial Support Website. http://www.pcb.com/tech-accel.html 
118. PCB Electronics, (1999).  Capacitive Accelerometer 3701 Operating Manual. 
119. Person, R., (1997).  Using Microsoft Excel 97.  Que Corporation, Indianapolis, IN, USA. 
120. Pile Dynamics Inc. (1995).  PDA - Pile Driving Analyzer, PAK Users Manual, March Pile 

Dynamic, Inc., Cleveland, OH. 
121. Pile Dynamics, Inc., (1996).  PDA Pak Users Manual.  Pile Dynamic, Inc., Cleveland, OH, 

pages A-1 to A-29. 
122. Poulos, H.G., Davis, E.H. (1980).  Pile Foundation Analysis and Design.  John Wiley and 

Sons, Inc., New York. 
123. Prebahapan, N., Broms, B., and Yu, R. (1990). "Dynamic Testing of Bored Piles", 

Proceedings, Tenth Southeast Asian Geotechnical Conference, Taipei, Taiwan, April 16-
20, p.373-378. 

124. Qiangyang, C. (2001). “Comparison of the Dynamic tests and Static tests results on 8 
drilled shafts ”, Pile Dynamic Tests Technology, China Building Material Industrial 

 146 



Press. 
125. Rausche, F. (1970). “Soil Response from Dynamic Analysis and Measurements on 

Piles”, Ph.D. Dissertation, Division of Solid Mechanics, Structures and Mechanical 
Design, Case Institute of Technology (Case Western Reserve University), Cleveland, 
Ohio. 

126. Rausche, F., and Seidel, J. (1984). "Design and performance of dynamic tests of large 
diameter drilled shafts", Proceedings, Second International Conference on the 
Application of Stress-Wave Theory to Piles, G. Holm, H. Bredenberg, and C-J. Gravare 
eds, Stockholm, Sweden, May 27-30, A.A. Balkema, Rotterdam the Netherlands, pp. 9-
16. 

127. Robinson, B., and Rausche, F. (2000). “Dynamic Pile Load Test and Crosshole Sonic 
Logging Results”, Reports submitted by GRL to the FHWA, November 2000, see also GRL 
Newsletter No. 38, December, 2000. 

128. Rowe, R.K., and Pells, P.J.N. (1980). “A Theoretical Study of Pile-Rock Socket 
Behavior”, Proceedings International Conference on Structural Foundations on Rock. 
Sydney, Australia, Vo.1, No.1, A.A. Balkema, Rotterdam-the Netherlands, pp. 253-264. 

129. Schellingerhout, A.J.G., and Revoort, E. (1996). "Pseudo Static Load Tester", 
Proceedings, Fifth International Conference on the Application of Stress-Wave Theory to 
Piles, F.C. Townsend, M. Hussein, and M. McVay eds, Orlando, Florida, September 11-
13, pp. 1031-1037. 

130. Schmertmann, J.H., and Crapps, D.K. (1994). "Past, present and future practice in deep 
foundations, with Florida emphasis."  Proceedings, International Conference on Design 
and Construction of Deep Foundations. Orlando, Florida, December 6-8, FHWA, pp. 
188-208. 

131. Seidel J., and Rausche, F. (1985). "Correlation of Static Dynamic Tests on Large 
Diameter Drilled Shafts", Proceedings, Second International Conference on the 
Application of Stress-Wave Theory to Piles, G. Holm, H. Bredenberg, and C-J. Gravare 
eds, Stockholm, Sweden, May 27-30, A.A. Balkema, Rotterdam the Netherlands, pp.313-
318. 

132. Seitz, J.M. (1984). "Dynamic testing of bored piles in non-cohesive soils" Proceedings, 
Second International Conference on the Application of Stress-Wave Theory to Piles, G. 
Holm, H. Bredenberg, and C-J. Gravare eds, Stockholm, Sweden, May 27-30, A.A. 
Balkema, Rotterdam the Netherlands, pp.201-209. 

133. Serway, R. A. (1992).  Physics For Scientists And Engineers.  3rd Edition, Volume 1, 
Harcourt Brace and Company, Florida. 

134. Simon, P., and Briaud, J.L. (1996).  The National Geotechnical Experimentation Sties at 
Texas A&M University: Clay and Sand—Soil Data in Electronic From 1995-1996. 
Research Report NGES-TAMU-006, Civil Engineering, Texas A&M University, College 
Station, Texas. 

135. Smith, E.A.L. (1960). "Pile-Driving Analysis by the Wave Equation", Journal of Soil 
Mechanics and Foundations. American Society of Civil Engineers, August 1960, pp. 35-61. 

136. Sokolovski, M., Keisar, I., and Cohen, S. (1998). “Load Testing of Piles on Road No. 10 in 
Yona Mountain”, Summary Engineering Report Ministry of Urban Development, 
Department of Engineering Design, Foundations Section, Israel, November 1988 (in 
Hebrew). 

 147 



137. Stotzer, E., Beyer, M., and Schwank, S. (1991).  “Drilling equipment for large diameter 
bored piles,” Proceedings 4th International Conference on Piling and Deep Foundations.  
Stresa, Italy, April 7-12, Vol. 1, A.A. Baklema, Rotterdam the Netherlands, pp. 503-516. 

138. Texas Highway Department. (1973). Bearing Capacity for Axially Loaded Piles. Research 
Report 125-8-F Sept. 1967 - Aug. 1973, pp. 134. 

139. Timonshenko, S.P., and Goodier, J.N. (1934). Theory of Elasticity, McGraw -Hill Book 
Company, Inc., New York. 

140. Townsend, F., Theos, J.F., and Sheilds, M.D. (1991), "Dynamic Load Testing of Drilled 
Shaft - Final Report." University of Florida, Department of Civil Engineering, 
Gainesville, Florida. 

141. Van Kotten, (1977). Dynamic Pile Testing. Inst. TNO for Building Materials and 
Building Structures, Report, January, the Netherlands. 

142. Weibing, X. (2000) Personal Communication, Ouyang Garden Foundation Testing 
Project, Tongji University, Shanghai, P.R. China, (System DW-C). 

143. Website of American Piledriving, Inc. 
http://www.americanpiledriving.com/new_page_1.htm 

 http://www.americanpiledriving.com/compaction.htm 
144. Website of IFCO Foundation Expertise BV (Waddinxveen, The Netherlands) 

http://www.ifco.nl 
145. Website of Funderingstechnieken Verstraeten BV (FUNDEX) (Oostburg, The 

Netherlands 
http://www.nijgh.nl/bouwwereld/verstraeten/pindex.html 

146. Website of Berkeley Seismic Review Committee (SRC) in University of California at 
Berkeley.  
http://www.coe.berkeley.edu/EPA/forefront/sp02/seismic.html 

147. Website of TESTCONSULT, Inc. “SIMBAT - A Dynamic Load Test for Bored Piles”  
 http://www.testconsult.co.uk/services/technical/index.html 
148. Website of TESTCONSULT, Inc. “An Improved Method for the Prediction of Pile 

Bearing Capacity from Dynamic Testing”. 
http://www.testconsult.co.uk/services/technical/index.html 

149. Website of TESTCONSULT, Inc. “SIMBAT-Large Scale Dynamic Pile Testing”. 
http://www.testconsult.co.uk/services/index.html 

150. Website of TESTCONSULT, Inc. “SIMBAT- Pile Dynamic Testing”. 
http://www.testconsult.co.uk/services/equipment/corrmet.html 

151. Xuefeng W., Shiming W. (2001), “The New Technology on Pile Tests”, Science Press, 
p.173-175. 

152. Yong, Q. (2000). “Hongcheng Hotel Pile Foundation Testing Report”, Jiangxi Institute of 
Architecture Design. 

153. Zhangling, L. (2001). “Nanchang Xintianzhou 2# Building Pile Foundation Tests 
Report”, Jiangxi Youse Inc. Civil Engineering Testing Center. 

 
 

 148 



 

 

22-2/1 COPY NO. 
NCHRP 21-08 

 

INNOVATIVE LOAD TESTING SYSTEMS 
 

 
APPENDIX A   

 
 

Details of Osterberg Cell Finite Element Analyses 
 

 
Prepared for 

National Cooperative Highway Research Program 
Transportation Research Board 

National Research Council 
 

By  
Dan A. Brown and Lijun Shi 

Department of Civil Engineering 
University of Auburn 

Auburn,  AL 
 

 
Samuel G. Paikowsky, P.I 

Geosciences Testing and Research Inc. (GTR) 
55 Middlesex St., Suite 225 
N. Chelmsford, MA. 01863 

 
 

 
 

August 2002  



 

 

TABLE OF CONTENTS 
 

  
 

 

Part A – Study of a soil Model     A-1, A-81 
Part B – Parametric Study of Rock Socketed Pile  B-1, B-89 
Part C – Comparison with Field Tests   C-1, C-39 

 



 

Part  A 

STUDY OF A SOIL MODEL 

INTRODUCTION 

This portion of the research describes the development of a finite element model 

for the Osterberg load test. In the Osterberg (O-cell) load test, an Osterberg load cell is 

embedded at the bottom of the test shaft. When it is pressurized, a pair of forces in the 

opposite direction will be generated. The downward force from the bottom of the cell is 

resisted by the bearing stratum while the upward force from the top of the cell is resisted 

by the weight of the pier and by the skin friction along the sides of the shaft. The O-cell 

load test can therefore directly separate end bearing and side friction. In order to compare 

the Osterberg load test with conventional load tests, the topdown test is also simulated 

using finite element method. In topdown test, load is applied to the top of the pile so that 

pile and the surrounding soil will settle, which will be resisted by both end bearing and 

side friction. 

The finite element model allows a parametric study to be conducted by changing 

some properties to analyze the influence of these properties on the final capacity and load 

transfer, etc. For example, soil over-consolidation ratio, soil properties and roughness of 

soil surface play an important roll in pile capacity. In this project, several cases with 

different properties mentioned above were calculated and results were compared with 

respect to topdown test versus O-cell test and different cases. 

Appendix A, Part A - 1



 

FINITE ELEMENT CODEABAQUS & MSC/PATRAN 

ABAQUS was used to perform the finite element analysis since it provides a large 

number of capabilities for analyzing different problems, including many nonstructural 

applications. And it is also powerful to model material properties, including some models 

particularly for soil, such as Drucker-Prager model used in this project, which are very 

common in geotechnical engineering. ABAQUS is used throughout the world for stress, 

heat transfer, and other types of analysis in mechanical, structural, civil, and related 

engineering applications. 

It can deal with general analysis including 

• Static stress/displacement analysis 

• Viscoelastic/viscoplastic response 

• Transient dynamic stress/displacement analysis 

• Transient or steady-state heat transfer analysis 

• Transient or steady-state mass diffusion analysis 

• Steady-state transport analysis 

• Coupled problems 
 
and linear perturbation analysis which includes 

• Static stress/displacement analysis 

• Dynamic stress/displacement analysis 

Model for material includes metals, cast iron, rubber, plastics, composites, 

resilient and crushable foam, concrete, sand, clay, and jointed rock. The material 

response for each of these models may be highly nonlinear. General elastic, elastic-

plastic, and elastic-viscoplastic behaviors are provided. Both isotropic and anisotropic 
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behavior can be modeled. User-defined materials can also be created with a subroutine 

interface. 

MSC/PATRAN is used as preprocessor and postprocessor in this project, which is 

compatible with ABAQUS. Finite element model and mesh can be generated easily by 

drawing and PATRAN will generate the input file for ABAQUS automatically. After 

running ABAQUS, results may be read by PATRAN, so displacements and stresses can 

be presented very clearly so that the critical point or element can be located very quickly 

by just looking at the displacement and stress fringe results. Different useful kinds of 

graphs can be plotted in PATRAN such as load-displacement curve. 

MODEL DESCRIPTION 

The brief diagram of models for topdown test and O-cell test are shown in Figure 

A-1 and Figure A-2 respectively. The details of finite element modeling are described as 

follows. 

Geometry, Element Type and Boundary of Mesh 

A two dimensional axis-symmetric model was used for both topdown and O-cell 

load tests, which reduced the problem size thus the computing time significantly. 

ABAQUS includes both first-order and second-order elements with fully and reduced 

integration method. In this axis-symmetric model, fully integrated 4 nodes (first-order) 

quadrilateral axis-symmetric elements were used for both soil and pile. 

Figure A-3 shows the finite element mesh, the dimension of which is 60ft deep by 

45ft radial. Soil below the pile tip is 10 times of the pile diameter and the width of the 

mesh is 15 times of the pile diameter. As shown in Figure A-3, finite element is finer near 

the pile than that far away from the pile. 
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Boundary conditions are very important in the modeling. The model used in this 

project was simulated as close to the real case as possible. On the symmetric boundary 

(left side of the mesh), symmetric boundary condition was applied, which means only 

vertical displacement is permitted and horizontal displacement is constrained. At far side 

of the model (boundary far away from the shaft or right side of the mesh), horizontal 

pressure boundary condition was used. Horizontal pressure that is proportional to depth 

was applied to this boundary. By doing this, the in-situ ratio of horizontal to vertical 

stress may be controlled. At the bottom of the model, a rough contact surface was used. 

On this surface, friction can develop and no relative displacement will occur. This is used 

to prevent horizontal displacement of the bottom boundary. 

Constitutive Model 

Soil 

An elastic-plastic (Drucker-Prager) constitutive model was used to simulate soil 

properties, which has Von Mises yield surface as its yielding criteria. The yield surface 

can be expressed as 

0tan =−−= dptF β  

where 

d=cohesion; 

 β =friction angle; 

 t=Octahedral shear stress, ])()()[(
3
1 2

13
2

32
2

21 σσσσσσ −+−+−=t ; 

 p=Octahedral normal stress, )(
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 Figure A-4 shows the failure envelope in p-t plane. In this model, there is a 

regime of purely elastic response, after which some of the material deformation is not 

recoverable and can be idealized as being plastic. Plastic deformation has been modeled 

using an associative flow rule, which implies that dilation occurs during plastic yield. 

Such behavior is thought to be appropriate for dense granular soils. 

Rock 

Rock has a much higher stiffness than soil, so its deformation is relatively small 

and it’s difficult to fail the rock. Therefore, for the research performed to date, rock was 

simply modeled as linear elastic material. 

Concrete Shaft 

Concrete shaft was modeled as linear elastic material and its stiffness is much 

higher than that of soil. 

Contact Surface Between Soil and Pile 

The interaction surface between the pile and soil is described as a frictional 

contact surface, which allows slip. When the shear stress on that surface exceeds some 

value, soil and pile will not stick with each other and slip will occur. Coulomb friction 

theory is used in the model so that maximum frictional shear stress on the interaction 

surface is  proportional to the normal  pressure by a friction coefficient. The failure 

envelope is shown in Figure A-5, where δ  is the friction angle and the friction coefficient 

is δµ tan= . Once the shear stress exceeds the maximum frictional shear stress, slip will 

occur. For this friction model, an interface stiffness is applied to allow small relative 

deformation prior to slip, so the contact stiffness is not infinity even if slip is not 

developing. 
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Topdown Load Test 

In topdown test, load is applied to the top of the pile as a pressure load. The whole 

test was divided into three steps which are described as follows. 

Step 1: Apply gravity force, and at the same time, apply horizontal pressure on far 

side boundary with 43.00 =K  (normal consolidated); 

Step 2: Add additional horizontal pressure for over-consolidated case, skip this 

step for normal consolidated case; 

Step 3: Apply external load to the top of the pile. 

In order to avoid residual stresses, the contact surface between soil and pile was 

modeled as frictionless in the first two steps so that the pile can settle down without any 

obstruction. In step 3, friction coefficient was changed to the desired value to provide 

side shear. In all cases, the end of step 2 is the base state of step 3, so this base state was 

deducted from the final results to get the response under the external load. 

O-cell Load Test 

In O-cell load test, O-cell was embedded 3ft above the base of the shaft as a 

contact surface without thickness. O-cell pressure will generate forces with same 

magnitude in opposite direction. The interaction between two parts of shaft was modeled 

as contact surface so that the load can be transferred between two parts of pile when 

gravity force was applied. Similar to the topdown load test, there are three steps during 

calculation. 

Step 1: Apply gravity force, and at the same time, apply horizontal pressure on far 

side boundary with 43.00 =K  (normal consolidated); 
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Step 2: Add additional horizontal pressure for over-consolidated case, skip this 

step for normal consolidated case; 

Step 3: Apply O-cell pressure. 

As in topdown load test, the friction coefficient of contact surface between soil 

and shaft is zero in the first two steps and changed to the desired value in the last step. 

Since the upper part of pile will move upward without any constraint after contact surface 

between soil and pile fails, soft springs were added to the top of the pile to allow a 

convergent solution as the load approaches and exceeds the shaft uplift capacity. When 

dealing with the results, this soft spring force is deducted from the total load. 

In order to compare the results from topdown load test and O-cell load test, an 

equivalent topdown load versus settlement curve was generated from O-cell load test 

using the method described as follows. On O-cell test load-displacement curve, select a 

specified movement and then find the corresponding side load and ending bearing load. 

Adding these two loads will give the equivalent topdown load corresponding to the 

movement. Refer to “Construction of the Equivalent Top-Loaded Load-Settlement Curve 

from the Results of an O-cell” for details. When doing this, elastic shortening of the shaft 

was also considered although the magnitude of this elastic shortening was very small 

relative to the total settlement. 

 

PROPERTIES COMMON TO ALL 

In all cases for both Osterberg load test and topdown test, 3ft diameter concrete 

shaft was used, which is 30ft deep. For O-cell load test, Osterberg load cell is embedded 
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3ft above the bottom of the shaft with zero thickness. The following are properties and 

each material. 

Concrete shaft: ksiE 5000= , 3.0=ν ; 

Soil:   ksiE 14= , 3.0=ν , o31=β , psid 8= ; 

Rock:   ksiE 1400= , 3.0=ν ; 

In calculation, soil was modeled as fully associated, which means the dilation 

angle equals the friction angle. 

CASES ANALYZED 

Several cases in terms of different over-consolidation ratio and friction coefficient 

of soil-pile interface were calculated for both topdown load test and O-cell load test. The 

following presents results case by case and also compares results of topdown load test 

and O-cell load test. For the following, µ  refers to the friction coefficient of the contact 

surface between soil and pile and δ refers to the corresponding friction angle. 0K  is the 

ratio of horizontal stress to vertical stress. 

Case I: All Soil, 43.00 =K , (Normal Consolidated), 6.0=µ  ( o31=δ ) 

In this case, all soil is normal consolidated with the properties described before. 

Figure A-6 and A-7 show the load-displacement curve for topdown test and O-cell test 

respectively. As shown in the plots, stiffness decreases with the increase of the applied 

load. For topdown test, the whole system failed at about 170kips of applied load, after 

which the stiffness decreases rapidly. In Figure A-7, node 2378 represents the upper part 

of the shaft and node 2502 represents the lower part of the shaft. For the O-cell test, the 

load for the upper part of the pile has been adjusted for the soft spring force at the top of 

the pile, which enables the downward force to mobilize additional end bearing. It’s 
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obvious that side shear failed first at about 130kips applied load. At the beginning of 

applying O-cell pressure, there’s almost no movement because there’s initial stress in the 

system due to the self weight of soil and pile, and this stress needs to be overcome before 

significant displacement occurs. Note that the “end bearing” includes side shear on the 3ft 

shaft below the O-cell, which is also true for following cases. 

The equivalent topdown load vs displacement generated from O-cell test is shown 

in Figure A-8, comparing with the result from topdown test. It is indicated that the two 

curves match well for this case and the O-cell slightly underestimates the capacity. Figure 

A-9 and Figure A-10 show the tip load vs displacement curve and side load vs 

displacement curve for both tests respectively. For topdown test, the tip load was 

calculated from the vertical stress at O-cell level and side load was calculated by 

subtracting tip load from total load. Comparing these two figures, it can be concluded that 

most of the applied load is resisted by end bearing, which can also seen from the load-

displacement curve for O-cell test shown in Figure A-7. As shown in figures, tip load vs 

displacement curve and the first part of side load vs displacement curve for two tests 

match well. But the topdown test shows more strain softening than the O-cell test. 

Figure A-11 is the comparison of stress path (shear stress vs normal stress) at 

different nodes along the contact surface between soil and pile from the topdown test and 

the O-cell test. At the beginning of the test, deeper node was at a higher stress than the 

lower node due to the overburden pressure. The initial stress state at the same node is the 

same for topdown and O-cell tests, and the shear stress for all nodes starts from zero 

because the contact surface is frictionless before top loads or O-cell pressures are applied. 

The stress paths for the topdown test and the O-cell test are somewhat different, with 
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more significant differences at shallow depths. As the applied load is increasing, slip will 

occur after overcoming the surface frictional stress. This can be seen from the sudden 

change of the slope of each curve. After slip occurs, stress path follows the contact 

surface property defined, i.e. 6.0=µ . Connecting the failure envelope will result in a 

straight line with a slope of 0.6. These plots suggest that the failure occurred at the 

contact rather than within the soil. As a general trend, the normal stresses along the 

interface tended to decrease during O-cell loading and increase slightly for topdown 

loading. 

Figure A-12 and Figure A-13 are normal stress and shear stress at different loads 

on soil-pile interface changing with the depth in topdown test respectively. As shown in 

the figures, normal stress and shear stress curves are very similar in shape. Normal stress 

and shear stress increase with the depth at the beginning of the test, but with the increase 

of the applied load, both normal stress and shear stress curves become totally different. 

It’s indicated in Figure A-12 that at some depths normal stress decreases with the 

increase of the applied load, this is because the contact surface tends to open. Similarly, 

normal stress and shear stress versus depth curves at different loads in O-cell test are 

shown in Figure A-14 and Figure A-15. The maximum normal stress is not at the bottom 

of the shaft, but at a depth of from about 27.5ft at load=54kips to 22.5ft at load=204kips. 

Similar to the topdown test, the shear stress curve is very similar to normal stress curve 

except at depth around O-cell where the contact nodes tends to open which result in zero 

normal stress and shear stress. 

Figure A-16 and Figure A-17 show comparison of stress path (octahedral shear 

stress vs octahedral normal stress) of different soil elements below the pile toe. Element 
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1062 in topdown test and 62 in O-cell test are at the same location, as are element 1065 

and 65. The soil almost failed from the beginning of applied due to initial stress state 

because of large deviatoric stress in this normally consolidated condition, and the straight 

line corresponds to soil yield surface envelope. It is also shown that the stress path in 

topdown test and O-cell test is almost same. 

For this case, it’s obvious that side friction is easier to fail than end bearing and 

end bearing provides most of the resistance to the applied load. This holds true for both 

topdown and O-cell load test. Results from topdown and O-cell test are consistent and 

match fairly well, but O-cell test tends to overestimate pile capacity a little. Also, soil is 

easy to fail because the horizontal pressure is small which leads to high deviatoric or 

shear stress. 

Case II: All Soil, 10 =K , 6.0=µ  ( o31=δ ) 

For the same soil and other conditions, over-consolidated cases were calculated 

with a higher ratio of in-situ horizontal to vertical stress ( 0K ). This case is probably more 

representative of typical soil conditions for drilled shafts. For 10 =K , Figure A-18 and 

Figure A-19 show the load vs displacement curve for topdown and O-cell test 

respectively. It is obvious that the capacity was much higher compared to normal 

consolidated case for both tests. In the O-cell test, it’s hard to tell whether side shear or 

end bearing failed first as shown in Figure A-19. But it is clear that the contact surface 

between soil and pile failed at a load of about 350 kips. Similar to normal consolidated 

case, there’s very small movement at the beginning of the O-cell test due to the self 

weight of the upper part of the shaft, and side shear is mobilized at less than ¼ inch of 

displacement. 

Appendix A, Part A - 11



 

Figure A-20 shows the match between the load vs displacement curve of topdown 

test and equivalent topdown load vs displacement curve generated from O-cell test. It is 

indicated that the O-cell test is conservative compared with the topdown test. For 

instance, at 1in displacement, the corresponding load from the topdown test is about 

580kips, while load from the O-cell test is around 500kips. This can be also concluded 

from the side load vs displacement curve shown in Figure A-22. Figure A-21 is the plot 

of tip load vs displacement curve for both the topdown test and the O-cell test, which 

shows that the results of two tests match well. Comparing Figure A-21 and Figure A-22, 

it can be found that side load is a little higher than tip load, indicating that end bearing 

and side friction almost have same capacity. 

Similar to normal consolidated case, shear stress vs normal stress curves at 

different nodes along the interface between soil and pile were plotted in Figure A-23 for 

both topdown test and O-cell test. There’s no difference between topdown test and O-cell 

test at the beginning of the test, but the upward directed O-cell loading tends to reduce 

the effective normal stress compared to the topdown loading. After slip, all nodes tended 

towards slight strain-softening along the yield surface that defines the contact surface 

properties. 

Figure A-24 to Figure A-27 show normal stress and shear stress changing with 

along the length of the pile for topdown and O-cell test respectively. The maximum value 

for both normal stress and shear stress is not at the bottom of the shaft, which reflects the 

shadowing effect of the mobilization of end bearing. For both the topdown test and O-cell 

test, normal stress decreases with the increase of the applied load. While shear stress 

increases first and then decreases with the increase of the applied load in topdown test, 
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but increases in O-cell test. This corresponds to the different stress path which is shown 

in Figure A-23. 

Figure A-28 to Figure A-29 are plots showing the comparison of stress path of 

different soil elements below the pile toe for both the topdown test and O-cell test. For 

each element, the stress path is almost same for topdown and O-cell test, starting from a 

low Octahedral shear stress with both shear stress and normal stress increasing until 

reaching the failure envelope or yielding. After yielding, all nodes followed the path 

specified for the soil properties.  

Case III: All Soil, 20 =K , 6.0=µ  ( o31=δ ) 

This case represents a heavily consolidated soil with large locked-in horizontal 

stresses, 20 =K . The results in terms of load vs displacement curve, stress path for soil-

pile interface and soil elements, etc, are presented as follows. 

Figure A-30 shows the load vs displacement curve for topdown load test. With the 

capacity increasing as compared to 10 =K  case, pile began to yield at a load of 

approximately 1000kips. For the O-cell test, the load vs displacement curves are plotted 

on Figure A-31, showing that end bearing failed before the failure of side shear. Note that 

a relatively large movement was required to mobilize side shear. 

The equivalent topdown load vs displacement curve generated from O-cell test is 

shown in Figure A-32 comparing the load vs displacement curve from the topdown test. 

It can be seen easily that O-cell test is relatively conservative. For example, it will require 

a load of 1000kips to produce 0.5in displacement for the topdown test as compared to 

about 700kips for the O-cell test. Figure A-33 and Figure A-34 present tip load vs 

displacement curve and side vs displacement curve respectively. For topdown test, no 
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more than 30% of the applied load was transferred to pile tip and most was resisted by 

the side shear. Comparing the results from topdown and O-cell test, it’s not difficult to 

find that O-cell test is conservative which is also shown in Figure A-32. 

As before, Figure A-35 shows shear stress vs normal stress curves at different 

nodes along the soil-pile interface for both topdown test and O-cell test. Again, shear 

stress started from zero for all nodes and initial stress states for topdown test and O-cell 

test are same. Each node follows its own stress path for different test until reaching 

failure envelope. At a depth of 15ft, normal stress increases after failure in topdown test 

but decreases in O-cell test. At depths of 5ft and 10ft, normal stress decreases after slip 

occurs. But at a depth of 20ft, normal stress increases after slip occurs. So different nodes 

have different stress path and post failure behavior. 

Normal stress and shear stress changing along the depth of the pile for topdown 

test and O-cell test are shown in Figure A-36 through Figure A-39 respectively. Similar 

to the above two cases, different nodes have different stress path, so it’s hard to tell how 

normal stress and shear stress change with the applied load as a whole. 

Figure A-40 and Figure A-41 compare the stress path of different soil elements 

below the pile toe for the topdown test and O-cell test. For this case, all four elements 

start with a state close to the failure envelope, with horizontal stress greater than vertical 

stress. However, with the increasing of the applied load (or vertical stress), the difference 

between the vertical stress and horizontal stress decreases, which leads the shear stress to 

decrease. But the average normal stress (or Octahedral normal stress) increases. After 

reaching some point, vertical stress becomes the first principal stress. Then with the 

increase of the applied load, shear stress increases until failure. 
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For this case, pile capacity increases compared with Case II, so does side friction. 

It can be seen that end bearing fails first for this case and most of the applied load is 

resisted by side friction. Comparing topdown and O-cell tests shows that the O-cell test 

tends to be conservative for these conditions of high lateral stress. Another important 

point is stress path of soil element, which is different from the previous two cases. This is 

because horizontal stress is greater than the vertical stress at the beginning of the test, 

thus horizontal stress is the first principal stress. But vertical stress becomes the first 

principal stress with the increasing of applied load. This results in shear stress decreasing 

first and then increasing. 

Case IV: All Soil, 10 =K , 2.1=µ  ( o50=δ ) 

Roughness of soil-pile interface can affect side resistance directly, so it’s 

necessary to analyze how friction coefficient of soil-pile interface influence the results in 

topdown and O-cell test. This case can be compared with Case II with same conditions 

except twice of friction coefficient was used to define a very rough soil-pile interface. 

Load-displacement curve for topdown test was plotted in Figure A-42. Compared 

to Case II, capacity increases greatly. For this case, about 1160kips applied load is 

required to produce 1in settlement, while in Case II, only about 580kips is needed to have 

1in displacement occur. This is also shown in load vs displacement curve for O-cell test 

plotted in Figure A-43. For Case II, side shear failed at an O-cell load of about 350kips, 

but side shear did not fail even at around 700kips O-cell load for this case. Note also that 

larger displacement is required to mobilize side shear. It is also apparent that the rough 

base and differing stress conditions mobilize greater end bearing than for case II. 
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However, note that this “end bearing” includes side shear on the lower 3ft socket below 

the O-cell. 

Figure A-44 shows the equivalent topdown load vs displacement curve generated 

from the O-cell test as compared with load vs displacement curve from the topdown test. 

The two curves match fairly well and the O-cell test tends to underestimate the capacity 

slightly for this case. Tip load vs displacement and side load vs displacement curve are 

shown in Figure A-45 and Figure A-46 respectively. Similar to Case III, most of the 

applied load goes to side shear indicating end bearing is weak compared with side shear, 

which can be seen from the load vs displacement curve shown in Figure A-43. This is 

due to the high friction coefficient of the soil-pile interface. For tip load, O-cell test 

overestimates the capacity while underestimating capacity for side load. 

Figure A-47 is a stress path plot for different nodes along soil-pile interface for 

topdown and O-cell test as before. Since the contact surface friction coefficient is very 

high, surrounding soil yielded before the contact surface. This can be seen from the 

envelope of stress path at depths of 10ft, 15ft and 20ft, which is close to the soil failure 

envelope. It’s also shown that soil at all depths tends to dilate because normal stress 

increases with the increase of applied load. 

As before, Figure A-48 to Figure A-51 are plots of normal stress and shear stress 

versus depth curves at different loads for topdown test and O-cell test. For this case, in 

topdown test, both normal stress and shear stress increase with the increasing of the 

applied load, and from the magnitude of the shear stress as compared to the normal stress, 

the contact won’t fail. In O-cell test, shear stress increases with the increase of the 

applied load, but normal stress does not. 
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Stress path of different soil elements below the pile toe are plotted in Figure A-52 

and Figure A-53. Similar to other cases, stress path is almost same for topdown test and 

O-cell test. Each element followed specific stress path until soil yielding. 

For this case, side friction improves greatly as compared to Case II indicating that 

roughness of soil surface is important for pile capacity. Therefore, the total pile capacity 

improves significantly. Because of high friction coefficient, it’s hard to fail the contact 

surface resulting in the failure of the surrounding soil. This can be seen from the stress 

path curves at different nodes along the soil-pile interface. 

Case V: Soil Over Rock, 10 =K , 2.1=µ  For Rock And 6.0=µ  For Soil 

In this case, soil deposit is composed of two layers: 15ft soil over rock. Different 

contact surface friction coefficients were used, 1.2 for rock-pile interface and 0.6 for soil-

pile interface. For the topdown test, in order to fail the side shear, a false base was used 

under the pile tip as might be done with a physical test in rock. This false base is thin 

layer with a very low Young’s modulus (1.4ksi) and zero Poisson’s ratio. 

Figure A-54 shows load-displacement curve for the topdown test, which is similar 

to other cases but with a much higher capacity. As shown in the figure, pile failed at a 

load of about 1400kips after which displacement increases rapidly. The generated tip load 

vs displacement curve and side load vs displacement curve are shown in Figure A-55 and 

Figure A-56 respectively. Obviously, only a very small part of the applied load goes to 

pile tip because of low stiffness of the false base. Figure A-56 also compares the result 

from the topdown test and the O-cell test, showing that the O-cell test is conservative in 

this case. Figure A-57 is the load-displacement curve for the O-cell test. As shown in 
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figure, the downward displacement of pile tip is almost nothing due to the high stiffness 

of rock. Side shear failed at about 1000kips O-cell load. 

Figure A-58 and Figure A-59 show the stress path at different nodes along contact 

surface in soil and rock respectively. Comparing these two figures, it can be seen that 

stresses in rock are much higher than in soil because of different stiffness. And they have 

different failure envelope with a slope of 0.6 and 1.2 respectively. Soil tends to dilate 

(normal stress increase) at all depth. In the O-cell test, it’s very difficult to fail the contact 

surface at depth of 28ft as shown in Figure A-59 that the stress path at that depth is far 

from the failure envelope. 

Figure A-60 to Figure A-63 show the change of normal stress and shear stress 

along the length of pile for topdown and O-cell tests respectively. As shown in figures, 

both normal stress and shear stress in the topdown test and the O-cell test increase with 

the increase of the applied load. Normal stress curves are similar shear stress curves. It is 

also shown that stress in rock is much high than in soil which is also concluded from 

Figure A-58 and Figure A-59, and this is because rock has a much higher stiffness than 

soil. 

For this case, pile capacity increases greatly due to the high stiffness of rock 

deposit. Because of its high stiffness, it’s very difficult to fail the end bearing, which can 

be found from the load-displacement curve of the O-cell test. Furthermore, rock accounts 

for most of the side shear as shown in the plot of shear stress vs depth. The O-cell test is 

conservative in estimating side friction for this case. 
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SUMMARY 

Finite element models for both topdown test and O-cell test were built up using 

ABAQUS and MSC/PATRAN. Different boundary conditions were applied to simulate 

the real situation in the load test. Several cases were calculated and results were analyzed 

and compared between the topdown test and the O-cell test. From the above analysis, 

several conclusions can be drawn described as follows. 

1) In general, the O-cell test seems to underestimate pile capacity more or less; 

2) The ratio of in-situ horizontal to vertical stress affects capacity significantly. 

With the increase of 0K , pile capacity improves; 

3) Roughness of the soil surface plays an important roll in improving pile 

capacity. The increase of friction coefficient will improve side resistance 

directly. 

4) Rock improves capacity in both end bearing and side friction; 

5) Stress path for soil element is almost same for the topdown test and the O-cell 

test, but the stress path for contact surface is different for the topdown test and 

the O-cell test although they start from the same stress state. 

6) From the normal stress and shear versus depth curves, it is indicated that the 

maximum normal stress or shear stress is not always at the bottom of the pile. 

There’s no a simple relation between the curves and the applied load which is 

because every node has a different stress path. 
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Figure A-1  Topdown Load Test Model
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Figure A-2  O-cell Load Test Model
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Part B 

PARAMETRIC STUDY OF ROCK SOCKETED PILE 

INTRODUCTION 

The research was then focus on the behavior the rock socketed pile. This is the 

most popular condition of the application of drilled shaft foundation. This portion 

describes the finite element model used in the analysis and the detailed parametn'c study 

regarding several factors which are believed to have significant influence on the pile 

behavior. The ratio of the average mobilized side shear of the top down test and the 0- 

cell test was defined to evaluate the difference between the two testing methods. The 

effect of different parameters on this ratio has been examined. The results will give a 

picture about the circumstances under which the two load test results match well or more 

effect need to done with regard to the interpretation of the 0-cell test results. 

MODEL DESCRIPTION 

The whole model was similar to the soil model, but with a rock layer underlying a 

15ft thick dense sand layer. Sand properties were the same as the soil model, 

E,, = 14ksi, csOil = 8psi and @80il = 30". Rock was also modeled using Drucker-Prager 

model, with much higher strength parameters than soil. In the analysis, the rock 

properties used are correspondent to the Melbourne mudstone, which is relatively soft 

rock. If not specified, soil properties are E,, = 70hi, crmk = 200psi and 4,0ck = 20'. 

One aspect that needs to be paid attention to is the pile-rock interface properties. 

It's quite difficult to model the exact pile-rock interface behavior since there are many 
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uncertainties. Similar to the soil model, the interface between pile and sand was modeled 

using Coulomb frictional model, in which the maximum shear stress depends on the 

frictional coefficient and the contact pressure. The friction angle used was @, = 31", 

corresponding to a fictional coefficient of 0.6. However, the interface between pile and 

rock much rougher than the interface between pile and sand. It may also show some 

resistance to the shear force when the contact pressure is zero. Based on this, a modified 

frictional model with a cohesion, shown in Figure B-1, was applied to the interface 

between the pile and the rock. The maximum shear stress can be written as 

r,  = c, +om tan@, . A FORTRAN program was written to interact with ABAQUS. 

Two factors c, and @, were used to define the interface behavior. If not specified, the 

interface properties are c, = 20psi and d, = 3 1'. 

Far better comparison, the 0-cell was placed at the tip of the pile to make sure the 

side loads for top down test and O-cell test are consistent. 

Figure B-2 shows the finite element mesh used in the analysis. The mesh 

dimensions are 60ft x 4%. It extends a pile length deep below the pile tip and 15 times of 

pile diameter in width. A total of 3016 nodes and 2850 elements were generated. This 

mesh was used for most of the analysis except when the pile length was changed. 

ROCK SOCKETED PILE BEHAVIOR 

A typical rock socketed pile was analyzed fiom both the top down load test and 

0-cell load test. In the model, the concrete pile was considered as elastic as before, with a 

Young's modulus of 5000ksi, which was actually used through the analysis. The rock 

below the sand layer was typical mudstone with a Young's modulus of 70ksi. The 
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strength parameters are cd = 200pi and q5& = 20'. The pilesand interface was 

modeled using Coulomb friction model with a friction coefficient of 0.6, corresponding 

to a friction angle of 3 1". The modified Coulomb friction model with a cohesion was 

employed to represent pilerock interhe, with a cohesion of 2Opsi and a friction angle of 

31". 

Top Down Compressive Test 

Figure B-3 shows the applied load vs pile top displacement curve. The maximum 

applied vertical stress is 2OOOpsi and the maximum mobilized vertical displacement is 

about 0.88in. The side load vs displacement curve and the tip load vs displacement curve 

are shown in Figure B-4 and Figure B-5 respectively. The tip load was calculated &om 

the vertical stress ofthe row of nodes at the pile tip, and the side load was calculated by 

subtracting the tip load from the total load applied to the pile top. In order of consistence, 

the displacement of the pile tip was picked for tip load vs displacement curve, and the 

displacement of the top of the socket (at the middle of the pile) was picked to generate 

the side load vs displacement curve. 

Figure B-4 presents a strain-softening behavior of the side resistance. The 

maximum mobilized side force occurs at a displacement of about 0.2in, which is 

1014kips. The average side shear can be calculated as 24.9psi for the whole interface 

including both soil and rock. The tip load vs displacement displays a two-stage behavior. 

Only a small value of end bearing is mobilized at the beginning of Loading. For example, 

when the applied load is half of the maximum applied load, which is about 1018kips, the 

mobilized end bearing is only 120kips. Almost 88% of the applied load is carried by the 

side resistance. However, the portion of the end bearing increases With the mobilization 
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of the side resistance. At the load level where the maximum side force is reached, 29% of 

the applied load is carried by the end bearing. After this, the increased applied load d l  

goes to end bearing, resulting in the increase of the BP ratio, where B is the mobilized 

end bearing and P is the applied load. At the maximum applied load, this ratio has 

increase to 53%. However large end bearing will mobilize large displacement, indicating 

the failure of the side shear, which is not expected at the working load. 

Further study of the pile-soil or pile-rock interface behavior is available fiom the 

shear stress and normal stress distribution. Figure B-6 presents the distribution of the 

normal stress at pilesoil (rock) interface along the pile length at different load level. It 

showed how normal stress develops with the applied load and along the pile length. 

Obviously, the normal stress at pile-soil interfaw is smaller than that at pile-rock 

interface. This is attributed to the different interface models and overburden pressure. As 

observed from the soil model, the normal stress is much larger at the top of the socket, 

and it decreases with the depth. With the increase of the applied load, the maximum 

normal stress (occurs at the top of the socket) increases, but no significant increase can be 

found at other depths. It is also shown that the nodes close to pile tip tend to be open with 

the increase of the applied load, and it develops upward. The appearance of the open 

contact nodes somewhat indicates the failure of the side shear. 

Similar plots for shear stress are shown in Figure B-7. Like normal stress, shear 

stress is much larger at the top of the socket. And it also increases with the increase of the 

applied load, particularly at the top portion of the socket. For the bottom part, more 

contact nodes are open with the increase of the applied load. 
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Closer observation of the pile-rock interface behavior is available through the plot 

of the shear stress vs normal stress curve at each node. Figure B-8 illustrates the 

development of the shear stress as a hnction of normal stress at three nodes along the 

socket length. Node 217,613 and 937 are located at a depth of 13& 8ft and 3ft below the 

top of the socket (or 28% 23ft and 18ft below the top of the pile) respectively. It is 

noticed that the shear strw vs normal stress curves for all three nodes follow the g p m ~  

straight line &er yielding. The straight line has a slope of 0.6 and an intercept of 20 with 

shear stress axis if extrapolated. It is correspondent to the interhce properties defined in 

the model, so Figure B-8 also verifies the modified Coulomb kii.ictiOn model. It is also 

shown that all three curves start &om similar normal stress around 3Opsi, which is 

induced by the overburden pressure. However, for Node 613 and 937, normal stress 

increases with the increase of the applied load, resulting in the increase of the shear 

stress. While for Node 217, the normal stress increases first and then decreases 

suggesting that this contact node tends to be open at large load level. This result is 

consistent with the normal strew and shear stress versus depth curves. 

Otel l  Test 

A soft spring was placed at the top of the pile to prevent the rigid body motion 

when modeling the O-cell test. An appropriate 0-cell load was applied just enough to 

mobilize the side shear. This was indicated by dramatic increase of the upward 

movement. This is the moment when a real 0-cell test is stopped. Figure B-9 gives the 

applied 0-cell load vs displacement curve. The 0-cell load used is the gross load 

including self weight of the pile above the 0-cell level and the spring force. The spring 

force is usually very small before the failure of the side shear, and increases a lot after 
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that. Figure B-9 illustrates that the upward movement is very small before the failure of 

the side shear. This is because the dilation of the pile-soil interface was not considered in 

the analysis. The downward movement curves displays a non-linear behavior. It is 

suggested that side shear fails before the failure of the end bearing for this case. 

Similar to the top down test, normal stress and shear stress are plotted versus 

depth at different load levels, as shown in Figure B-10 and Figure B-11. A different 

pattern of normal stress and shear stress distribution along the pile length was observed. 

Both normal stress and shear stress have a maximum value near the 0-cell level. At the 

top of the socket, both normal stress and shear stress have a large value, which is believed 

to be the result of the numerical problems since the interface properties are not 

continuous at this point. It’s also shown that the normal stress at both ends of the socket 

decrease with the increase of the applied 0-cell load suggesting that the contact nodes 

tend to be open at large load level. At an 0-cell load of 692kips and 865kips, several 

nodes at the pile tip are open, and both normal stress and shear stress are reduced to zero. 

However, same as the top down test, the shear stress at pile-soil interface is much smaller 

than that at pilerock interface. 

The development of the shear stress as a function of the normal stress at different 

depth is shown in Figure B-12. Same as the top down test, node 217, 613 and 937 are 

located at a depth of 13& 8A and 3A below the top of the socket (or 28A, 23A and 18A 

below the top of the pile) respectively. It is indicated that the three nodes follow the same 

hnction after yielding as defined for the pilerock interface properties. But at a deep 

depth (node 217), the n o d  stress tends to decrease before yielding. 
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Comparison Between Top Down Test and O-cell Test 

The comparison between the two testing methods is focused on the mobilized side 

shear, of which the interface between pile and rock is m r e  important. So it is necessary 

to compare the side load vs displacement curve of both testing methods. The side load 

fiom a top down test can be obtained using the method described in the results of the top 

down test. It should be noticed that the side load (upward load) includes the self weight 

of the pile above the Osterberg cell and the spring force at the top of the pile. Therefore, 

it is necessary to adjust this load when comparing the two testing methods. 

Figure B-13 shows the comparison between the two testing methods where the 

side load is the pure side load. The top down test curve exhibits a strain-softening 

behavior with a maximum side load at a displacement of 0.2-0.3in. However, the 0-cell 

test curve presents a little strain-hardening because of the existence of the spring at the 

top of the pile. The side shear is failed at a side load of around 8OOkips with the 

mobilization of the spring force and the upward displacement. It is obvious that the 0- 

cell load testing methods gives a weaker response than the top down load testing method, 

which is actually observed throughout the analysis. This result is consistent with the soil 

model, which means the side shear derived fiom an 0-cell test is conservative compared 

with the top down test. 

However, it is also necessary to quantify this difference. For the rock socketed pile 

case, it’s appropriate to compare the side shear &om the pile-rock interface, which can be 

calculated following the procedure described below. 

a) Estimate the side load at yielding; 
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For top down test where a peak value can be found, the failure side load is taken 

from the maximum side load. For 0-cell test, the failure side load can be taken at the 

moment when large upward displacement is mobilized. It’s always the last time step 

since the applied load was tried to be just enough to fail the side shear. 

For this case, (Q,)@ = 1013.5kfps, (Q,), = 826.9kips, where the subscript td and 

oc means top down test and 0-cell test respectively. 

b) Estimate the side shear at pile-soil interface; 

The side shear at pile-soil interface can be estimated from the shear stress versus 

depth curve. Since the mesh in soil is uniform in vertical direction, the side shear can be 

simply averaged through the pile length in soil. 

For this case, ( jd)M = 7.09psi, and vd,), = 3.3lpsi. 

c) Calculate the side load carried by pile-soil interface; 

This can be done by multiplying side shear and surface area of pile-soil interface. 

For this case, Ce,,), = 144.3kips, and <e,), = 67.4kips. 

d) Calculate the side load carried by pile-rock interface; 

The side load carried by pile-rock interface can be calculated by subtracting the 

side load carried by pile-soil interface from the total side load. For t h i ~  case, 

(Qd)M = 869.2kip3, and (Qd),,, = 759.5kips. 

e) Calculated the average side shear at pile-rock interface; 

For this case, (jd),,, = 42.7OpsiI and vd)= = 37.3 lpsi . 

f )  Calculate the ratio of the side shear at pile-rock interface from both testing 

methods. 

For this case, ( jd)M /Ud)= = 1.14. 

R-R 
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This procedure will be used throughout the parametric study from which the 

effect of different parameters can be determined. 

PARAMETRIC STUDY 

In order to study the two load testing methods in detail, some parameters were 

examined closely with regard to how they affect testing results and the difference 

between the two load testing methods. These parameters are believed to have significant 

influence on the pile response. Ils before, load vs displacement curve, side load vs 

displacement curve, and tip load vs displacement curve were compared for different 

cases. Side load vs displacement curve was compared between top down load test and 0- 

cell load test. 

Several significant parameters were believed to have great influence on pile 

response, including 

1. Embedded ratio L,, ID , where L e  is the part of pile length in the rock and 

D is the pile diameter, 

2. Young’s modulus of the rock E d ,  

3. Cohesion of the rock cd , 

4. Cohesion of pile-rock interface c, , 

5 .  Friction angle of pile-rock interface 4, , and 

6. In-situ horizontal stress ratio KO. 

Since many people believe that the dilation angle of the rock vd has effect on 

pile response, different models regarding it were also examined. In most analyses, 
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associate flow rule was employed, in which the dilation angle equaled to the internal 

friction angle. 

A total of 25 different cases were performed. For each case, both top down load 

testing method and 0-cell testing method were analyzed, and a comparison between these 

two methods was studied. The following is a list of these 25 cases. 

Casel. Base case, L,,lD=5, E,=70ksi, c d = 2 0 0 p i ,  4, =20', 

c, = 20psi, 4i = 31' (fiction coefficient=0.6), and KO = 1 with an associate flow 

rule for rock. For other cases, if not specified, these parameters were kept the 

same. 

Case 2. Non-associate flow rule was applied, vd = 0, and 4i = 50' (friction 

coef€icient=l.2). 

Case3. #i =50" 

Case 4. #i = 14' (fiction coefficient4.25) 

Case 5 .  Ed = IOOksi 

Case 6. E ,  = 7000ksi 

Case 7 .  di = 50' and E ,  = 700ksi 

Case 8. di = 50' and E ,  = 7000ksi 

Case 9. #, = 14" and E ,  = 700ksi 

Case 10. #i = 14' and Ed = 7000ksi 

Case 11. Normally consolidated, KO = 0.43 

Case 12. L- ID = 1.5 
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Case13. L,,lD=3 

Case 14. Lht ID = 10 

Case 15. L,,/D=1.5 and 4, =So' 

Case16. L,,/D=3 and 4l =50' 

Case17. L,lD=lO and =50' 

case 18. c, = opsi 

case 19. c, =lOpsi 

Case 20. C, = O p s i  and 4, = 50' 

Case 21. c, = lopsi and 4l = 50' 

Case 22. c, = O p d  and 

Case 23. C, = l O p i  and 4, = 14' 

Case 24. Elastic rock 

Case 25. era+ = 50psi 

= 14" 

Case 6 and Case 8 are not realistic because the compressive stress in the pile is so 

large that the concrete can be damaged before reaching the pile capacity. Therefore, these 

two cases were not considered in the following study. 

Dilation Angle y- 

Figure B-14 shows the comparison of the load vs displacement curve from the top 

down testing between a non-associate flow rule and a blly associate flow rule. It is 

shown that the two curves match well at the beginning. However, the associate flow rule 

shows a little stronger response than the non-associate flow rule after the applied load 
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reaches about 1800kips. This is due to the mobilization of the end bearing which depends 

on the rock behavior. 

The calculated side load vs displacement curve is plotted in Figure B-15. The two 

cases display similar response especially at the first part of the curve. It’s also indicated 

that the maximum mobilized side force for the two cases is almost same, which is about 

1472kips. It may be concluded that the dilation angle has little effect on the side load 

response. However, dilation angle has more significant influence on the end bearing. This 

can be seen from the tip load vs displacement curve presented in Figure B-16. Rock with 

dilation shows stronger response although the two curves match well at low load levels. 

The comparison of load vs displacement curve &om the 0-cell testing is shown in 

Figure B-17, from which the same conclusions can be drawn. The 0-cell load vs the 

upward movement curves are consistent for both cases and both cases fail the side shear 

at the same 0-cell load level. But for the 0-cell load VB downward movement curve, the 

case without dilation is weaker and it’s consistent with the results from the top down test. 

Although there’s some difference in the end bearing response between two plastic 

flow models, the side resistance is almost same for two cases, especially when the 

difference between the two testing methods. The ud)u /ud)= ratio was calculated 

to be 1.30 and 1.29 for v* = 20” case and vd = 0 case respectively. For most cases, 

side shear is mobilized before the yield of the end bearing, therefore the differences 

between associate and non-associate flow rules are small compared with other factors. So 

dilation angle won’t be considered as a significant factor, and no firther analyses will be 

conducted regarding its influence on the two testing methods and their difference. 

Appendix A, Part B - 12



Rock Interface Frlctlon Angle h1 

The internal friction angle plays an important role in side resistance and the axial 

capacity since the maximum shear stress is proportional to tan #l. Different cases have 

been performed with different interface friction angle. Case 1,3 and 4 were picked to 

examine the effect of +l on both of the testing methods and theii difference. 

Shown in Figure B-18 is the comparison of the load-displacement curves from top 

down test. It is obvious that larger friction angle results in stronger pile-rock system. For 

instance, at 1500kips applied load level, the displacement for 4, =SO' case is about 

0.18in, and the displacement is 0.3in and 0.511 respectively for d, =31" case and 

4l =14' case. More insight into the effect of the ftictional on the top down testing 

method can be found from side load vs displacement curve (Figure B-19) and tip load vs 

displacement curve (Figure B-20). Figure B-20 indicates that there's little difference in 

tip load vs displacement curve, but the difference in side load vs displacement curve is 

significant as shown in Figure B-19. The maximum side forces are 1472kips, 1014kips, 

and 740kips for 4, = 50', hl = 31' and 4, = 14' respectively. But the three cases show 

the same pattern of side shear response. A maximum side force is obtained at a 

displacement of between 0.2-0.3in, after which the side force decreases somewhat to a 

residual value showing a strain-softening behavior. It can be concluded that the friction 

angle of the pile-rock interface has little influence on end bearing, but rougher interface 

(larger friction angle) will improve side resistance significantly. Any difference from a 

top down test because of it is contributed by the difference of the side resistance. 
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The comparison of the load vs displacement curve from 0-cell test is shown in 

Figure B-21. Similar to the top down test, there’s almost no difference in 0-cell load vs 

downward displacement curve. However the difference in 0-cell vs upward displacement 

curve is significant. Note in Figure B-21, the 0-cell load is the gross applied load 

including self weight of the pile and the spring force. The maximum applied 0-cell 

pressure for three cases is llOOpsi, 85Opsi and 68Opsi respectively. It is again indicated 

that the friction angle at pile-rock interface has almost no influence on end bearing, but 

has substantial effect on side resistance. 

Figure B-22 presents the comparison of side load vs displacement curve for three 

cases. All three cases show the similar behavior, with 0-cell testing results conservative 

comparing with the top down testing results. But before failure, the 0-cell test gives a 

stronger behavior than the top down test. The comparison of the difference between the 

top down testing and the 0-cell testing can be illustrated by the side shear ratio at pile 

rock interface using the procedure described before. The ratio turns out to be 1.30, 1.14 

and 1.05 respectively. This result leads to the conclusion that the difference between the 

two load testing methods decreases when the interface friction an@e decrease. 

More results can be calculated from other cases regarding the side shear ratio for 

different interface fiction angle. Table 1 is a summary of results &om different cases. For 

both Ed = 700ksi and Ed = 7000ksi, cfmat))rl /cfd), increases with the increase of 

the fiction angle, indicating the difference between the two load testing methods is more 

significant when the interface is rougher. The data in Table 1 can be plotted as shown in 

Figure B-23. The effect of +i can be easily observed, and it is also shown that the effect 

of 4, is more considerable if Young’s modulus of rock is larger. For example, the ratio 
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increases about 83% when 

However, for Ed = 7OOhi case, the increase is only 24%. 

increases &om 14" to 50" for Ed = 70hi case. 

More details of the shear stress distribution at failure in rock can be found from 

Figure B-24. For each plot, shear stress distribution curves from the top down test and the 

0-cell test are shown. The shear stress distribution can be represented by the ratio ofthe 

shear stress at any depth to the average shear stress which was calculated from the 

procedure described before. It should be noticed that z is the depth below the top of the 

socket (1% deep) and L- is the socket length which is 15ft. The plots show that the 

shear stress has a larger value at the top of the socket for top down test, but for @cell 

test, the shear stress has a larger value close to the O-cell. The contact nodes at the 

bottom tend to be open for both tests. The comparison of the three sets of curves indicates 

that for a lower interface friction angle case, the shear stress distribution is more uniform 

for both top down test and 0-cell test. However, for larger interfm friction angle case, 

for example dl = 50',  the distribution is more diverse. The ratio of the shear stress at the 

top of the socket to the average shear stress is about 4.0, which is only about 1.7 for 

dl =14" case. 

Young's Modulus of Rock E- 

Several cases with different Young's modulus of rock were performed to study its 

effect on pile response. However, for some cases (for example, Ed = 7000ksi case with 

an interface friction angle of 31" or W), the pile capacity was calculated to be so large 

that the concrete pile tends to be damaged before the mobilization of the capacity. 
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Therefore, the comparison of different rock modulus was focused on the cases with an 

interface firidon of 14’. 

Figure B-25 illustrates the comparison of the load vs displacement behavior from 

the top down test. It is shown that the increase of rock modulus can greatly improve the 

pile response. For instance, to mobilize 0.3in displacement, the required load for 

E, = 70hi  case is about 1300kipq while for Ed = 700bi and E, = 7000ksi case, 

it is up to 2400kips and 4500kips respectively. Although E, = 7000hi case is not very 

realistic since the rock modulus is even greater than the modulus of the concrete causing 

some dramatic behavior, it still can explain the influence of the rock modulus. It is also 

indicated that the mobilized displacement for E, = 7000hi case is very small, part of 

which is induced by the compression of the concrete pile. 

Presented in Figure B-26 and Figure B-27 is the comparison of side load vs 

displacement curve and tip load vs displacement curve respectively. For E, = 700hi 

and E, = 7000hi case, the side load vs displacement curve does not show a peak value 

like E, = 70hi case, but it exhibits a strain-hardening behavior. Therefore, it’s quite 

difficult to estimate the side load at yielding or failure. But it was found that the 

maximum side load occurs at a displacement of 0.2-0.3in for most of the cases performed 

in which the peak side load exists, so it’s reasonable to choose the side load at which a 

0.2-0.3in displacement is mobilized as the failure side load, which will be discussed later. 

Figure B-27 shows that the rock modulus has a significant effect on the tip load vs 

displacement curve. Much stronger end bearing behavior was observed for 

E, = 7000hi case. The maximum tip load was found about 23OOkips with a mobilized 
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displacement of only less than 0.15in. Comparing Figure B-25 and Figure B-27 indicates 

that for Ed = 7000kn’ case, most of the displacement at the pile top is induced by the 

compression of the concrete pile. 

Results from the top down test lead to the conclusion that the rock modulus not 

only has influence on the end bearing response, but it also &ects the side resistance 

considerably. Same conclusion can also be drawn from the 0-cell testing results, as 

shown in Figure B-28. Both side resistance and end bearing resistance can be improved a 

lot with the increase of the rock modulus, especially when the rock modulus increases 

from 700hi to 7000kn’. The maximum applied 0-cell pressure for three cases is 68Opsi, 

7OOpsi and 95Opsi respectively. But this pressure didn’t mobilize much downward 

movement except for Ed = 70kn’ case. 

The comparison of the side load vs displacement curve between two testing 

methods for three cases is shown in Figure B-29. The E, = 700hi case and 

E ,  = 7000kn’ case are very similar in the side load vs displacement curves from both 

tests except that less displacement has been mobilized for E, = 7000hi case. For these 

two cases, the two curves match well before yielding, but the 0-cell test gives a much 

lower side resistance as observed before. While for E, = 70hi case, the 0-cell test 

appears stiffer before failure, but it still results in a lower side resistance. The average 

side shear mobilized at the pilerock interface can be calculated then. Por Ed = 700hi 

case and Ed = 7000hj case in which there is no obvious peak side load from the top 

down test, the side load at failure can be estimated using 0.2-0.3in displacement criteria. 

For example, the side load at yielding was estimated as 942.8kips, and the average side 
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shear at the pile-rock interface was then calculated as 42.31psi. While for the 0-cell test, 

the average side shear at pile-rock interface was computed as 30.92psi. 

The detailed results of side shear and (jd)u /(j&)- for different cases were 

already presented in Table 1. The increase of the rock modulus has a great influence on 

the mobilized side shear for both the top down test and the 0-cell test. When the rock 

modulus increases fiom 700ksi to 7000ksi, the side shear increases twice for the top 

down test and 40% for the 0-cell test. The ratio Cf,), /Cfd)= can be plotted against 

Ed shown in Figure B-30. The difference between the top down test and the O-cell test 

becomes larger when the Young’s modulus of the rock increases. When Ed = 70&, 

the ratio is 1.05, which may be omitted with an error within 5%. However, for 

Ed = 7000ksi case, the ratio is up to 3.2. Figure B-30 also shows that the effect of 

Ed is greater for larger interface friction angle case. But it should be realized that 

Ed = 7000ksi is not very realistic because the rock modulus is greater than the modulus 

of the concrete pile. 

More detailed shear stress distribution characteristic along the pile length in rock 

can be found in Figure B-3 1 for Ed = 70ksi and Ed = 700ksi. It appears that the 

shear stress distribution is more uniform with a lower rock modulus especially for the top 

down test. The result kom the top down test for Ed = 70ksi case shows that the ratio of 

the shear stress to the average shear stress is very close to 1.0 at the depth with a z / Ld 

of 0.2 to 0.9. While for Ed = 700ksi case, the distribution is more varied. It is shown 

again the difference of shear stress distribution between the two testing methods. For the 
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top down test, the maximum shear stress occurs at the top of the socket, but for the 0-cell 

test, the maximum side shear occurs close to the 0-cell. 

interface Cohesion C, 

Interface cohesion can affect side resistance significantly because it is related to 

the maximum shear stress as shown in the pile-rock interface model. Therefore, different 

values of interface. cohesion at c, were used to model the pile-rock interfpce. The thrm 

different values are 0 (corresponding to Coulomb fiiction model), lopsi, and 2Opsi 

respectively. And each combination of interface fiiction angle and interface cohesion 

results in a reasonable value of mobilized side shear. The study of the effect of c, will be 

focused on the 4, = 31' case (Case 1, 18 and 19). 

The comparison of the load versus displacement curve from the top down test is 

shown in Figure B-32. The three cases exhibit similar pile response. The three curves 

agree well when the mobilized displacement is less than O.lin, but larger interface 

cohesion case displays a stronger behavior. At an applied load of 1500kips, the mobilized 

displacement for cr = 0 case is about 0.63in, but this value for c, = lopsi case and 

c, = 20psi case is only 0.43in and 0.30in respectively. It also appears that the influence 

of c, is fairly uniform since c, is a constant in the modified Coulomb ftiction model. 

Figure B-33 and Figure B-34 present the comparison of the derived side load vs 

displacement curve and tip load vs displacement curve from the top down test 

respectively. Similar to the interface friction angle, it can be found from Figure B-34 that 

c, almost has no effect on the end bearing since the three curves match very well. As a 

result of it, the difference of the top down test with different interface cohesion is induced 
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by the side resistance. As shown in Figure B-33, the large c, case exhibits a stronger 

response. However, all the threes curves have strain-softening characteristics. The 

maximum side load occurs at a displacement of 0.2-0.3in. The peak value is 1013.5kips, 

806.8kips and 596.lkips respectively. The difference is 206.7kips between 

c, = 20psi case and c, = lopsi case, and 210.7kips between c, = lopsi case and c, = 0 

case. These two values are very close to the side load carried by a uniform side shear of 

lopsi, which is 203.6kips. 

It can be concluded from the top down test results that c, has a uniform effect on 

the side resistance, but has almost no influence on the end bearing. This conclusion is 

very similar to the effect of the interface friction angle. Same trend can be observed e o n  

the comparison of the load-displacement curve from the 0-cell test, as shown in Figure 

B-35. Ahnost no difference can be found from downward displacement curves. But the 

side load response is stronger for the larger c, case. The maximum applied O-cell 

pressure for these cases is SSOpsi, 7OOpsi and 54Opsi respectively. Although the 

difference between each two adjacent cases seems to be uniform, its value does not 

conform to the side force with a lopsi shear stress. 

Like before, the comparison of the two testing methods for three cases is shown in 

Figure B-36. The three plots exhibits similar features, but with different mobilized side 

load. The average side shear at the pile-rock interface was calculated. For the top down 

test, the average side shear for three cases is 42.70si, 32.92psi, and 23.05psi respectively. 

For the 0-cell test, the corresponding values are 37.3lpsi, 29.67psi and 21.5Opsi. The 

resultant Cf,)@ /(fd)= ratio for three case is 1.14, 1,17 and 1.07 respectively. 
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More results from other cases are available in Table 2. It is shown that the 

increase of c, can result in larger differences between the top down test d the O-cell 

test. For the combination of c, = 0 and d, = 14‘, there’s almost no difference between 

the results from the two testing methods. However, it should be noticed that for this case, 

the side resistance is too small for rock to be realistic. And in the model, it is even weaker 

than the pilesoil intefice. It can also be found that the difference ef the side shear 

between two adjacent cases for the top down test is about lopsi, which is the difference 

of the interface cohesion. But for the 0-cell test, this difference is smaller than lopsi. The 

cf,), /cf,),ratio was plotted against c, in Figure B-37, showing that the influence 

of c, is quite uniform. 

Shear distribution comparison is show in Figure B-38. The three cases exhibit 

similar behavior. However, for c, = 2Opsi case, more contact nodes are open, while no 

contact node is open for c, = 0 .  It can also be found that c, = 2Opsi case has more 

uniform shear stress distribution for the top down test, but not for the 0-cell test. 

Cohesion of Rock c,- 

In order to study the influence of the cohesion of rock, three cases were 

performed (Case 1, Case 24 and Case25), one of which involved the use of the elastic 

model for rock. The elastic rock case is equivalent to the case. with an infinite rock 

cohesion. The effect of c, on the load vs displacement curve from the top down test is 

shown in Figure B-39. The elastic rock model is much strongex than the other two cases. 

Its load-displacement curve exhibits a two-straight-line behavior. The change of the slope 

of the straight line indicates the mobilization of the end bearing. Since the rock won’t 

B-21 
Appendix A, Part B - 21



fail, the load-displacement curve doesn’t show the yielding and the applied load can be 

theoretically increased infinitely with more displacement mobilized. For cases where 

Drucker-Prager model was used, larger c, c~se has a stronger response. It is shown in 

Figure B-39 that for c, = 50psi case, the c w e  becomes flat rapidly after the yielding 

of the side shear because the rock is too weak to provide high capacity. 

Figure B-40 and Figure B-41 present the side load vs displacement and tip load vs 

displacement results from the top down test respectively. It can be seen from Figure B-40 

that c, = 200psi case and c& = Sopsi case both display a strain-softening behavior 

as some other cases. While for the elastic rock case, a strain-hardening behavior was 

observed. It is because the rock will not fail after the mobilization of the end bearing, 

which will result in the increase of the interface contact pressure and thus the side 

resistance when the applied load is increase. It is also indicated that the displacement at 

which the maximum side load occurs decreases with a reduction of the rock cohesion. 

For the tip load vs displacement plots as shown in Figure B-41, the elastic rock model 

case has the similar characteristic to the side resistance behavior except that the initial 

slope is smaller. It is due to the f k t  that the end bearing is mobilized after the failure of 

the side resistance. Also can be found from Figure B-40 is that higher C~ case shows a 

stronger end bearing response. 

It may be concluded from the top down test results that ce has significant 

influence on both side resistance and end bearing. Larger ce value, especially elastic 

rock case, shows a stronger response. for both side resistance and end bearing. Similarly, 

the results fkom the O-cell test are plotted in Figure B-42. Again, it is shown that the 
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larger cmct. case is stronger in both side resistance and end bearing. It should be also 

notice that for cd = S O p s i  case, the rock is so weak that the end bearing tends to be fail 

before the failure ofthe side shear. While the downward movement curve for elastic case 

appears to be the straight line indicating the elastic behavior. The maximum applied 0- 

cell pressure for elastic rock case, cd = 2 0 0 p  case and cd = Sopsi case is 1003psi, 

85Opsi and 680psi respectively. 

The comparison between the top down test and the 0-cell test is plotted in Figure 

B-43. The elastic rock case does not show an obvious peak side load value for the top 

down test, but it can be estimated as 1080.3kips using the displacement criteria. The 

average side shear at pilerock interface can be then calculated as 45.97psi. The 

corresponding vale for the 0-cell test was computed as 44.69psi, resulting in a 

(Jmct.)a /(Jmct.)= ratio of1.03. The details are shown in Table 3. 

It may be concluded that the difference between the top down test and the 0-cell 

test decreases with the increase of the rock cohesion. For elastic rock case, the 

(J&)# /(jmct.)w ratio is only 1.03,so there’s no significant difference between the two 

load testing methods. But this case is corresponding to the very high strength rock which 

is impossible to fail. It is also illustrated that the crooc can af€& the mobilized side shear 

for both testing methods. However, this influence is becoming smaller when the value of 

cmac is large. For instance, the average side shear for the top down test increases about 

10% when cd increases from Sopsi to 2OOpsi. But no more than 5% increase was found 

when crooc increases from 2OOpsi to infinity. 
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The shear stress distribution for three cases is presented in Figure B-44. Beside 

the findings about difference of the location of the maximum shear stress, it is also shown 

that for the elastic rock case, no contact node was open for both top down test and 0-cell 

test. The lower cIoDt case displays a strange behavior at a depth of 0.7-0.9 of the socket 

length. This may be caused by the numerical problems since the rock is too low, and the 

rock around the pile failed before the failure of the side shear. 

Embedded Ratio L-ID 

The pile length embedded in the rock is also believed to be an important factor. 

The following section will discuss its effect, which is represented by the embedded ratio 

L - I D .  Several cases with different L d I / D  values have been analyzed. Four 

different L - / D  values involved are 1.5, 3.0, 5.0 and 10.0, The finite element mesh 

was changed accordingly. For case LhI ID = 10, there are a total of 5248 nodes and 

5035 elements generated. The load vs displacement results from the top down test are 

shown in Figure B-45. As expected, the longer socket case exhibits a stronger pile 

response although the four curves are very similar. When 15OOkips load is applied, the 

L,, / D = 10 case is still in the elastic range, but Ld, ID = 1.5 case already mobilizes 

a large displacement of 0.8in and this load has reached the pile capacity. Figure B-45 also 

shows that the initial slopes for the four curves are very different. 

Figure B-46 and Figure B-47 are the plots of the derived side load vs 

displacement and tip load vs displacement from the top down test respectively. Figure B- 

46 shows that the L,, ID ratio has a significant influence on the side resistance, and 

side resistance can be improved greatly by increasing the socket length because the side 
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load capacity is proportional to the socket length. It also appears that larger L-, l D  

case has less side load reduction after yielding and the strain-softening behavior is not 

very obvious. Less difference was found in the tip load vs displacement curves, as shown 

in Figure B-47. The case with larger L-, l D  ratio shows a little weaker behavior in end 

bearing. This is because less end bearing is mobilized for larger L,, l D case due to the 

large side resistance. 

The load-displacement curves from the 0-cell test are plotted in Figure B-48. The 

findings are consistent with those from the top down test. Larger L,, l D case results in 

a higher side resistance. But there’s almost no difference for the downward movement 

curves. It’s also noticed that for L-, / D = 10 case, large downward displacement has 

been mobilized and the end bearing almost reached the failure. 

The difference between the two testing methods for these four cases can be found 

in Figure B-49. All the cases show the similar behavior. As before, the 0-cell test results 

exhibit a little stronger response before the failure of the side shear, but it gives a lower 

side resistance capacity. It is also indicated that for the larger L,, l D  case, the strain- 

softening behavior is not obvious. The V,), /(J,), ratio for each case can be then 

calculated. The detailed mobilized side shear from both testing methods and 

(J&)# l(J,)= ratio for some cases can be found from Table 4. 

Table 4 shows that L,, l D ratio has little effect on the mobilized side shear for 

both top down testing and 0-cell testing except for case where L,, ID is very large 

(L-, /D = 10). Therefore, the influence of L,, l D  on the difference of the two 
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testing methods is not very significant. However, when L- / D ratio is large enough, 

the difference is becoming larger. For example, for L,, / D  = 10 with 4, = 50 ' ,  the 

(J&)& /(J&)- ratio is 1.54, and the difference need to be considered. The data in 

Table 4 can be plotted in Figure B-50. It can be concluded that there is no significant 

influence of L ,  / D  on the difference of the two load testing methods if L-, / D  is 

not very large. But the increase of L,, /D tends to enlarge the difference as shown in 

Figure B-50. 

Figure B-51 shows the shear stress distribution for all four cases. For lower 

L ,  / D case, the shear stress distribution for both the top down test and the 0-cell test 

is more varied, and no contact nodes are open at failure although some nodes tend to. But 

with the increase of the L,, / D  ratio, more nodes tend to or turn out to be open at 

failure especially for the 0-cell test. And the distribution becomes more uniform although 

no significant different is found for the maximum f, / f, value. For all four cases, no 

open contact nodes appear at the top of the socket when failure occurs. 

In-situ Horizontal Stress Ratio KO 

The following section will focus on the influence of the overconsolidation ratio. 

Different cases were conducted by changing the horizontal pressure applied on the far 

side edge of the finite element mesh. Both normal consolidated case (KO = 0.43) and 

KO = 1 .O case were performed. 

Figure B-52 shows the load vs displacement curves from the top down test. It can 

be seen that the KO = 1.0 case has a stronger behavior because the larger radial stress will 
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increase the contact pressure at the interface between pile and soil, which will then 

increase the side resistance. This result can also be observed from the derived side load vs 

displacement results from the top down test, as shown in Figure B-53. The two cwes  are 

similar, but the KO = 1.0 case shows a larger maximum side load, which is 1013Skips. 

The corresponding value for normal consolidated case is only 658.8kips. However, the 

tip load vs displacement results, shown in Figure B-54, indicate that there's almost no 

difference in end bearing between two cases. 

The results from the 0-cell test are plotted in Figure B-55. It confirms the results 

obtained Erom the top down test. KO has a significant influence on the side resistance, but 

has no effect on the end bearing. 

The difference between the two testing methods for both cases is shown in Figure 

B-56. It seems that the maximum side load of the normal consolidated case occurs at a 

smaller displacement than KO = 1.0. The (fd), /(fd), ratio for KO = 1.0 case and 

normal consolidated case can be calculated as 1.10 and 1.33 respectively. The detailed 

results can be found in Table 5.  

From Table 5, one can find that the increase of KO can improve side resistance 

for both top down test and 0-cell test greatly. For 4, = 3 1' case, the side shear increases 

47% for the top down test and 71% for the 0-cell test respectively. And for 4, = 50" 

case, the increase is 75% and 89% respectively. So with a larger 4,, the influence of KO 

can be more significant. It is also shown that the (fd)M l(fd), ratio for KO = 1.0 

case is smaller than the normal consolidated case. Therefore there's smaller difference 
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between two testing methods for larger radial stress case. This result seems different from 

the soil model. 

Figure B-57 shows the shear stress distribution characteristic for both cases. As ca 

be seen i+om the plots, the shear distribution from the top test for both cases is very 

similar. But for the 0-cell test, the normal consolidated case appears dramatic. Many 

contact nodes at the top of the socket are open at failure. The nodes near the pile tip tend 

to be open, but not open yet. This behavior is different from the KO = 1.0 case, where 

contact nodes near the pile tip are open while no open nodes appear at the top of the 

socket. It may be due to the less contact pressure developed at the pile-soil interface. 

SUMMARY 

A rock socketed pile model was analyzed using finite element method, and a 

detailed parametric study was performed to determine the influence of each factor on the 

difference between the top down test and the 0-cell test. For the cases examined, it is 

always true that the 0-cell load test is conservative to estimate the pile capacity compared 

with the conventional compressive top down load test. Some results regarding the pile 

response behavior and the parametric study can be summarized as following. 

1. Strain-softening behavior of the side load response 

For the top down load test, the pile response suggests that side resistance is 

mobilized before the end bearing. As can be seen from most of the cases analyzed, the 

side load vs displacement exhibits a strain-softening behavior with a peak value occurring 

at a displacement of 0.2-0.3in. The end bearing is mobilized after the failure of the side 

shear. But for some strong cases, such as large rock modulus case, the side load response 
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shows a strain-hardening behavior, which is due to the larger contact pressure developed 

at the pilesoil interface. 

2. Influence of each parameter 

It has been shown the six factors, which are pilerock interfaw fiction angle 4, 

and cohesion c, , Young’s modulus of rockE,, cohesion of rock c, , embedded ratio 

L-, ID , and the stress ratio KO, have significant influence on the pile response in both 

top down test and 0-cell test. However, little difference was found for cases with 

different dilation angle of the rock v,. 

The study of 6, and c, suggests that the interface roughness has great influence 

on the pile response, because they are related directly to the maximum side shear 

mobilized. The increase of the interface roughness can improve the side resistance 

greatly, and the influence of c, seems uniform. However, both factors have no influence 

on the end bearing behavior. It was also found that the rougher of the interface, the more 

difference between the top down test and the 0-cell test. Another finding is related to the 

shear stress distribution. It is observed that the shear stress distribution tends to be more 

uniform for cases with a lower 4,. On the contrary, larger c, case shows more uniform 

shear stress distribution. 

The rock properties, i.e. E, and c, , have considerable influence on both side 

resistance and end bearing. The increase of these two factors will increase the pile 

capacity in both side resistance and end bearing. However, their influence on the 

difference between the top down test and the 0-cell test is in the opposite direction. 

Larger rock modulus will result in more difference between the two testing methods. But 
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the increase of the cohesion of the rock will give less difference. As to the shear stress 

distribution, larger cd or lower Ed will result in more uniform distribution. 

The increase of the embedded ratio L,, ID will give larger pile capacity, but 

the average mobilized unit side shear doesn’t have much difference except if L- /D is 

large enough. This holds true for the difference between the two testing methods. Larger 

L ,  / D ratio tends to induce more difference. 

The overconsolidation ratio also has significant influence since it can improve the 

contad pressure developed at the interface which will then result in greater side 

resistance. But it has almost no effect on the end bearing. The results suggest that larger 

difference between the two testing methods will be induced by a smaller KO. 
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Table 1 Effect of 4, and E ,  on Pile Repnse andDzference 

Between Top Down Test and O-cell Test 

c, =o  

Table 2 Efect of c, on Pile Response and Diserence 

Between Top Down Test and O-cell Test 

c, = lopsi 

(fdL 
(Psi) 

10.30 

23.05 

44.65 

I 
I I I I 

(Id), (Id)& (f,)M cfd), Vd)M 
(Psi) (I,), (Psi) (Psi) W,L 

10.27 1.00 20.05 19.44 1.03 

21.50 1.07 32.92 29.67 1.11 

37.57 1.19 54.81 43.83 1.25 

I c, = 2Opsi 

I 1 

v- 
64.80 49.76 
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Table 3 Effect of cd on Pile Response and Difference 

#l =31' 

(fd), Ud), U d d  
(psi) (psi) UdL KO 

0.43 28.97 21.77 1.33 

1.0 42.70 37.31 1.14 

Between Top Down Test and &ell Test 

$6, =50" 
(fd), cfd ) ,  Ud), 
(Psi) (Pi) UdL 

37.07 26.39 1.40 

64.80 49.76 1.30 

I 45.97 I 44.69 I 1.03 I 42.70 I 37.31 I 1.14 I 38.76 I 29.12 I 1.33 I 

Table 4 Effect of L-, ID on Pile Reqonse and Difference 

Between Top Down Test and O-cell Test 

= 31' I I 

1.5 42.74 37.37 1.14 

3.0 41.70 38.07 1.10 

3.0 42.70 37.31 1.14 

10.0 46.78 37.97 1.23 

#l = 50" 

I I 

74.47 I 48.44 I 1.54 I 
Table 5 Effect of KO on Pile Response and Difference 

Between Top Down Test and O-cell Test 
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L x  A 

- 
Contact Pressure 

Figure B-1 Constitutive Model for Pik-Rock Intqhce 
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4.L Finite Element Mesh 

land 

.Rock 

Figure B-2 Finite Element Mesh for Rock Socket Model 
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Load vs Displacement, Topdown Test 
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Figure B-3 Load vs Displacement Curve, Top Dawn Test 
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Side Load vs Displacement, Topdown Test 
1200 I I I 
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Figure B-4 Side Load vs Displacement Curve, Top Down Test 
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Figure B-5 n p  Load vs Displacement Curve, Top Down Test 
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Figure B-6 Normal Stress vs Depth, Top Down Test 
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Figure B-7 Shear Stress vs Depth, Top Down Test 
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Shear Stress vs Normal Stress, Topdown Test 
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Figure B-8 Shear Stress vs Nomal Stress, Top Down Test 
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Load vs Displacement, Ocell Test 
1.4 I I 

-8 Node1037 : 
+ Node2815 i 

1 2  - . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . .  

1 . . . . . . . . .  j .  t :  

. . . . . . .  . . . . . . . . .  j . . . . . . . . . .  I . .  . . . . . . . . .  

. . . . . . . . . . .  .- 

-0.6 I I I I I I I I 

0 100 200 SO0 400 500 600 700 861) ooo 
Ocell Load (kips) 

Figure B-9 Load vs DispIacement Curve, O-cell Test 
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Normal Stress vs Depth, Ocell Test 
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Figure B-10 NomaI Stress vs Depth, O-ceN Test 
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Shear Stress vs Depth, Ocell Test 
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Figure &I I Shear Stress vs Depth, O-cell Test 
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Shear Stress vs Normal Stress, Owl1 Test 

Normal Stress (psi) 

Figure B-12 Shear Stress vs Nonnal Stress, O-cell Test 
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Side Load vs Displacement 
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Figure B-13 Comparison of Side Load vs Displacement Curve 

Between Top Down Test and O-cell Test 
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Load vs Displacement. Topdown Test - .  
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Figure B-14 Eflect of pmcc on Lwd vs Displacement Curve, Top Down Test 
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Figure B-15 Eflect of ed on Side Load vs Displacement, Top Down Test 
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Tip Load vs Displacement, Topdown Test 
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Figure B-16 Efect of pd on Tip Lwd vs Diqdacement, Top Down Test 
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Figure B-I 7 Efect of pd on Load vs Displacement Curve, O-cell Test 
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Figure B-18 Effect of 4, on Load vs Displacement Curve, Top Down Test 
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Figure B-I9 Eflect of 4, on Side Loadvs Displacement Curve, Top Down Test 
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Figure B-20 Effect of 4, on Tip Load vs Displacement Curve, Top Down Test 
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Figure B-21 Eflecf of 4, on Load vs Displacement Cum, O-cell Test 
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Figure B-22 Side Load vs Displacement comparison for Different 6, Values 
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Effect of Pile-Rock Interface Friction Angle 
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Figure B-23 Eflect of 4,on the Digereme Between Top Down Test and O-ceN Test 
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Figure B-24 Shear Distribution Comparison for DiTerent 4, Values 
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Figure B-25 Effect of Ed on Load vs Displacement Curve, Top Down Test 
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Figure B-26 Effect of E ,  on Side Load vs Displacement Curve, Top Down Test 
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Figure B-27 Eflect of Ed on Tip Load vs Displacement Curve, Top Down Test 
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Figure B-28 Eflect of Ed on Load vs DispIacement Curve, O-cell Test 
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Figure B-29 Side Load vs Displacement Comparison for Diyerent E ,  Values 
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Figure B-30 Effect of Ed on the Difference Between Top Down Test and O-cell Test 
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Figure B-31 Shear Stress Distribution Comparison for Diferent Ed Values 
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Load vs Displacement, Topdown Test 
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Figure B-32 Eflect of c, on Lwd vs DiTlacernent Curve, Top Down Test 
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Side Load vs Displacement, Topdown Test 
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Figure B-33 Effect of c, on Side Load vs Diqdacement Curve, Top Down Test 
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Tip Load vs Displacement, Topdown Test 
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Figure B-34 Efleci of c, on T@ Loadvs Displacement Curve, Top Down Test 
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Load vs Displacement, Ocell Test 
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Figure B-35 EfSect of c, on Load vs Displacement Curve, O-ceN Test 

B-67 

Appendix A, Part B - 67



CFlW 
*:1w 1.. 

: ; *ceallr( 
. .  

......... , . , .  . .., ., . .. .; . .. .. . .. .. . ,.. .. . .; .. . .. . 
0 

Dup(sCensn(M 

Figure B-36 Side Load vs Displacement Comparison for Diflerent c, Values 
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Figure B-37 Eflect of c, on the Diflerence Between Top Down Test and O-cell Test 
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B-38 Shew Stress Distribution Comparison for Drferent c, Values 
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Load vs Displacement, Topdown Test 
3500 

4 c&=200psi 

-8 C&=sopsi 

I I 

+ EiastioRock 

3000 

*0° t 
2000 

LI 

x 2 1500- 

1000.- 

0 0.2 0.4 0.0 0.8 I 
Displacement (in) 

Figure B-39 Eflect of c, on Load vs Disphcement Curve, Top Down Test 
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Side Load vs Displacement, Topdown Test 
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Figure B-40 Effect of c, on Side Load vs Disprclement Curve, Top Down Test 
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Tip Load vs Displacement, Topdown Test 
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Figure B-41 EfJ'ect of c, on Tip Load vs Displacement C w e ,  Top Down Test 
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I 1 

-8- Downward Movement , &=200psl 
+ Upward Movement 
* Downward Movement, Elastic Rock 
-s- Upward Movement 

-v- Upward Movement 
.+. .&-~ard.~veme~.,.  -=5Opd. . . . . . . .  .:. . . . . . . . . . . . . . . .  : . . . . . . . . . . . . . .  . . . . . . . . . . . .  

: I  I :  

. . . . . . . . . . . . . . . . . . .  . . . . . . . . . . . . . . . . . . . . . .  

. . . . . . . . . . . . . . . . . . . .  . . . . . . . . . . . . . . . . . . .  

I I I I I 

200 400 600 800 1000 

Ocell Load (kips) 

Figure B-42 Efect of c ,  on Load vs Displacement Curve, O-cell Test 
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Figure B-44 Shear Stress Distribution Comparison for Diflerent c, Values 
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Figure B-45 Effect of La& on Loadvs Diqlacement, Top Down Test 
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Figure B-47 Eflect of L,& on Tip Load vs Displacement, Top Down Test 
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Figure B-55 Egect of KO on Load vs Displacement Curve, &ell Test 

B-87 

Appendix A, Part B - 87



Figure B-56 Side Load vs Displacement Comparison for Different KO Values 
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Part C 

COMPARISON WITH FIELD TESTS 

INTRODUCTION 
In order to verify the finite element model, several well-documented case histories 

were modeled and compared with the field test results. Both the 0-cell test and the top 

down test were performed on the same mesh. The focus was the comparison of the load 

vs displacement curve and the load transfer curve. The unit mobilized side shears 

calculated kom the strain gage readings were also compared with the model results. It 

should be noticed that it is quite difficult to estimate the deposit properties with the 

limited information. Therefore, some parameters were adjusted to achieve better results. 

HENDERSON, NV CASE 

General Information 
This project included an Osterberg load test performed by Ladtest, Inc at 1-215/I- 

515 interchange, Henderson, NV. 

The test site mainly consists of very stiff sandy lean clay with gravel, with several 

silty sand layers. The test shaft was 60in in diameter and 40ft long, and the top of the 

shaft was 45ft below the ground surface. A detailed dimension and shaft instrumentation 

was shown in Figure C-1. The 0-cell was placed at 25.2ft below the top of the shaft, with 

the other 14.8ft shaft carrying the downward load. Three strain gages were placed along 

the shaft to estimate the load transfer information, one of which was installed in the shaft 

segment below the base of the 0-cell. Three LVWDTs were positioned between the 

lower and upper plates to measwe 0-cell expansion. Two pipe piles were also attached to 
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the test shaft to measure compression of the shaft between the cell and the top of the shaft 

with two telltales. 

During the test, each load increment was held constant for four minutes. The data 

logger automatically recorded the instrument readings every 30 seconds. The maximum 

applied 0-cell pressure was 76OOpsi, resulting a load of 1980kips. The maximum 

mobilized upward and downward displacement was O.in and 4.9in respectively. The unit 

shaft resistance could be derived from the strain gage data, which was calculated as 

1.08bf from the top of the shaft to strain gage level 3,2.72kSf from strain gage level 3 to 

strain gage level 2, 8.83ksf from strain gage level 2 to 0-cell, and 6.02ksf from 0-cell to 

strain gage level 1. 

Finite Element Model 
A finite element model was built up to simulate the field test. The 45ft sand and 

clay layer above the top of the shaft was omitted in the modeling, but the overburden 

pressure was applied on the top of the mesh. A total of 3471 nodes and 3300 elements 

were generated. The top down was also performed on the same mesh. Two different sets 

of interface properties were employed to the pile-soil interface. 

The following is a list of parameters used in the model. 

Soil properties: 

Young’s modulus E = 1Ohi 

Cohesion c = 8Opsi 

Friction angle $5 = 0 

Pile-Soil interface properties: 

Upper part shaft: Cohesion c, = Opsi 
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Friction angle 4, = 27' 

Lower part shaft: Cohesion c, = Opsi 

Friction angle 4, = 18.5' 

Comparison of Results 
The comparison of the load vs displacement curve from measurement and model 

is shown in Figure C-2. For the downward movement curve, the finite element model 

shows a stronger behavior, while for the upward movement curve, the finite element 

model exhibits a weak behavior. But both finite element model and measurement have a 

same average side resistance. 

The load transfer cuve can be calculated &om the strain gage data. Table C-1 

presents the calculated vertical load at different load levels for all 3 gages from both 

measured results and the finite element results. The corresponding mobilized side shear is 

shown in Table C-2. The data in Table C-1 was also plotted in Figure C-3. Note in Table 

C-1, the numbers in the parenthesis are the loads from the finite element model, which 

are not exactly same as the measured load. At the lower load level, the l d  trader curve 

from both results match fairly well. However, it is show that more loads are carried by 

the middle of the shaft at large load levels. 

The top down test was then conducted with the same parameters. Figure C-4 

shows the load vs displacement curves from finite element model and the derived from 

the field test results. The finite element model exhibits a weaker behavior at when the 

load was fust applied. However, it has a larger pile capacity a8 can be seen from Figure 

C-4. 
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The maximum mobilized side shear at different depth intervals can be calculated 

from the vertical strain information. Table C-3 summarizes strain, load and side shear 

results, showing that the side shear is smaller at a lower depth. 

With both measured results and model results, a comparison can be made 

regarding the maximum mobilized side shear at different depth intervals, as shown in 

Table C-4. At the interval from gage 1 to 0-cell and 0-cell to gage 2, measured results 

have the largest value, which is 6.02ksf and 8.83ksfrespectively. While at the interval 

from gage 2 to gage 3 and gage 3 to the pile top, the top down test exhibit the largest 

value, 5.03ksf and 6.49ksf respectively. 

WILSONVILLE, AL CASE 

General information 
This project involved an Osterberg load test on a test shaft for the Department of 

Energy’s Power Systems Development Facility, Wilsonville, Alabama. The test was 

performed by Loadtest, Inc. The purpose of this load test was to assess and verify the 

drilled shaft design capacity. 

The site stratigraphy consists of the approximately lft of fill, underlain by shale 

which has a maximum compressive strength of 13OOpsi. Groundwater was not 

encountered in the shaft. The test shaft was 32in in diameter and 18.5ft long. The detailed 

dimension and instrumentation is shown in Figure C-5. Two telltales were attached to the 

vertical hydraulic pressure pipe to measure the upward and downward movement. Four 

strain gages were installed to measure the axial strain in order to obtain the side shear 

distribution information. 
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The load test was conducted on Feb. 9,1994, about 26 hours after the placement 

of the concrete. The concrete was test to have an average compressive strength of 

45OOpsi. Based on this information and the contribution of the reinforcing steel, the 

modulus of the shaft was estimated as 4.16E6psi. The load was applied in increments of 

approximately 6Otons for loading and 12Otons for unloading. Pressure was held for 4 

minutes, with the maximum load held for 10 minutes, and 2 minutes for unloading. The 

maximum applied 0-cell load was 534tom with an upward displamment of 0.660in and a 

downward displacement of 2.384in. The maximum mobilized side shear was 7.8tsffkom 

0-cell to gage 1, 4.3tsf from gage 1 to gage2, 3.8tsf from gage 2 to gage 3, and 1.3tsf 

f b m  gage3 to gage 4 respectively. 

Finite Element Model 
The shaft was modeled using finite element method to perform the O-cell test. 

The finite element mesh involves a total of 3 129 nodes and 2967 elements. Since there 

are some uncertainties about the properties of shale, different properties were tried to 

match the test results. The Young’s modulus of the rock may be reduced because it was 

considered as intact in the model while there may be some seams and joints. The 

corresponding top down test was also performed on the same finite element model with 

the same parameters. 

The following is a summary of the all parameter used in the model. 

Rock properties: 

Young’s modulus Ed = 60k;Fi 

Cohesion c- = 2OOpsi 

Friction angle 4- = 14’ 
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Pile-rock interface properties: 

Cohesion c, = 30psi 

Friction angle 4, = 50' 

Comparison of Results 
Figure C-6 shows the load-displacement curve from both field test and model 

calculation. The downward displacement match fairly well, but for the upward 

displacement, the finite element model exhibits a stronger response because the dilatancy 

was not considered at the pile-rock interface. However, the failure load is about the same 

at which the side resistance was failed. 

The shear stress and normal stress distribution along the pile length at different 

load levels are shown in Figure C-7 and Figure C-8 respectively. As can been seen, the 

contact nodes at both ends tend to be open with the increase of the applied load. 

Therefore, both shear stress and normal stress-decrease at both ends and increase in the 

middle with the increase of the applied load. 

Side shear information can also be obtained from the strain gage reading. Similar 

to the field test, the vertical strain at gage levels was picket out and the corresponding 

load and side shear was calculated. Table C-5 shows the calculated vertical load at 

different load levels for all 4gages from both measured results and the finite element 

results. The corresponding mobilized side shear is shown in Table C-6. The data in Table 

C-5 was also plotted in Figure C-9. In Table C-5 and Table C-6, the numbers in the 

parenthesis are the loads from the finite element model, which are not exactly same as the 

measured load. 
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It is shown that the unit shaft resistance from the finite element model exhibits a 

large value in the middle of the shaft when the applied load is large. This is because the 

contact nodes at both ends tend to be open, but in the real test, the shaft resistance 

increases with the depth and the maximum side shear always o a r s  close to the 0-cell. 

The top down test was then conducted with the same parameters. Figure (2-10 

shows the load vs displacement curyes from finite element model and the derived from 

the field test results. It can be seen that the finite element model is stronger, which is due 

to the interface model used in the calculation. As mentioned above, dilatancy was not 

considered at the pile-rock interface, so the slip between the pile and the rock was 

calculated smaller. 

The shear stress vs depth curve and normal stress vs depth curve at different load 

levels are presented in Figure C-11 and Figure C-12 respectively. Different from the 0- 

cell test, the maximum shear stress occurs at the top of the shaft. Below a depth of 4ft, the 

shear stress distribution becomes uniform. The mobilized side shear near yielding at 

different depth intervals can be calculated from the vertical strain information. Table C-7 

summarks  strain, load and side shear results at failure of the side resistance. The 

mobilized side shear decreases with the depth. 

With both measured results and model results, a comparison can be made 

regarding the maximum mobilized side shear at different depth intervals, as shown in 

Table C-8. At the interval from the 0-cell to gage 1, measured results have the largest 

value, which is 7.8tsf. While at the interval from gage 1 to gage 2 and gage 2 to gage 3, 

there is no much difference among three results, with an approximate value of 4.0tsf. 
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However, at the interval of gage 3 to gage 4 (the top part of the shaft), the top down test 

exhibit the largest value (4.5tsf) as expected. 

DENVER, CO CASE 

General Information 
This project also involved an Osterberg load test preformed by Loadtest, Inc for 

Southeast Corridor Construction. The test shaft was located at the I-25h-225 interchange, 

Denver, Colorado. 

The test site consists of a layer of loft sandy lean clay, overlying weathered 

claystone with silty sand and fined grained seams. The claystone has different blow count 

at different depth although it was treated as the same in the finite element model. The 

detailed shaft information and instrumentation is show in Figure (2-13. The nominal shaft 

diameter was 42in. The top 4.5ft of the test shaft was in the clay layer, and the socket 

length was 17.2%. Two strain gages were installed along the shaft length to assess the 

side shear load transfer of the shaft above the Osterberg cell. The test shaft assembly also 

included two telltales in two steel pipes in order to monitor the upward and downward 

movement. 

The test was carried out on Jan 14, 2002. The load was applied incrementally and 

each successive load increment was hold for four minutes. The maximum load was 

reached at the sixth increment with a value of 559kips. The corresponding maximum 

upward net load applied to the side shear was 527kips, calculated by subtracting the self 

weight of the shaft above the 0-cell fiom the gross load. At this load level, the total 

upward movement was 1.58in, and the downward movement was 2.30in. At the time of 

testing, the concrete unconfined compressive strength was reported to be 3423psi. Based 
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on the strain gage readings, the unit side shear was calculated as 1.08ksf from the top of 

the shaft to strain gage 2,2.63ksf from strain gage 2 to strain gage 1, and 3.51ksffrom 

strain gage 1 to the 0-cell level. 

Finite Element Model 
The finite element model was built to model the Denver test shaft. It should be 

noticed that 4.5ft of the test shaft was in the clay soil layer. Therefore, the interface 

properties used for at the pileclay interface are different from those at the pile-rock 

interface, which is much weaker. The 6ft deep clay above the top of the shaft was 

neglected in the finite element mesh, but its influence on the overburden pressure was 

considered. In the finite element model, 4.375psi vertical pressure was applied on the top 

of mesh. Different interface properties were used to define pile-clay interface and pile 

rock interface. The pileclay interface was assumed to have Spsi resistance. The 

following is a list of the parameters used in the analysis. 

Rock properties: 

Young's modulus Ed = 40kn' 

Cohesion crmc = 5Opsi 

Friction angle +d = 10' 

Pile-rock interface propedes: 

Cohesion c, = 9.6psi 

Friction angle 4, = 3 1" 

Pileclay interface properties: 

Cohesion c, = 5.Opsi 
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Friction angle 4, = 0 

Comparison of Results 
The comparison of the load vs displacement curved from both field test and finite 

element model is shown in Figure C-14. The two downward movement curves fit very 

well, but the finite element model seems much stronger than the field test although the 

failure load is about the same for both cases. Same as before, it is because the interface 

model doesn’t include dilatancy. Figure C-15 and Figure C-16 present the shear stress vs 

depth curve and normal stress vs depth at different levels. As can be seen fiom Figure C- 

15, the maximum mobilized side shear for the top 4 3  is 5psi as defined in the interface 

properties. The shear stress in the rock is much larger with a maximum value close to the 

0-cell level. However, with the increase of the applied load, both shear stress and normal 

stress at the bottom tend to be zero indicating that the contact nodes are open. This results 

in the reduction of the shear stress at node near 0-cell. It was also found that the shear 

stress close to the clay-rock interface is larger, which is believed to de due to the 

numerical problem since the interface properties are not continuous at that depth. 

Similar to the real test, the strain information can be used to calculate the side 

load transfer and then estimate the unit shaft resistance. Table C-9 summarizes the side 

load calculated at gage levels from both field test results and model results. The derived 

side shear results were shown in Table C-10. The number in the parenthesis is the applied 

load in the finite element model which is not equal to the applied load in test for some 

cases. The data in Table C-9 were also plotted in Figure C-17. It was shown that at lower 

applied load, the two side load transfer curves match well. However, when the applied 

load increases, the difference between field test and finite element model is becoming 
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larger. For the finite element model, the side shear distribution is more uniform. It is 

because the contact nodes near 0-cell become open and more side force is carried at the 

middle of the shaft. 

The top down test was also performed using the same model. Figure C-18 

presents the load vs displacement curve from the finite element model and derived from 

the 0-cell field test results. The finite element model again exhibits stronger response 

before the failure of the side resistance, which is because dilatancy at pile-rock interface 

was not considered in the finite element model. 

Shear stress vs depth w e  and normal stress vs depth w e  are presented in 

Figure C-19 and Figure C-20 accordingly. It is shown that larger shear stress and normal 

stress occurs at the top of the socket. The maximum mobilized side shear in the clay layer 

is 5psi as defined in the interface properties. Similarly, the unit shaft resistance can be 

calculated fiom the strain information, as shown in Table C-11. 

Table C-12 compares the mobilized side shear from the measurement, finite 

element top down test and 0-cell test model. For the 0-cell test, the maximum mobilized 

side shear occurs at the bottom of the shaft from both measurement and model results. 

But for the finite element model, more loads are carried by the middle of the pile since 

the interface becomes open at the bottom. For the top down test, the maximum side shear 

occurs at the middle since the overlying clay layer has weaker interface properties. 

SUMMARY 
Two field tests were model using the finite element method. Both tests involve an 

Osterberg load test of a rock socketed pile. In the model, the interface properties can be 

adjusted to match the measured load-displacement curve. The same model was then used 
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to perform the top down test. The comparison between the measured results and the 

model results can be summarized as follows. 

1. The downward displacement curves for the 0-cell test fiom both measurement 

and model results can fit well. However, for the upward displacement, the 

finite element model shows a stronger behavior. This is due to the negligence 

of the dilatancy at the pile-soil interface in the finite element model. 

2. At lower load levels, the load transfer curves from both measurement and 

model results match closely, so do the side shear results. While at larger load 

levels, the side shear has larger value at the middle fiom the model results, but 

the bottom of the pile shows larger side shear fiom the measurement. In the 

finite element model, the contact nodes at the interface tend to be open when 

the side resistance is about to fail. 

3. The top down test and the 0-cell test exhibit different side shear distribution 

characteristic. For the top down test, the maximum shear stress appears at the 

top of the pile or socket. But for the 0-cell test, the maximum side shear 

occurs close to the 0-cell. 
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Table C-1 Comparison of the Laadat Gage I n t e n d  

Between Field Test Results andModel Results, Henderson Case 

Gage 1 Gage 2 Gage 3 

Applied Load 
(kips) 

From From From From From From 
Test Model Test Model Test Model 

944(988) I 295.4 I 350.7 I 168.6 I 293.8 I 23.4 I 23.3 1 
789 (790) 

1408(1383) I 615.5 I 650.8 I 305.8 I 488.6 I 40.8 I 1 9 . 7 1  

(kips) (kips) (kips) (kips) (kips) (kips) 

192.2 247.2 131.9 204.3 21.5 2.7 

1718 (1704) 

1976 (1976) 

Table C-2 Side Shear at Gage Intervals From Model Results. Henderson Case 

~ 

872.4 948.8 422.6 692.3 60.7 133.8 

1120.9 1206.7 556.6 899.0 102.2 177.2 

Applied Gage 1 to 0-cell to 

(kips) 

988 4.70 4.23 

1383 I 5.37 I 5.50 

7 (Measured) 

1.53 0.05 

I 2.42 I 0.71 -1 
2.72 
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Strain Gage Strain (,UE ) 

Gage 1 84.1 

Gage 2 231.9 

Gage 3 315.5 

Table C-4 Comparison of the Maximum Mobilized Unit SJqft Resistance, 

Henderson Case 

Load (kips) 

768.2 

2118.0 

2878.0 

Unit Side Shear (hi) 
4.06 (Gage 1 to 0-cell) 

5.30 (@cell to Gage 2) 

5.03 (Gage 2 to Gage 3) 

I DepthInterval 

Measured 
(0-cell Test) 

(hf) 
6.02 

8.83 

2.72 

1.08 

FE Model FE Model 
(0-cell Test) (Top Down Test) 

0 0 
5.62 4.06 

6.67 5.30 

4.41 5.03 

1.57 6.49 
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Table C-5 Comparison of the Loadai Gage Intervals 

Between Field Test Results andModel Results, Wilsonville Case 

Applied 

(496) 366.8 

118.4 

157.1 

202.2 

379.4 

432.3 

Gage 2 Gage 3 Gage 4 

117.0 

139.1 

168.8 

227.2 

258.2 
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Table C-6 Comparison of the Unit shafr Resistance 

Between Field Test Results rmdModel Results, Wilsonville Case 

Applied 
Load 

(tom) 

183 

(198) 

246 

(248) 

308 

(298) 

434 

(446) 

496 

(496) 

0-cell to Gage 1 Gage 1 to Gage 2 Gage 2 to Gage 3 
From From From From From From 
Test Model Test Model Test Model 

(tsf) (tsf) (tsf) (tsf) (* (tsf) 

0.5 4.7 2.3 1.7 1.8 0.8 

3.9 5.4 1.6 2.2 2.0 1.1 

3.2 5.6 3.4 2.8 2.5 1.5 

4.7 4.0 4.0 4.8 3.3 3.3 

6.3 3.8 4.3 4.8 3.8 4.1 

I-- = 
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Strain Gage 

Gage 1 

Gage 2 

Gage 3 

Gage 4 

Table C-8 Comparison of the Maximum Mobilized Unit Shql Resistance, 

Wilsom'lle Case 

Strain ( pe ) Load (tons) Unit Side Shear (tsf) 

99.2 166.0 3.6 (0-cell to Gage 1) 

160.5 268.5 4.1 (Gage 1 to Gage 2) 

264.6 442.6 4.2 (Gage 2 to Gage 3) 

442.6 740.5 4.5 (Gage 3 to Gage 4) 

1 Measured I FEModel I FE Model 1 
Depth Interval 

O-cell to Gage 1 

Gage 1 to Gage 2 

Gage 2 to Gage 3 

Gage 3 to Gage 4 

(0-cell Test) (0-cell Test) (Top Down Test) 

(t@ (tsf) (t@ 
7.8 5.6 3.6 

4.3 4.8 4.1 

3.8 4.1 4.2 

1.3 1.7 4.5 

C-17 
Appendix A, Part C - 17



Table C-9 Comparison of the Load at Gage I n f e d  

Between Field Test Results andModel Results, Denver Case 

Applied I Gage 1 

Load 

(kips) 

273 (279) 

351 (355) 

From Test 

(kips) 

129.2 

181.0 

429 (449) 230.7 

507 (505) 284.0 

559 (559) 312.0 

From Model 

(kips) 

118.3 

155.0 

251.6 

3 14.6 

380.0 

Gage 2 

From Test 1 FromModel 

81.2 I 74.6 

102.1 I 122.2 

124.5 I 151.0 

129.9 1 186.4 

Table C-I0 Comparison of Side Shear at Gage Intervals 

Between Field Test Result3 andModel Results, Denver Case 

0-cell to Gage 1 
Applied 

Model 

429(449) I 2.87 1 2.86 

Gage 1 to Gage 2 I Gage 2 to Pile Top 
I 

From I From I From I From 
Test I Model I Test I Model 

1.82 0.82 1.09 
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Strain Gage 

Gage 1 
Gage 2 

1 I 

Strain ( w ) Load (kips) Unit Side Shear (ksf) 

93.0 476.6 2.73 (@cell to Gage 1) 
130.7 670.1 3.06 (Gage 1 to Gage 2) 

Table (2-12 Comparison of the Maximum Mobilized Unit Shajt Resistmce, 

Denver Case 

Depth Interval 

Measured 
(0-cell Test) 

0 
3.61 
2.63 
1.03 

FE Model FE Model 
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Figure G I  Dimensions and Insmtmentation of Test Shqft, Henderon Case 
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Comparison of Load vs Displacement, Ocell Test, Henderson Case 
! I I I I ! I 

++ Upward Movement, Measured 
* Downward Movement, Calculated 

. . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . .  : \ \  
\1 

e. I w ri 4 I I I - 1  I 

200 400 600 800 I000 1200 1400 1600 1800 i 

Ocell Load (kips) 
I0 

Figure C-2 Comparison of Load vs Displacement Curve, O-cell Test, Henderson Case 
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. . . . . . . . . 

Load (kips) 

Figure C-3 Comparison of Load Trmfer Curve Between Measurement a n d M d l  Results, 
Henderson Case 
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Load vs Displacement, Top Down Test, Henderson Case 
I ! / I 

... . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . .  . . . . . . . . . . . . . . . . . . . . . . . . . . . . .  jb 1 

...................................................... . 

. . . . . . . .  . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . .  

J 1 
I I I , I 

0.8 1 1.2 0.2 0.4 0.6 
Displacement (in) 

Figure C-4 Comparison of Load vs Diqhcement Curve, Top Down Test, Henderson Case 
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SWLLE 

- GROUNDSURFACE 

- TOP OF CONCRETE 

-TELLTALES 

, 
PRESSURE PIPING 1; 

-\- 
26" O.D. BEARING PLATES 

1'2" OSTERBERG CELL 92-434-2 [21.* x 12") 
-\ 

6" - BOTTOM OF ROCK SOCKET 

POWER SYSTEMS DRVELOPMBNT FAClLTTY 
LOADTEST PROJECT No. LT-163 wILsoNvILLB,ALABAMA 

Figure C-5 Dimensions rmd Insmmentation of Test Sha~?, Wilsonville Case 
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-1 

-1.5 

-2 

-2.5 

Comparison of Load-Displacement Curve, Wilsonville Case 

. . . . . . . . . 

100 200 300 400 500 
Ocell Load (tons) 

D 

Figure C-6 Comparison of Load vs Displacement Curve, O-cell Test, Wikonville Case 
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. . .  . . . . . . .  

Shear Stress (psi) 

Figure C-7 Shear Stress vs Depth, O-cell Test, Wilsonville Case 
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Normal Stress vs DeDth. Ocell Test, Wilsonville Case 
ell Load406.8kip 

+ Ocell LoadP703.6kip 
8- Ocell Load=OOZkips 

Jcell Load=5052kip 
. . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . .  

.* q.. . ; .  . . . . . . . . .  ;. . . . . . . . .  . ;. . . . . . . . . .  i . .  . . . . . . . .  ( . .  . . . . . . . .  ( .  . . . . . . . . .  ( .  . . . . . . .  

- .  

. .  

. . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . .  t . . . . .  I . . . . . . . . . .  I . . .  

. . . . . . . . . , . . . . . . . . .  . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . .  

. . . . . . . . . . . . . . . . . . . . . . . . . . . . . .  . . . . . . . . . . . . .  

. .  . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . .  i . . . . . . . . . .  i 

. . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . .  
. .  t 

I I 1 I 4 I I I 

Normal Stress (psi) 

Figure C-8 Normal Stress vs Depth, O-cell Test, Wilsonville Case 
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Load Transfer, Wilsonville Case 

Figure C-9 Load Trrmsfer Comparison Between Measurement andModeI Results, 
Wilsonville Case 
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Comparison of Load-Displacement Curve from Topdown Test, Wilsonville Case 

Displacement (in) 

Figure C-I0 Comparison of Load vs Displacement Curve, Top Down Test, Wihnvillle Cam 
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Shear Stress (psi) 

Figure C-I1 Shear Stress Distribution, Top Down Test, Wilsonville Case 
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Normal Stress vs Depth, Topdown Test, Wilsonville Case 

Normal Stress (psi) 

12. 

14. 

, , I I I J 
I00 150 200 250 300 

Normal Stress (psi) 

Figure C-I2 N d  Stress Distribution, Top Down Test, ~lsonville Case 
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TIP 0; WATT 

+5622.25 - 

Figure C-I3 Dimensians andlnstrumentation of Test shafr. Denver Case 
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1 .5 

1 

0.5 

-1 

-1.5 

-2 

-2.5 
0 

Comparison of Load-Displacement Curve, Denver Case 
! ! 

-6- Measured Downward Movement + Measured Upuard Movement 
* Calculated Downward Movement 
-6- Calculated Upward Movement 

I 4. m . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . .  

100 200 300 400 
Ocell Load (kips) 

500 0 

Figure C-14 Comparison of Lwd vs Displacement Curve, O-cell Test, Denver Care 
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Shear Stress (psi) 
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Normal Stress vs Displacement, Ocell Test, Denver Case 

. . . . . . . . . 

3 
5 a 
v 

I 3  

. . . . . . . . . .  

Normal Stress (psi) 

Figure C-16 Normal Stress vs Depth, O-cell Test, Denver Case 
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Figure C-17 Load T r d e r  Comparison Between Measurement &Model ResuIts, 
Denver Case 
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Comparison of Load-Displacement Curve From Topdown Test, Denver Case 

Displacement (in) 

Figure C-18 Comparison of Load vs Displacement Curve, Top Down Test, Denver Case 
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Shear Stress vs Depth, Topdown Test, Denver Case 

15 . . . . . . . . . . . . . . . . . . . . .  1 ; :  
. . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . .  

. . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . .  

P . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . .  

Shear Stress (psi) 

Figure C-I9 Shear Stress vs Depth, Top Down Test, Denver Case 
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Figure C-20 N o m I  Slres vs Depth, Top Down Test, Denver Case 
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(*)Load tpstr are not to failure 
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IATABASE DW/L - 
Reference 

T I Q i n g u a n g  C. (2001) 

IlKirrch F. (2001) 

48 IPW. Shirning W. (2001) 

(*)Load iests are not to fa 

'2000-Details of Drilled shafts and Static Load Test Results 

!re 
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$ Dynamic Test Predictive Ratio I 
Reference 

Briaud I. L 

3 Ballouz M. and 4 
George N. (2000) 
Briaud J. L 

4 Ballouz M. and 7 
George N. (2000) 
Mukaddam M.A. and 

5* Iskandarani M.W. (1996) ZI 1 

eorgeN. (2000) 

Briaud J. L H I  2 BallourM.and 

6* 

7* 

8* i 
earge N. (2000) I l i *  

Mukaddam M.A. and 
Iskandarani M.W. (1996) 56 

Kanhare D.K. and 
Ravikiran V. (2000) 14L 

Nayak N.V. 
Kanhere D.K. and J N V  
Ravikirm V. (2000) 
Walter G.B. (2000) 

II II I DSGl 

I N U  
(*)Load t e a  are not to failure 
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(*)Load tests are not to failure 
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PART B 
Case Histories of Statnamic and Static Load Tests 



Appendix B Part B 

meral Soli Proflie - Borlnm BJJ 
o 1.5 m - Siltv Sand (SPSM) Avg N.6 

STATNAMIC TEST SUMMARY SHEET 

Additional Prolect Information 
StaUc tests were via anchored reaction beam using QUICK methol 

Job Name: 
Job Location: Florida 

0.0000 m 

-0.0050 

-0.0100 

-0.0150 

-0.0200 

-0.0250 

-0.0300 
1000 0 -1000 -2000 -3000 -4000 -5000 -6000 -7000 -8000 

i to 2.5 m ~ Clayey Sand (SP-SC) Avg N=l l  
i to 4.5 m -Weak Limestone Avg N=13 
i to 30.0 m -Hard Limestone Avg N N J  

pile ~ i p  @ 7.8 m*' 
3ter table below pile Up 

Oniyfirst3 inches of displacement shown for STN test. 

I 

B-2 
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Appendix B Part B 

to 4.9 m - Sandy Clay (CL) Avg N=7 
I to 8.2 m -soft Clay N=7 to w.O.H. 
lo 23.0 m - Weak Limestone Avg N.23 

'ile Tip @ 13.7 m" 
iler table 9.5 m 

STATNAM I C TEST SUM MARY SHEET I 

Job Location: Florida 
.- __ 

0.0000 

-0.0050 

-0.0100 

-0.0150 

-0.0200 

-0.0250 

-0.0300 

-0.0350 
-0.0400 
-0.0450 

1 1 2 0 3 1 USA FLLS TP-3/4 

Job Name: 

?t 

&,I,= 43.04 
&I,= 0.79 

L =  13.7C 
OD= 1.00 
ID = 0.00 

SLT= -4733 

-0.0500 
1000 0 -1000 -2000 -3000 -4000 -5000 -6000 -7000 

I - SLT - SLD 1 
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ineral Sol1 Proflle - Borlno 3-943 
I m -fill (sand.gravel.cinders ) 
D 4.2 m - Organic Clay and Peat N=W.O.R. 

STATNAMIC TEST SUMMARY SHEET 

Addltlonal Prolect Information 
Non-uniform polygon (12 sided) steel pile with 18 inch top dia and I 
inch bonom diameter. Known as Tapertube Pile (patent pending). 

4 1 1 2 3 2 USA JFK )MSFP. 

Job Name: JFKAirport Light Rail System 
Job Location: Queens, New York 

0.0000 

-0.0020 

-0.0040 

-0.0060 

-0.0080 

-0.0100 

-0.0120 
0 -500 -1000 -1500 -2000 -2500 -3000 -3500 -4000 

h P  1.07 
kn. = 22.97 
bP= 0.03 

L =  16.00 
OD= 0.46 
ID=  0.44 

SLT= -3509 
SLD= -3289 

I -SLT -SLD I 

! to 35 m - Brown medium fine Sand w/ tram Silt Avo IDriven lhen filled with concrete. Strain data from STN shows less 
:30 

- 
than 10% EB. Slatic tests were via kentledge with 1 hour holds anc 
24 hour hold at msx load. 

Note: Skin area above wrong due to non-unifonn pile. 
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General Soil Profile 

I STATNAMIC TEST SUMMARY SHEET 

Additional Pmlect Informallon 

- ............ 

4 1 1 2 4 3 JPN NNO T l  

Job Name: Noto Test Site 

1rn of sudiclal clay, founded in 10 m of sofl rock with 
N=15 I 

0.0000 k-6 +--H 

-0.0500 

-0.1000 

-0,1500 

-0.2000 

&"in= 27.65 
hP= 0.03 

L =  11.00 
OD= 0.80 
ID= 0.78 

SLT= -4440 

Pile was driven through a sofl rock known as Wakura 
Diatomaceous Mudstone. 

Statnarnic testing was canied out 14 months afler a cyclic Static 
Load test was conducted. 

1 -0.2500 

-0.3000 i 
1000 0 -1000 -2000 -3000 -4000 -5000 -6000 

II I -SIT -SLD - - - series3 I 
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0.0000 

-0.0200 

-0.0400 

-0.0600 

-0.0800 

-0.1000 

-0.1200 

STATNAMIC TEST SUMMARY SHEET 
2 USA STG LT-1 2 1 1 2 4 

Job Name: St. Georae Island Bridae 

i F '  L ~ ! ~ I ~ ~ i i i ~ ~ i i, i I -1- 

f' 
~~ 

I: 

:I 

-- - 

I I 

Job Location: St. George Island, FL 

-5-0 m Stickup 
0-4 rn Water 
4-9 rn Silty Fine Sand N = WOR 
9-14 m Silty Fine Sand N = 5 to 30 
14-19.5 m Silty Fine Sand N = 30 to 50 
Tipped in 50+ Limestone 

Concrete Cylinder Driven Piles. 

Kentledge Static Load test was conducted prior to Statnamic 
testing. 

-0.1400 i 
0 -2000 -4000 -6000 -8000 -10000 

II I -SLT -SLD - - -Envalnnn I 

A =  1.03 
4n. 104.7, 
hP= 0.75 

L =  2 4 3  
OD= 1.37 
ID= 0.97 

SLT= -960f 
SLD= -931f 

-12000 

I Load Carried primarilyin end bearing 
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im fill 
!7m grey silty-clay with silty sand layers Nc5 
45m grey silty-clay Nc25 
62m gravel and sand with silt N-80 
.59m mod. weathered sandstone Ns100 RQD 50- 
% 
.67m mod. Weathered shale NzlOO RQD 5@90% 

STATNAMIC TEST SUMMARY SHEET 
1 1 1 2 3 1 TWN TFC 241 

Job Name: 

shaft construction - Jan.10, 1999 
SLT March 12-14. 1999 
STN March 16,1999 

____ Job Location: 

0.0000 

-0.0020 

-0.0040 

-0.0060 

-0.0080 

-0.0100 

-0.0120 

-0.0140 

-0.01 60 

-0.0180 

-0.0200 

?”= 1.01 
I&= 345.42 
%p= 1.77 
L =  73.30 

OD= 1.50 
ID=  0.00 

SLT= -23544 
SLD= -23387 

5000 0 -5000 -10000 -15000 -20000 -25000 -30000 

I -%I T -SLD I 
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Inera1 Soil Profile 

STATNAMIC TEST SUMMARY SHEET 
1 I 1 1 3 1 TWN TFC 532 

Job Name: 
Job Location: - 

0.0000 

-0.0020 

-0.0040 

-0.0060 

-0.0080 
-0.0100 SLT= -25084 

SLD= -24548 
-0.0120 

-0.0140 

-0.0160 

-0.0180 

&kln = 376.05 

L =  79.80 

ID- 0.00 

&, = 1.77 

5000 0 -5000 -10000 -15000 -20000 -25000 -30000 

Addnlonal Proled Information 

-SLT -SLD 

im fill 
!7m grey silly-clay with silty sand layers Nc5 
45m grey silty-clay Nc25 
.52m gravel and sand with sin N-80 
69m mod. weathered sandstone NrlOO RQD 50- 
Ib 
.67m mod. Weathered shale N>100 ROD 50-90% 

shaft construction - Jan.4. 1999 
SLT March 29.31, 1999 
STN March 10, 1999 
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meralSoll Profile 
'.5 rn of sandygravel with boulders. with Intermediate 
ter of silt and silty sand. 

STATNAMIC TEST SUMMARY SHEET 

Addltlonal Prolect lnformatlon 

The Static Load Test (SLT) was performed four weeks after pile 
Installation. 

Slatnamic testing commenced ten days after full release of SLT 
load. with targel load of 12 MN. 

- .. 

I 2 I 2 3 3 JPN OHlTO TEST 

Job Name: Ohito Bridqe - 
Job Location: Shizouka Prefecture, Japan 

0.0000 

-0.0200 

-0.0400 

-0.0600 

-0.0800 

-0.1000 

-+-+ 

i 
L =  11.00 

LD= 0.00 
SLT= -10747 

-0.1200 i: 
5000 0 -5000 -10000 -15000 -20000 -25000 
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pneral Sol1 Profilg 
o 1.5 m - Sandy Gravel Avg N=25 
i to 13.5 m ~ SHty Sand w/gravel Avg N=25 
.5 to 18.3 m -Silty fine Sand w/ mica N.30 
.3 to 19.0 m ~ Silty Rne Sand wl gravel N=100 
,an Tip at I 9  m 
.O to 27 m - Silty flne Sand w/ gravel N=100 

STATNAMIC TEST SUMMARY SHEET 
1 2 2 0 2 1 USA BQE S A W  

Job Name: BQE 
Job Location: Queens, NY 

0.0000 i- ---l- 

Tell tale data from Static test Indicated Zero end bearing. Strain dal 
from Stalnamk test Indicated 51 tons of end haring. Statfc load 
test was vla anchored reaction beam. 

Note: Total skin friction from Statnamic test plotted against static 
test. 

-0.0010 

-0.0020 

-0.0030 

-0.0040 

-0.0050 

-0.0060 

-0.0070 

-0.0080 

-0.0090 
2000 0 -2000 -4000 -6000 -8000 

h =  0.95 
q,,, = 67.34 

L =  18.29 
OD= 1.52 
ID= 0.00 

SLT= -7606 
SLD- -8019 

kp= 1.81 

-10000 
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ineral Sol1 Pronle 

STATNAMIC TEST SUMMARY SHEET 

Addltlonal Proiect Information 

- 

2 2 1 2 3 2 USA BC Pier10 

Job Name: Bayou Chico 
Job Location: Pensacola, Florida ____ 

+-r- l+t+i - i f t i - - t i i i  I i---Htti+t- 00000 

-0 0050 

-0 0100 

-0 0150 

-0 0200 

-0 0250 

-0 0300 

hn.= 32 16 

L =  13.40 
OD= 060 

E IDS 060 
SLTr -3382 

-0.0350 I 
1000 0 -1000 -2000 -3000 -4000 -5000 -6000 -7000 

I -!?I T -SLD I 

me Sand at ground elevation to very dense sand at 
pthsof 12-15m 

Pile was over water I 
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Loose sands at ground elevation to very dense sand at 
depths of 12-15 rn 

STATNAMIC TEST SUMMARY SHEET 

Three StaUc load tests were performed two months prlor to a single 
cycle of Statnamic testing. 

Job Location: Pansawla, FL 
- 

-0.0100 
h =  1.04 

-0.0300 4". = 25.20 
hP= 0.36 

-0.0500 L =  10.50 

-0.0700 
SLT= -5612 

-0.0900 SLD= -5387 

-0.1100 

I/ I -0.0700 I SLT= ID= -5612 OBO I t  
11 -0.1100 

SLD= -5387 I 
-0,1300 

-0.1500 
1000 0 -1000 -2000 -3000 -4000 -5000 -6000 -7000 -8000 -9000 

II I -SLT -SLD ..... Fnvalnna I II 

I I I 

B-12 
Appendix B, Part B - 11



Appendix B Part B 

neral Sol1 Proflle 

STATNAMIC TEST SUMMARY SHEET 
2 2 1 2 4 2 USA BC Pier! 

Job Name: Bayou Chico Bridge 
Job Location: Pensacola. FL 

Addnlonal Proleel Informallon 

0.0000 Fi 

-0.0200 

-0.0400 

-0.0600 

-0.0800 

-0.1 000 

-0.1 200 

-0.1400 
1000 

--I +--1-i- +-+-++--ti 

&,in= 32.16 
&,= 0.36 

L =  13.40 
O D =  0.60 
I D =  0.60 

SLT= -4309 

- 
SLD= -4740 1 1  . 

0 -1000 -2000 -3000 -4000 -5000 

)se Sand at ground elevation to vely dense sand at 
jths of 12-15 rn 

3 cycles of Static Load Testing were conducted prior to 1 cycle of 
Statnamic Testing 
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pneral Soil Profile 

STATNAMIC TEST SUMMARY SHEET 
- 2 2 1 2 4 2 USA STG LT-5 

Job Name: St. Georw Island Bridge 

Addnlonal Pro1ec.i Information 

Job Location: St. George Island, FL 

_. i i u--Ki 0.0000 
-0.0100 

.Om Stickup 
5 m Water 
10 m Silty Fine Sand N = W.O.R. to 5 
-14.5 m Silty Fine Sand N = 20 to 30 
,.5-20.5 m Weak Limestone N = 10 to 30 

0 -2000 -4000 . -6000 -8000 -10000 -12000 -14000 -16000 

Concrete Cylinder Driven Piles. 

Kentledge Static Load test was conducted prior to one cycle of 
Statnamic testii. 

Load Carried Primarily In side shear. 

1 -SLT -SLD - - -Envelope 1 

?.= 1.18 

b,, = 0.75 

OD= 1.37 
ID= 0.97 

SLT= -12575 
SLDS -1088: 

104.74 

L =  24.30 
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0-2 m Loam N = 2 
2.5-6.5 m Clay N = 5 
6.5-13 m Fine Sand N = 18 
13-15 m Fine Sand N = 19 
15-20 m Fine Sand N = 30 

200 0 -200 -400 -600 -800 -1000 -1200 -1400 

The first Statnamic test was conducted four weeks after installation 
with two more Statnamic tests conducted two weeks later. Static 
load testing was conducted hvo weeks after final Statnamic test. 

I /  I -SLT -SLD i 

I I 
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- 

STATNAMIC TEST SUMMARY SHEET 
6 2 1 2 4 23 JPN SHONAN T5 

yeral Sol1 ProRle 

Job Name: Shonan Test Site 

Addltlonal Prolect lnformatlon 

Job Location: Shonan-Machi. Ciba Prefecture, Japan __ 
0.0000 

-0.0200 

-0.0400 

-0.0600 

-0.0800 

-0.1000 

-0.1200 

-0.1400 

- 
hP= 0.13 

L =  7.00 
OD= 0.40 
ID= 0.00 

SLT= -476 

I -SLT -SLD - - - Series3 I 

? rn Loam N = 2 
i-6.5 m Clay N = 5 
i-13 m Fine Sand N = 18 
-15 m Fine Sand N = 19 
-20 rn Fine Sand N = 30 

Precast High-strength Concrete Pile placed into 5 m deep bored 
hole, and then driven an additional 2 rn. 

Statnamic conducted afler 3 cycles of Static Load testing. 
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STATNAMIC TEST SUMMARY SHEET 
6 2 1 I 3 JPN SHONAN T2 

Job Name: Shonan Test Site 
Job Location: Shonan-Machi, Chiba Prefecture, Japan 

q,,, = 8.80 
hP= 0.13 

L 7.00 
OD = 0.40 
ID= 0.00 

SLT= -415 

-0.0200 

-0.0400 

-0.0600 

-0.0800 

-0.1000 

-0.1200 

-0.1400 
100 0 -100 -200 -300 400 -500 -600 -700 -800 

-SLT -SLD 

IMdltlonal Proiect Information 
I 

.-.. . . 

2 m Loam N = 2 
i-6.5 m Clay N = 5 
i-13 m Fine Sand N = 18 
-15 in Fine Sand N = 19 
-20 rn Fine Sand N = 30 

Precast High-strength Concrete piles were placed into bored and 
grouted excavation. 

Statnamic testing was conducted prior to three cycles of Static Loai 
testing. 
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STATNAMIC TEST SUMMARY SHEET 
- 6 2 1 2 4 32 JPN SHONAN T I  

Job Name: Shonan Test Site 
Job Location: Shonan-Machi. Ciba Prefecture, Japan 

+ l i  i I i ~ i i i i I I i ~ cii-, 

-0.0100 

-0.0200 

-0.0300 

-0.0400 

-0.0500 

-0.0600 

-0.0700 

-0.0800 

h =  0.95 

bP= 0.13 
L- 7.00 

OD- 0.40 
ID- 0.00 

SLT= -478 
SLD= -505 

hkI. = 8.80 

100 0 -1 00 -200 -300 -400 -500 -600 

I -SLT -SLD I 

2 m Loam N = 2  
i-6.5 m Clay N = 5 
i-13 m Fine Sand N = 18 
-15mFineSandN=19 
-20 m Fine Sand N = 30 

Precast High-strength Concrete piles were placed into bored and 
grouted excavation. 

Statnamic testing conducted 2 to 3 days after two cycles of Static 
Load testing. 

I 
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w-1 S oil Proflle 
acaous sandy or clayey silt. ML-SM, with seams of 
id which are remnants of igneous quark seams. 

tin size: 47% sand, 33% silt, 10% clay. 
= 46 
: 10 
T: N (avg) = 12, ranging from 8 to 14 biowslfl 
T: qc = 3 to 4 MPa. friction ratio = 4 to 6% 
ICD tests: effective cohesion = 17 kPa, phi = 32, Su 
2 kPa 
ter table was 4 to 5 meters below ground surface at 

STATNAMIC TEST SUMMARY SHEET 

Addltlonai Wolect lnformatlon 

. Statnamic test date: 4/15/97 

. Static test dab: 4/8/97 

1 3 1 2 A 2 - USA Aiib in - - - . .~ ~ . .- 
Job Name: Auburn Test Series 

-0.0200 

-0.0400 

-0.0600 

-0.0800 

-0.1000 

-0.1200 

f 

L 
I 

500 0 -500 -1000 -1500 -2000 

-0.1400 

-0.1600 

A =  0.80 

A,,p= 0.66 
L =  11.54 

OD= 0.92 
ID= 0.00 

SLT= -1647 
SLD= -2069 

k k l .  = 33.35 

-2500 

lime of testinq I 
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STATNAMIC TEST SUMMARY SHEET 
~ 

1 3 1 2 4 2 USA Aub 8 

Job Name: Auburn Test Series 
Job Location: Opelika, AL 

0.0000 ' 
-0.0100 

-0.0200 

-0.0300 

-0.0400 

-0.0500 

-0.0600 

-0.0700 

-0.0800 

-0.0900 
500 

L =  11.54 
OD= 0.92 

0 -500 -1000 -1500 -2000 

-SLT -SLD 
J . 

~~ ~~ 

.. . . . . . . - . . - I . . .- .. . . - - ... .-. .- . . 

meral Soil Pmflle lkldit ionai Prolect infonation 
xceous sandy or clayey silt, ML-SM, with seams of 
i d  whlch are remnants of ianeous m a r k  seams. 1- Statnamic test date: 4/16/97 

1 :=a% 
ain size: 47% sand, 33% slit, 10% clay. 
= 46 
= 10 
' T  N (avg) = 12. ranging from 8 to 14 biowsm 
'T qc = 3 to 4 MPa. friction ratio = 4 to 6% 
I/CD tests: effective cohesion = 17 kPa. phi = 32, Su 
12 kPa 
ater table was 4 to 5 meters below ground surface at 
I time of testina 

-Static test d a b  4/7/97 
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STATNAMIC TEST SUMMARY SHEET 
1 3 1 2 4 2 USA Aub 7 

r 
Job Name: Auburn Test Series 

Job Location: Opeiika. AL 

--+-++-+,--+- 
h =  0.95 

&,= 0.66 
&k,, = 33.35 

0.0000 t-H-t--t 

-0.0100 

-0.0200 

General Sol1 Pmfllg 
Micaceous sandy or clayey silt, ML-SM, with seams of 
sand which are remnanls of igneous quark seams. 
wc = 34% 

-0.0300 

-0.0400 

-0.0500 

Additional Proleel Information 

- Statnamic test date: 4/25/97 
~ Static test date 4/4/97 

SLT = -2428.9 
SLD = -2549.1 

-0.0600 

-0.0700 

-0.0800 
500 0 -500 -1000 -1500 -2000 -2500 -3000 

CU/Cd tests: effective cohesion = 17 kPa, phi = 32, Su 
= 92 kPa I Water table was 4 to 5 meters below wound surface at 
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Feral Sol1 Profile 
caceous sandy or clayey silt, ML-SM. with seams of 
nd which are remnants of ianeous aualtLseams. 

STATNAMIC TEST SUMMARY SHEET 

Addltional Prolect Information 

- Statnamlc test date: 4/15/97 

~ ____ ~~ 

1 3 1 2 4 2 USA Aub 5 

Job Name: Auburn Test Series 
Job Location: Opelika. AL 

0.0000 I ~ I ~ ~ ~ ~ ti---+ 

-0.0100 I x =  1.08 

-0.0200 

-0.0300 

-0.0400 

hnn= 33.35 
kP= 0.66 

L =  11.54 
OD= 0.92 7 ID= 0.00 

= -2703.1 
. -0.0500 

-0.0600 

-0.0700 

-0.0800 

-0.0900 

- :  
-500 -1000 -1500 -2000 -2500 -3000 -3500 500 0 

-SLD - - - series3 I 

- 
2.34% 
ah size: 47% sand. 33% silt, 10% day. 
= 46 
= 10 
IT: N (avg) = 12. ranging from 8 to 14 biowdfl 
'T: qc = 3 to 4 MPa. friction ratio = 4 to 6% 
I/CD tests: effective cohesion = 17 kPa, phi = 32. Su 
32 kPa 
ater table was 4 to 5 meters below ground sulface at 

Static test daB: 4/8/97 
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nwral Sol1 Profile 
aceous sandy or clayey silt, ML-SM. with swam of 

STATNAMIC TEST SUMMARY SHEET 1 

Addltlonal Prolwct Information 

1 3 1 2 4 2 USA Aub 3 

Job Name: Auburn Test Series 

1 3 1 2 4 2 USA Aub 3 

Job Name: Auburn Test Series 
Job Location: Opelika. AL 

~ 0.0000 H 

-0.0200 

-0.0400 

-0.0600 

-0.0800 

-0.1000 

-0.1200 

-0.1400 

-0.1 600 
500 

f 
t 

0 -500 -1000 -1500 

A =  0.96 

bP= 0.66 
L =  11.54 

OD= 0.92 
I D =  0.00 

SLT= -1194 
SLD= -1248 

A&,.= 33.35 

-2000 

I -SLT -SLD I 

id which are rwmnants of lanwous qua* seams. 1- Statnamic test dale: 4/16/97 - 
:=%% 
tin size: 47% sand, 33% silt, 10% clay. 
= 46 
: 10 
r: N (avg) = 12, ranging from 6 to 14 blowdfl 
T: qc = 3 to 4 MPa, friction ratio = 4 to 6% 
ICD twsts: effective cohesion = 17 kPa, phi = 32, Su 
2 kPa 
twr table was 4 to 5 meters below ground surface at 
time of testing 

- Static test date: 4/7/97 
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I I 
. _~  

General Soil Pmflle 
Micacaous sandy or clayey sih, ML-SM. with seams of 
sand whlch are remnants of igneous quam seams. 
WC = 34% 
Grain size: 47% sand, 33% sill, 10% clay. 
LL = 46 
PI = 10 
SPT N (avg) = 12, ranging from 8 to 14 blowdft 
CPT: qc = 3 lo 4 MPa. friction ratio = 4 lo 6% 
CU/CD tests: effective cohesion = 17 kPa. phi = 32, Su 
= 92 kPa 
Water labie was 4 lo 5 melers below ground surface at 
the time of testina 

Addklonal Pmleot lnformatlon 

- Slalnamic lest dale: 4/24/97 
- Static test dale: 4/7/97 

STATNAMIC TEST SUMMARY SHEET 
1 3 1 2 4 2 USA Aub 2 

Job Name: Auburn Test Series 
Job Location: Opelika, AL 

~ I--+i 0.0000 ---l 

-0.0100 
-0.0200 
-0.0300 

-0.0400 
-0.0500 

?”= 1.04 
kkm= 33.35 

A,,, = 0.66 
L =  11.54 

OD= 0.92 
ID- 0.00 

SLT- -2397 
SLDP -2304 -0.0600 

-0.0700 
-0.0800 
-0.0900 

-0.1000 
500 0 -500 -1000 -1500 -2000 -2500 -3000 

It I -St T -SLD 
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neral Sol1 Profile 
aceous sandy or clayey sill. ML-SM. with seams of 
id which are remnants of igneous quartz seams. 

STATNAMIC TEST SUMMARY SHEET 
1 3 1 2 4 2 USA Au b 1 

Job Name: Auburn Test Series 

Additional Proiecl lnformatlon 

~ Stalnamic lest dale: 4/18/97 

Job Location: Opelika, AL 

-0.0100 

-0.0200 

-0.0300 

-0.0400 

-0.0500 

-0.0600 

-0.0700 

-0.0800 
500 0 -500 -1000 -1500 -2000 -2500 -3000 

a =  1.01 
A&," = 33.35 

A,,p' 0.66 
L =  11.54 

OD= 0.92 
ID= 0.00 

SLT= -2302 
SLD= -2275 

. 
:=M% 
i n  size: 47% sand, 33% sill. 10% clay. 
= 46 
= 10 
T N (avg) = 12. ranging from 8 to 14 blowslfl 
T qc = 3 lo 4 MPa. friction ralio = 4 lo  6% 
/CD tests: effective cohesion = 17 kPa, phi = 32, Su 
2 kPa 
ller table was 4 to 5 meters below around surface a1 

~ Static test date: 4/3/97 
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ineral Sol1 Pmfllg 
1.5 m ~ flll (sand,gravel,glass,wood,metal.cinders. slag 
d garbage) 
i to 5.5 m - Peat N=W.O.R. 
i to 7.5 m ~ Sandy Silt Avg N40 
i to 26.0 m - Reddish Brown Clayey Silt Avg N40 
.Om - Red Shale Qc=lO.OOOpsi 

STATNAMIC TEST SUMMARY SHEET 

Addnlonal Prolect Information 
Closed ended piles driven to refusal In rock and fllled with concrete 
Strain data from STN shows 60% skin and 30% EB 

4 3 2 0 3 2 USA NIA TP-IG 

Job Name: Newark Airport Parking Garage @ Lot " E  
Job Location: Newark, New Jersey 

0.0000 - 
-0.0020 

-0.0040 

-0.0060 

-0.0080 

-0.0100 

-0.0120 

-0.0140 

-0.0160 

h =  1.17 
4kI. = 28.01 
bp= 0.08 

L =  27.52 
OD= 0.32 
ID= 0.30 

SLT= -1511 
SLD= -1287 

-0.0180 
500 0 -500 -1000 -1500 -2000 
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- 

4 3 2 0 3 2 USA NIA TP-IB2b 

Job Name: Newark Airport Parking Garage @ Lot "E' 

STATNAMIC TEST SUMMARY SHEET 

1.5 m - ntl (sand,gravel,glass.wood,metal,cinders, slag 
j garbage) 
,to 5.5 m ~ Psat N.W.0.R. 
,to 7.5 m - Sandy Silt Avg N.10 
,to 26.0 m - Reddish Brown Clayey Silt Avg N.10 
0 m - Red Shale C!c=lO.OOOpsi 

Additional Proiect information 
Closed ended piles driven to refusal in rock and Rlied with concrete. 
Strain data from STN shows 30% skin and 60% EB 

_ _  
Job Location: Newark, New Jersey 

.- 

0.0000 

-0.0050 

-0.0100 

-0.0150 

-0.0200 

-0.0250 

I - - i i t t  

SLT- -2669 

- 

-0.0300 i 
500 0 -500 -1000 -1500 -2000 -2500 -3000 
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ineral Sol1 Profllg 
15 in - 611 (sand.gravel.glass.wood,metal.cinders. slag 

STATNAMIC TEST SUMMARY SHEET 
4 3 2 0 3 2 USA NIA TP-181: 

Job Name: Newark Airport Parking Garage @ Lot " E  
Job Location: Newark, New Jersey 

Addltlonal Pmlsc( Information 
Closed ended pile8 driven to refusal In rock and filled Hnth concrete 

0.0000 - 
-0.0020 

-0.0040 

-0.0060 

-0.0080 

-0.0100 

-0.0120 

-0.0140 

-0.0160 

-0.01 80 
500 

1 garbage) 
i to 5.5 in - Peat N=W.O.R. 
ito7.5m-SandySlltAvgN=lO 
i to 26.0 m - Reddish Brown Clayey Silt Avg N-10 
.Om ~ Red Shale Qc=10,000psl 

ct 

Strain data from STN shows 55% skin and 45% EB 

+ 

h =  1.13 
A&,.= 28.01 
hp= 0.08 

L =  27.52 
OD = 0.32 
ID= 0.30 

SLT= -1576 
SLD= -1397 

0 -500 -1000 -1500 -2000 
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-SLT -SLD 

General Sol1 Pronle 
04.5 m - flll (sand.gravei.giass.wood.metal,cinders. slag Closed ended piles driven to refusal In rock and filled with concrete 
and garbage) 
4.5 to 5.5 m -Peat N.W.0.R. 
5.5 to 7.5 m - Sandy Silt Avg N-10 
7.5 to 26.0 m - Reddish Brown Clayey Silt Avg N.10 
26.0 m - Red Shale Qc=lO.OOOpsi 

Addnlonal Proiect lnformatlon 

Strain data from STN shows 30% skin and 60% EB 

STATNAMIC TEST SUMMARY SHEET 

0.0000 - 
-0.0050 

-0.0100 

-0.0150 

-0.0200 

-0.0250 
500 

h 

Job Location: Newark, New Jersey 

---ii-~-t-tftI--t-fi-Cti-i-t-+,-tt--i* 

I ?.= 1.11 
9n.= 28.01 
bp= 0.08 

L =  27.52 

SLT= -2238 

L 

0 -500 -1000 -1500 -2000 -2500 -3000 
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Appendix B Part B 

~neraISoiI Profile - Borlna 3 W  
4 m -fill (sand,gravel.glass.wod,metal.cinden, slag 
d garbage) 
06m-OrganicClayN=W.O.R. 
o 17 rn . Reddish B m n  Silty Sand Avg N=15 
to 26 rn - Reddish Brown Silty Clay Avg N 4 2  
.O m -Red Shale C!c=IO.OOOpsi 

STATNAMIC TEST SUMMARY SHEET 
4 3 2 0 3 2 USA 

Job Name: Newark Airport Parking Garage @! Lot " E  

- __ .__ __ Job Location: Newark, New Jersey 
. - _ _  -.-. - . 

I Pmled In fonatlo n 
Closed ended piles driven to refusal in rock and fliled with concretf 
Strain data from STN shows 55% skin and 45% EB. static tests 
were via kentledge with 1 hour holds and 24 hour hold at rnax load 

0.0000 

-0.0020 

-0.0040 

-0.0060 

-0.0080 

-0.0100 

-0.0120 

-0.0140 

-0.0160 

h =  1.18 
&Id.= 28.01 
bp= 0.08 
L =  27.52 

OD= 0.32 
ID= 0.30 

SLT= -2425 
SLD= -2058 

-0.0180 i 
500 0 -500 -1000 -1500 -2000 -2500 -3000 
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ineral Sol1 Profile - Borlna 3-945 
I m -fill (sand.gravel glass.wood.metal cinders, slag 

STATNAMIC TEST SUMMARY SHEET 
4 3 2 0 3 2 USA NIA rp-ctaiot 

Job Name: Newark Airport Parking Garage @ Lot " E  

Addltlonal Prolsct lnformatlon 
Closed ended piles dr'ven to refusal In rock and filled wth concrete 

.. 
Job Location: Newark, New Jersey 

d garbage) 
o 6 m - Organic Clay N.W.0.R. 
o 17 m - Reddish Brown Silty Sand Avg N.15 
to 26 m -Reddish Bmwn Silty Clay Avg N.12 
.O m -Red Shale C!c=1O.OOOpsI 

0.0000 

-0.0020 

-0.0040 

-0.0060 

-0.0080 

-0.0100 

-0.0120 

-0.0140 

-0.0160 

-0.0180 

Strain data from STN shows 48% skin and 52% EB. static tests 
were via kentledge with 1 hour holds and 24 hour hold at max load. 

NOTE No unloading data available for SLT. 

500 

m 

\\ I ID= 0.30 

0 -500 -1000 -1500 -2000 -2500 -3000 -3500 -4000 

I -SLT -SLrl 1 
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memi Soil Protlie - Boring 6-8 
2.6 rn -Silty Sand (SM) N=2 
i to 7.0 m -Organic Clay (OH) N=2 
U Triax Qc = 0.6 tsf, Dry Density24 pcf, 
:=225, LL=301. P1=195) 
o 8.5 m -Sandy Silt (ML) N.24 (-200.56%) 
i to 20.4 m ~ Sand (SP) Avg N.28 (-200=4%. 
:=25%) 

Pile Tip @ 12.95 m*' 

Job Name: Contraband Bayou 
Job Location: Lake Charles, LA 

Additional Prolect Informatior( 
455mm diameter PSC plies. Pile was instrumented with sisterbar 
gages. Strain data fmm STN shows 35% skin. Strain data from 
SLT shows 35% skin. SLT parformed first. STN performed 12 houl 
after SLT. Static tests were via anchored reaction beam using 
QUICK method. Also note that reaction piles were in place prior to 
performing STN. 

0.64 rate factor used in AFT Report. 

I , - 0.0000 I i i I i ,...+- 

-0.0100 

-0.0200 

-0.0300 

-0.0400 

-0.0500 . 
-0.0600 t 

500 0 -500 -1000 -1500 -2000 -2500 -3000 

A =  1.11 
A,,k,.= 18.59 
bP= 0.16 
L =  12.95 

OD= 0.46 
ID- 0.00 

SLT= -2293 
SLD= -2070 
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General Sol1 Pronle - Borlng b-7 
0-2 1 m -Sandy Silt (ML) wl wood 8 concrete aebns 

STATNAMIC TEST SUMMARY SHEET 1 

455mm diameter PSC pbs. Pile was instrumented with s sterbar 

i -+-*-*-+- 

2.1 to 3.6 m ~ Sand (SP) N-10 
3.6 to 5.2 m - Organic Clay (OH) N=W.O.R. 
5.2 to 7 m - Silty Sand (SM) N=W.O.R. (-200=29%) 
7 to 12.2 m - Sand (SP) Avg N=48 (-200=8%. MC=24%) 
12.2 to 29 m - Clay (CH) Avg N.20 
** Pile Tip @ 17.8 m'* 
Lab data on clay 
uu Triax a c  = 2.0 tsf 
Dry Density @4 pcf 
MC=42%, LL.78. PI 53 

I -.$I T -SI n I 

gages. Strain data from STN shows 84% skin. Strain data from 
SLT show 83% skin. STN performed first. SLT performed 12 hours 
after STN. Static tests were via anchored reaction beam using 
QUICK method. Also note that reaction piles were in place prior to 
performing STN. 
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STATNAMIC TEST SUMMARY SHEET 
4 4 2 0 3 2 USA NIA TP-586a 

i 
Job Name: Newark Airport Parking Garage @ Lot " E  

Job Location: Newark, New Jersey 

0.0000 H I ~ ~ -I-,-, 

-0.0020 

-0.0040 A&,.= 28.01 
A#,= 0.08 

h =  1.13 

-0.0060 
L =  27.52 

-0.0080 OD= 0.32 
ID= 0.30 -0.0100 

SLT= -2189 
-0.0120 SLD= -1942 

-0.0140 

-0.0160 

-0.0180 

0-5 m .  fill (sand,gravel.glass.wod,metal,~nde~, slag 
and garbage) 
5 to 6 m - Peat N=W.O.R. 
6 to 15 rn - Reddlsh Brown Silt Avg N.45 
7.5 to 26.0 rn -Reddish Brown Sllly Clay Avg N.12 
26.0 rn  red Shale Qc=10,000psl 

-0.0200 
500 0 -500 -1000 -1500 -2000 -2500 -3000 

-SLT -SLD 

Closed ended piles driven to refusal In rock and Rued with concrete. 
Strain data from STN shows 35% skin and 65% EB. Static tests 
were via kentledge with 1 hour holds and 24 hour hold at max load. 

_. .. . . . .. . .~ __.. .. . . -. ...A . I  . _. . . . 

General Soil Profile lMdnlonal Prolsct lnfonatlon 
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4 4 2 0 3 2 USA NIA TP-5&6b r 
Job Name: Newark Airport Parking Garage @ Lot " E  

r STATNAMIC TEST SUMMARY SHEET 

-SLT 

I 
General Soil Proflls 
0-5 rn - fill (sand,gravel,glass,wood,rnetal,cinders. slag 
and garbage) 
5 to 6 rn - Peat N=W.O.R. 
6 to 15 rn - Reddish Brown Silt Avg N=45 
7.5 to 26.0 rn - Reddish Brown Silty Clay Avg N.12 
26.0 m . Red Shale 0c-10.000psi 

Addltlonal Proiect lnformatlon 
Closed ended pile$ driven to refusal in rock and filled with concrete. 
Strain data from STN shows 25% skin and 75% EB. Static tests 
were via kentledge with 1 hour holds and 24 hour hold at max load. 

Job Location: Newark, New Jersey - ~ 

0.0000 

-0.0050 

-0.0100 

-0.0150 

-0.0200 

k t t i  -H--tfKt+-ittCmW+--HXttiitKm 

I&.= 28.01 
bp= 0.08 

L =  27.52 
OD= 0.32 
ID= 0.30 

SLT= -2874 
SLD= -2770 

-0.0250 
500 0 -500 -1000 -1500 -2000 -2500 -3000 -3500 -4000 
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PART C 

Database of Simbat Analyses (Long, 2001) 



rable 1. SIMBAT Database-Pile in Rock-1 z Oil- . ..- 
Location I No. I Ave. Diameter I Rock Socket I Length I SWL I Settlement at SWL I Settlement at 1.5SWL 1 Rdynamic I Comments 

mm m m kN mm kN kN ------- 
Heatherfield Dynamic Clay with 
Carrlgallne 14 250 6.0 400 2.10 3.51 boulders 

and silk co. cork gravel’ 
over 

pressured 
bedrock at 

pile toe. 

weak bances 

SWL=Specijied Working Load 

I 
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1. SIMBAT Database-Pile in Rock-2 

and moderate 

Shannon Dynamic Slightly to 
Airport 13a 305 2.09 6.7 600 2.2 3.86 hightly 

Co. Clara 13i 305 0.09 4.7 600 2.3 3.66 weathered 
13n 305 0.00 4.6 600 1.71 3.06 Limestone 
130 305 0.19 4.8 600 1.9 3.26 926 

2 
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Table I .  SIMBAT Database-Pile in Rock-3 
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Table 1. SIMBAT Database-Pile in Rock4 
I Pile I I I I I i I hA=r I ..,..̂  

Location I N O  I Ave. Diameter I Rocksocket I Length I SWL I Settlement at SWL I Settlement at 1.5SWL I bamic I Comments 

4 
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Table 2. SIMBAT-Dahabase-Piles in Clay-I 

black silty, gravelly clay 
with frequent cobbles 

and boulders 

black Dublin boulder 

stiff gravelly clay with 
cobbles and boulders 

I I I I Static I I 
TP5 I 150 1 7 1  250 I 6.8 10.38 I 

TP6 I 150 1 7 1  250 I 1.35 2.78 pile dailure at 450kN 
TP7 I 150 1 7 1  250 1 1.95 I 3.01 I 

5 
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Table 3. SIMBA T-Database-Pile in Sand and Gravel-1 
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Table 3. SIMBAT-Database-Pile in Sand and Gravel-2 

and cobbels 

oravel with cobbes 

coarse oravel 

Bow Lane Dynamic Very dense crevel 
Cleansing 14a 160 8.0 250 2.31 3.72 from 7-8m 

Static 
Dept. 14b 160 8.0 250 2.35 3.96 

14c 160 8.5 250 i .74 3.38 
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Table 3. SIMBAT Database-Pile in Sand and Gravel-3 

and cobbles from 
5.5m to bottom 

19e failed between 
800kN to 1030kN 
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Table 3. SIMBAT-Database-Pile in Sand and Gravel-4 

Dynamic to failure 

Tibali Dock 
cork 

Dynamic 
I22 450 21 I000 4.11 6.68 
143 450 21 1000 4.36 6.77 
72 450 21 1000 3.82 6.08 
73 450 21 1000 3.77 6.03 
I78 450 21 I000 4.21 6.63 

12m of soft aliuviel 
silt over 

medium dense 
gravels 

L . .. 

109 450 21 1000 3.77 6.03 

PP1 450 21 loo0 7.48 10.63 
85 450 21 1000 8.36 13.52 

Static 

9 
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PART A 

Chinese Code for High Strain Testing of Piles 



Geotechnical Engineering Research Laboratory Samuel G Pnikowsw, SrD 
One University A w e  Professor 

university of Lowell, Massachusem 01854 
fiss&useas Tel (978) 934-2277 Fax: (978) 934-3046 

e-mail Samuel_Paikowsky@uml.edu 
UMASS Lowell web site: hnp:llwww.eng.uml.~~ep~gmns/index.hhn 

DEPARTMENT OF CIVIL AND 
ENVIRONMENTAL ENGINEERING 

Chinese Code JGJ 106-97 Specification for 
High Strain Dynamic Testing of Piles (1997) 

(Driven Piles and Drop Weight Systems) 
Translated by: Frank Li, April 2001 
Reviewed by: Samuel G Paikowsky 

Geotechnical Engineering Research Laboratory 
Department of Civil and Environmental Engineering 

University of Massachusetts Lowell, MA 01854 

1. General Principles 
1.0.1 This specification unites the methods of high-strain dynamic testing and 

ensures the high quality of pile testing. 
1.0.2 According to the code for pile foundation technique (JGJ94-94) that are 

used now, this principle is suitable for the determination of the ultimate 
bearing capacity and the evaluation of the integrity of the pile foundation. 

1.0.3 When the high strain dynamic testing method is used, the comparison 
between dynamic and static testing which is reliable and under the same 
condition should be available. 

1.0.4 In addition to this code, the high strain dynamic testing should also 
comply with other relevant codes currently in use. 

2. Symbols 
2.0.1 Material Properties 

c 
E 
Rc 
Ru 
Z Pile’s impedance 
p 

a Particle acceleration 
En 
F 
S, Maximum elastic soil displacement 
tl 

Speed of stress wave propagation 
Young’s modulus of the pile 
Ultimate static bearing capacity obtained by the Case method 
Ultimate soil static resistance force 

Mass density of the pile’s material 
2.0.2 Impact Parameters 

Energy transferred from hammer to pile 
Force on the pile head caused by hammer 

The time of maximum velocity 
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tr 
tx 
impedance changed 
V Particle velocity 
q, 
oi 

A 
L 
M Pilemass 

2.0.4 Calculation Parameters 
J, Case damping coefficient 
p Parameter of pile integrity 

The period extends from 
The time corresponding to the location of change in the pile’s 

to the time of maximum force 

Maximum compression stress in the pile 
Maximum tension stress in the pile 

Cross sectional area of the pile 
Pile length below the sensors 

2.0.3 Geometry Parameters 

3. Basic Reauirements 
3.0.1 

3.0.2 

3.0.3 

3.0.4 

The results of the high strain dynamic testing can be used for the 
following purposes: 
3.0.1.1 Monitor the strain in the pre-cast pile and efficiency of the 
hammer. Select the equipment and the parameters. 
3.0.1.2 Select the reasonable pile type and the length of the pile. 
3.0.1.3 Estimate the soil resistance distribution around the pile and at 
the bottom of the pile. Simulate Q-s curve in the static load test. 
The following material should be offered when the high strain dynamic 
test is required. 
3.0.2.1 The name of the project and the companies who design and 
construct the structure. 
3.0.2.2 The report of soil investigation in the field. 
3.0.2.3 The design of the pile foundation. 
3.0.2.4 The construction report for the pile foundation. 
3.0.2.5 The report for the concrete strength in the pile. 
3.0.2.6 The elevation of the top of the pile before and after the 
consolidation. 
The amount of the tested pile should not be less 2% of the total piles and 
at least 5 piles should be tested when the geological condition, the pile 
type, and the equipment are same in one project which is constructed by 
one company. 
The high strain dynamic testing is a kind of non-destructive testing. 

4. Equipments for the Testing 
4.0.1 The equipment used should have the ability to display, record, save the 
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tested force and acceleration, and analyze the data and print the results. 
The properties of the equipment should satisfy the following conditions: 
4.0.1.1 The precision of the analog to digital conversion of the 
equipment for data acquisition should not be less than 10 digits. The 
difference between different channels should not be less than 50pS. 
4.0.1.2 The sensor for measuring the force should be strain gauge. 
The frequency of harmonic vibration of the sensor should be larger than 
2kHz. The nonlinear deviation should be less than +1% in the range of 
100Opc. The reduction of the sensitivity resulted by the resistance of the 
conductive wire should be less than 1%. 
4.0.1.3 The change of the sensitivity of the installed accelerometer 
should be less than +5% in the range of 2-3000Hz. The nonlinear 
deviation of the amplitude should be less than +5% in the range of 
10000m*s-2. 

4.0.2 The sensor should be calibrated once every year. 
4.0.3 The hammer used should have homogeneous mass and symmetric shape. 

The bottom of the hammer should be smooth. It is better that the 
hammer is made of steel. When a free falling hammer is used, the 
weight of it should be larger than 1% of the estimated ultimate bearing 
capacity of the pile. 

4.0.4 The set of the pile can be measured using a level or a laser displacement 
measuring device. 

5. Set of Parameters for the Field Testing 
5.1 Determination of the parameters of the pile 

5.1.1 The cross-section area of the pile, wave velocity in the pile, the density 
and the elastic modulus of the pile at the tested position should be 
determined according to the real condition. 

5.1.2 The length and the cross-section area of the pile below the testing point 
should be determined according to the following specification: 
5.1.2.1 The length below the testing point is the distance between the 
testing point and the bottom of the pile. 
5.1.2.2 For a pre-cast pile, the length and the cross-section area of the 
pile can be offered by the construction company. 
5.1.2.3 For a cast-in-situ pile, the length and the cross-section area of 
the pile can be obtained from the construction record. 

5.1.3 The wave velocity in the pile can be determined as follows: 
5.1.3.1 For a steel pile, the wave velocity can be taken as 5 120ds .  
5.1.3.2 For a pre-cast concrete pile, the average wave velocity 
measured before the pile is driven can be taken as the wave velocity in the 
pile. 
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5.1.3.3 For a cast-in-situ pile, when the length of the pile is known, the 
average velocity can be determined by stress wave refraction method. If 
the refkaction signal from the bottom of the pile is not clear, the velocity 
can be determined based on the strength of the concrete and other 
parameters. 

5.1.4 The density of the pile should satisfy the following conditions: 
5.1.4.1 For a steel pile, the density should be 7.85Um3. 
5.1.4.2 For a pre-cast concrete pile, the density should be between 
2.45 and 2.55Um3. 
5.1.4.3 For a cast-in-situ concrete pile, the density should be 2.40tlm3. 

5.1.5 The elastic modulus of the pile can be calculated by the following 
equation, 

Here, 
E 
C 
P 

E=p. cz 

Elastic modulus of the pile (M Pa); 
The velocity of the stress wave in the pile ( d s ) ;  
The density of the pile (Urn3). 

5.2 Sampling fkequency and the length of the data record 
5.2.1 The sampling frequency should be between 5 and 10kHz. 
5.2.2 The sample length for every signal should not be less than 1024. 

5.3 Calibration coefficient for the stress gauge and accelerometer: 
5.3.1 The calibration coefficient of the stress gauge and the accelerometer 

should be set according to the value offered by the manufacturer. 

6. Testing Technique 
6.1 General principle 

6.1.1 When the bearing capacity is tested, the duration between the testing and 
the end of the driving should satisfy the following requirements: 
6.1.1.1 The duration after the end of driving should not be less than 
the time listed in Table 6.1.1 for a pre-cast pile. 

I Sand I I I 
Silt 

Unsaturate 

Saturated 25 
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6.1.2 

6.1.3 

6.1.4 

6.1.1.2 For a cast-in-situ concrete pile, the test time should be after the 
concrete reached the designed strength and the duration after installation 
should not be less than that listed in Table 6.1.1. 
The time effect of bearing capacity of the pre-cast concrete pile can be 
determined by a re-strike. 
The end of the test should be determined according to the set and the 
signal quality. 
When a free hammer is used, the hammer should be heavy and the height 
of the hammer should be low. The stroke should be less than 2.50m. 

6.2 Preparation 
6.2.1 To make sure that the force can be transferred correctly, the top of a 

cast-in-situ concrete pile, a pre-cast concrete pile with severely damaged 
pile top and a steel pile with deformation on the top should be repaired or 
reinforced before the test. The repair or reinforcement can be carried out 
according to Appendix A. 

6.2.2 A cushion should be put on the top of the pile and it should be changed 
frequently. The cushion should be made up of homogeneous material 
such as plywood, wood and fiber plate. 

6.3 The installation of the sensor 
6.3.1 To monitor and reduce the effect of eccentric impact, two strain gages and 

two accelerometers should be installed. The installation of the sensors 
should satisfy the following conditions: 
6.3.1.1 The sensor should be installed symmetrically on both sides of 
the pile some distance under the top of the pile (shown in Fig. 6.3.1). 
The distance between the sensor and the top of the pile, for a general pile 
type, should not be less than two times the diameter or the side of the pile. 
For a pile with large diameter, it should not be less than 1 times the 
diameter or the side of the pile. 
6.3.1.2 The surface of the pile where the sensor is installed should be 
flat and there is no deficiency or fractured area around the sensors location. 
The material and the cross-section area at the position where the sensor is 
installed should be the same as that of the original pile. 
6.3.1.3 The center of the strain gage and the accelerometer should be 
at the same horizontal line. The distance between them should not be 
larger than 1Ocm. 

6.3.2 When an anchor is used to attach the sensor, the installation should satisfy 
the following conditions: 
6.3.2.1 The bolt hole should be vertical along the axis of the pile. 
The diameter of the hole should be suitable to the bolt. 
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6.3.2.2 The fixing surface of the sensor should be in tight contact with 
the surface of the pile after installation. The preliminary deformation 
should be less than the specified value. There should not be a relative 
slippage during the testing. 
When continuous hammering test is used, the conductive wire of the 
sensor should be fixed on the pile in case it is damaged by the vibration. 

6.3.3 

6.4 Requirement for the testing technique 
6.4.1 Make sure that the testing system is under the normal condition before 

testing. After the 
checking, the test can be started. 

6.4.2 The set under every hammer blow should be measured. To generate 
plastic deformation in the soil around the pile, the set every time should 
not be less than 2.5mm and not larger than IOmm. 

6.4.3 The data should be checked during the testing. When there is some 
problem in the testing system or there is distinct deficiency or the degree 
of the deficiency is increased, the testing should be stopped and checked. 

6.4.4 When the testing is to measure the integrity of the pile, the weight of the 
hammer and the stroke can be reduced, the thickness of the mat can also 
be reduced if the clear reflaction signal fiom the bottom of the pile can be 
measured. 

Check the set parameters according to 5.1 to 5.3. 

7. Determination of the Bearing Capacity of the Pile and the Evaluation of the Pile 
Integrity 
7.1 Selection of the signal 

7.1.1 The signal can not be used for calculation if any of the following 
conditions happen: 
1. The curve of the force in the time domain does not go to zero at the 

end. 
2. An eccentric impact results in a tensile stress on one side. 
3. The sensor does not work properly. 
4. There is crack or plastic deformation at the position where the sensor 

is installed. 
7.1.2 When the bearing capacity is tested, the selection of the signal should 

satisfy the following conditions: 
7.1.2.1 During the driving of the pre-cast concrete pile, the one with 
the higher energy in the last blow should be selected. 
7.1.2.2 In the re-striking of the pre-cast pile and testing of the 
cast-in-situ pile, the blow with higher energy should be selected. 
Before analyzing the data, the average wave velocity in the pile can be 7.1.3 
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obtained fkom the tested signal according to the following methods: 
7.1.3.1 When the refraction signal from the bottom of the pile can be 
clearly detected, the velocity can be calculated from the length of the pile 
and the time difference between the starting point of the downward wave 
and that of the upward wave. 
7.1.3.2 When the refraction signal from the bottom of the pile is not 
clear, the velocity can be selected according to the length of the pile, the 
reasonable value of the wave velocity in the concrete and the velocity in 
adjacent piles. 

7.2 Determination of the pile hearing capacity according to the signal matching 
techniques 

7.2.1 The mechanical model used in signal matching techniques should satisfy 
the following requirements: 
7.2.1.1 Mechanical model of the soil should reflect the real 
stress-strain property. 
7.2.1.2 The mechanical model of the pile should reflect the real 
properties. 

7.2.2 The calculation in signal matching techniques should follow the following 
requirements: 
7.2.2.1 The measured wave of velocity, force or upward wave can he 
used as a boundary condition for signal matching. 
7.2.2.2 The time for signal matching should not be less than 5L/c and 
the duration after 2L/c should not be less than 20ms. 
7.2.2.3 The selected parameters in signal matching should be 
reasonable in geotechnical engineering. The maximum elastic 
displacement (Sq) of the soil in every unit of the model should not be 
larger than the maximum calculated displacement of the pile unit. 
7.2.2.4 The calculated curve and the measured curve should be 
matched at the end of the signal. 
7.2.2.5 

One dimension elastic rod model can be used. 

The calculated set and the measured set should match. 

7.3 Determination of the bearing capacity of the pile using CASE method 
The following condition should be satisfied when the CASE method is 
used to determine the bearing capacity of the single pile: 
7.3.1.1 It is only suitable for a pile with medium or small diameter. 
7.3.1.2 Without static load test, Jc should be determined using signal 
matching method. The number of tested piles with signal matching should 
not be less than 30% of the total number of the piles and also should not 
be less than 3 piles. 
7.3.1.3 

7.3.1 

When it is used for cast-in-situ concrete piles, the material of 
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the pile should be homogeneous and the cross-section area of the pile 
should be uniform. A reliable experience is also required. 
7.3.1.4 At the same site, for the same pile type and size, the difference 
between the ultimate value and the average value of the damping 
coefficient should not be greater than 0.1. 

7.3.2 Using the Case method, the ultimate bearing capacity of a single pile can 
be calculated using the following equation: 

FL= (1 - Jc) [F(tl) + Z . V(t1)]/2 + (1 + Jc) [F(tl + ~L/c )  - Z . V(t1 + 2L/~]/2 

Z = A .  Elc 

Ultimate static bearing capacity using CASE method (kN) 
Case damping coefficient 
The time of maximum velocity (ms) 
Force at the time tl (kN) 
Velocity at time tl ( d s )  
Pile’s impedance (kN . s/m) 
Cross sectional area of the pile (m’) 
Pile length below the sensors (m) 

7.4 The integrity evaluation of the pile 
7.4.1 While determining the integrity of the pile, the signal should be 

qualitatively checked first. 
1. The wave of force and velocity (or upward wave) should be 

qualitatively analyzed to investigate the position and the condition of 
the deficiency. 

2. Under continuous hammering, the expansion and the closure of the 
deficiency should be observed. 

7.4.2 The integrity of the pile can be evaluated using signal matching 
techniques, The following conditions should be satisfied: 
7.4.2.1 The selected parameters of the pile and soil in the signal 
matching should be within a reasonable range in geotechnical 
engineering. 
7.4.2.2 According to the different types of piles, different parameters 
should be used in the matching analysis, using pile’s impedance matching 
for cast-in-place pile or using connection matching for precast concrete 
pile. 
For the pile with the same cross-area, 8 method can be used to evaluate 
the first defect below the top of the pile, which is described in Table 7.4.3. 
7.4.3.1 The integrity coefficient (8) ofthe first defect can be 

7.4.3 
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calculated u s i g  the following equation: 

B 
p =  1.0 

0.8 <= p < 1.0 
0.6 < = /3 < 0.8 

p < 0.6 

s Parameter of pile integrity 
tl 
t x  

AR 

The time of maximum velocity (ms) 
The time corresponding the location of change in the 
pile’s impedance (ms) 
Estimated value of soil resistance force from the pile head to the 
location where the pile’s impedance changes. Refer to figure 7.4.3 

Evaluation 
Without deficiency 
Slight deficiency 
Clear deficiency 
Seriously damaged or broken pile 

7.4.3.2 
the following equation: 

Where, X is the distance between the position of the defect and the sensor. 
7.4.4 When any of the following condition happens, the integrity of the pile can 

be evaluated according to the geological condition, construction method 
and signal matching techniques: 
1. The diameter of the pile is enlarged in some position. 
2. The cross-section area of the cast-in-situ concrete pile is not regular. 
3. There is abnormality near the peak of the wave of force and velocity, 

and there is defect near the top of the pile. 
4. The force wave is rising very slowly and the ratio between the force 

signal and the velocity signal is not reasonable. 
When any one of the following condition happens, the integrity of the pile 
should be evaluated combined with other measuring method: 
1. The reflaction signal from the bottom of the pile is not clear although 

there is no abnormal refraction signal. 
2. The cross-section area of the pile changes gradually or at many 

positions, and the change is relatively large. 

The position of the defect in the pile can be calculated using 

x = c . (tx - t1)/2 

7.4.5 
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8. Selecting Driving Equipment and the Pile Driving Monitoring Process 
8.1 Driving equipment selection 

8.1.1 

8.1.2 

8.1.3 

For the selection of the pile type and length under a certain soil condition, 
the test pile should satisfy the following conditions: 
8.1.1.1 The engineering geological condition at the position of the 
indicator pile should be representative of the site. 
8.1.1.2 The indicator pile should be tested when the [o;e’s tip 
penetrated into different soil layers. When the bearing stratum is thick, 
more than one test should be carried in any soil layer. 
The bearing layer should be selected according to the relationship 
between the load and the set and geological investigation of the field. 
The following conditions should be satisfied when the test pile is used to 
determine the hearing capacity: 
8.1.3.1 The dseign load should be equal or smaller than the product of 
the total calculated static resistance (friction and tip) multiplied by a 
coefficient (1 over factor of safety) that is a hnction of the pile type, size, 
soil type and time of driving. (The code does not specify the actual 
factor of safety to be used.) 
8.1.3.2 The duration between the re-strike and the end of the driving is 
shown in Table 6.1.1 

8.2 Monitoring the stresses in the pile during driving 
8.2.1 The monitoring of the stress in the pile should satisfy the following 

condition: 
8.2.1.1 The pile type and material should be identical to that of the 
piles used in construction. The hammer type, stroke and the hammer 
cushion should also be identical to those in the construction. 
8.2.1.2 The tensile and compression stresses in the pile should be 
monitored during driving. 

8.2.2 To measure the extreme stresses in the pile under impact, the monitoring 
should be carried out under the following conditions: 
8.2.2.1 The tensile stress in the pile should be tested when it estimated 
that the pile’s tip penetrates a soft soil layer or it penetrates into a hard soil 
layer or into a soft soil layer between hard soil layers. 
8.2.2.2 The tension stress should be measured when the pile’s tip 
penetrates a hard soil layer or the soil resistance around the pile is 
relatively large. 
The maximum compression stress in the pile should be calculated using 
the following equation: 

8.2.3 

= {Z . V(tl + ~ W C )  - F(tl + 2Uc) - Z ‘ V[tl + (2L- ~X)/C]  - F[tl + (2L - 2X)/c]}/2A 
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crt 
X 

Maximum tension stresses in the pile 
Distance from the point of measurement (location of sensor) to the 
point of analysis 

Single-Acting 
Diesel Pile Hammer 
Steam Hammer 
Free Falling Hammer 

8.2.4 The maximum compression stress in the pile should be calculated using the 
following equation: 

0.20-0.30 

0.45-0.55 
0.42-0.50 

8.2.5 The controlled value of the maximum stress in the pile during driving 
should follow the section 5.5 in the code of pile foundation technique. 

Pile Type Soil Type 
Sand 
Clav Driven Pile 

8.3 Monitoring the hammer's energy 
8.3.1 The energy transferred from the hammer to the pile can be calculated by 

the following equation: 

Duration (days) 
> 14 
> 28 

En= f F  . V . d t  
0 

E, 
T 

Transferred energy (from hammer to pile) 
The time length of the end of recorded signal 

Drilled Shaft 

8.3.2 The hammer efficiency is monitored, the ratio between the transferred 
energy from the hammer to the pile and the hammer rating should be 
checked. It should satisfy the condition in Table 8.3.2. 

> 28 

Table 8.3.2 Hammer efficiency 
Pile Type I Real 'Ransferred Energy Energy Rating I 

Shanghai (Foundation Design Code) DGJ-11-1999 
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PART B 

Draft of Japanese Code for Rapid Load Test 



:i 

Draft of “Method for Rapid Load Test of Single Piles (JGS 18 15 - 2000)” 

JGS (Japanese Geotechnical Society) Committee on Standardization of Pile Loading Tests 

1. GENERAL 

1.1 Scope 

This standard shall be applied to rapid load tests (hereafter referred to as “test(s)”) in which a 
single pile is subjected to a rapid axial compressive load. For reaction devices, if any, the 
standard set in the specification “Method of pile loading test (JGS 181 1 - 200X)” should be 
used. 

1.2 Objectives of test 

The objectives of the test are to obtain the load displacement relation up to the ultimate 
capacity of a pile andor to ensure the predetermined design capacity of a pile. 

1.3 Terminology 
Descriptions of terms specific to this standard: 
Rupid loud : A load that is rapidly applied but is of sufficient duration to result in the full pile 

length being in compression during loading. The load shall he applied in a continuously 
increasing and continuously decreasing manner. The duration of the rapid load would 
typically lie in the range of 5<T,<500, where T, is defined as relative loading duration (see 
the definition below). 

Planned maximum load : The pre-specified maximum applied load which is estimated to be 
adequate for achieving the test objectives 

Loading duration (ti): The duration from the start of loading to the end of unloading . 
7uu I 

i;;; P 
v 300 .s g 200 

100 

0 
0 30 60 90 

Time (ms) 

Figure 1. Definition of loading duration 

Workingpile: Pile(s) installed as a part of a structure 
Tesr pile: Pile(s) to be tested 
Strain rate dependency: The dependency of soil resistance on the strain rate 
Bur wave : Axial strain wave traveling in the axial direction of a pile. 

Bar wave velocity ( c ) is given by the fallowing equation: 

Method for Rapid Load Test of Single Piles (IGS I8 IS) I 
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wnere b and p are Young's modulus and density of pile material respectively 
Relafive loading duration (Tr): Ratio of loading duration (1') to the time necessary for the wave to 

travel once around the pile length. Relative loading duration is defined as: 

where, L is pile length. 
Single mass model analysis: An analytical method of a rapid load test in which the pile is 

modeled as a single lumped mass connected to spring(s) and dashpot(s) which represent the 
soil resistance. 

T, = " l ( W )  

2 .  BASIC PLANNING 

2. I Basic items 

In planning the test, basic items such as the planned maximum load, the test pile specifications, 
the number and locations of test piles, and the test method need to be determined by taking into 
account the following points: the objectives of the test, the ground conditions, the loading 
conditions, the required period and costs, installation methods, pile dimensions, pile number, 
pile head level, and arrangement of working piles, etc. 

2.2 Planned maximum load 

1) Based on the test objectives, the planned maximum load shall be not less than either the 
estimated ultimate bearing capacity for a working pile, or the design capacity times a 
factor of safety. In addition, inertia force effects of the pile and soil shall be added to the 
above load. 

2) For a pile installed in clayey soils, the planned maximum load shall be determined with 
consideration of increase in soil resistance due to strain rate effects. 

3) When conditions of the test pile are different from those of a working pile, these effects on 
the bearing capacity of the test pile shall be considered. 

2.3 Planned loading duration 

Loading duration shall be long enough to avoid wave propagation effects in the pile. Gencgally 
a relative loading duration, T, of more than 5 will satisfy this condition. 

2.4 Specijicarions, number and location of lesl piles 

I )  A test pile shall have the same properties as the representative working piles, and shall be 

2 )  A working pile may be used as a test pile, provided that the pile conditions after the test 

3) An appropriate number of test piles and their locations shall be selected based on the 

planned separately. 

do not affect its performance after the test. 

objectives of the test. 

2.5 Meihod of loading and measurements 

1) Loading devices shall have enough capability of satisfactorily meeting the planned 

2) Loading pattern shall be chosen to achieve the required test objectives. 
3) Items to be measured and transducers shall be arranged, according to the objectives of 

maximum load and loading duration. 

the test. 

Method forRapid LoadTestofSinglePiles(JGS 1815) 2 
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3.  TEST PREPARATION 

3. I Preparation of execution plan 
In advance of a test, an execution plan shall be made and documented based on the basic plan 
and the field inspections. The plan shall include the following items: 

(1) test objectives, 
(2) ground conditions, 
(3) planned maximum load, 
(4) planned loading duration, 
(5) specifications, location, and installation method of the test pile, 
(6 )  assembly drawing, specifications and operating method of the test equipment, 
(7) items to be measured, 
(8) composition, specifications and positions of sensors, 
(9) data sampling period and frequency, 
(10) composition of testing personnel, 
(1 1)  items to be recorded, 
(12) processing of test results, 
(13)  schedule, and 
( 14) items to be considered during test. 

3.2 Design of testpiles 
1) A test pile shall have strength with a sufficient margin of safety against the planned 

2) A test pile shall be long enough for setting the loading devices and sensors above the 

3)  The pile head shall be reinforced adequately to avoid failure during testing as a result of 

maximum load. 

ground surface. 

unpredicted or accidental eccentric loads. 

3.3 Installation and curing of test piles 

1) A test pile shall be installed in the same manner as the working piles. 
2) The installation process of the test pile shall be recorded in detail. 
3)  The test pile shall be cured for a period long enough to allow for the recovery of soil 

4) During the curing period, care shall be taken not to apply any loads, impacts and 
strength, hardening of pile materials such as concrete and cement mix, etc. 

vibrations onto the test pile that might influence the test results. 

3.4 Set up of test equipment and site 

1) The test equipment shall be precisely positioned according to the execution plan. 
2) Adequate countermeasures shall be taken to avoid harmful effects of sunshine, wind and 

3) The effects of the construction work, machine and vehicle operations nearby shall be 
rain, on the test results. 

examined and adequate measures shall be taken to minimize their effects. 

Method for Rapid Load Test of Single Piles (IGS 181 5 )  3 
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4. I Composition of test equipment 

I )  The test equipment consists of loading devices and a measuring system. 
2) The loading devices consist of a load application system and a base plate between the 

pile head and the load application system. A base plate may be used to ensure the even 
application of load to the pile head. 

3) The measuring system consists of measuring devices and their reference points. The 
measuring devices consist of sensors such as load cells, displacement transducers, 
accelerometers, strain gages, and data acquisition and display equipment. 

4.2 Loading devices 

1) The loading devices shall have a sufficient margin of safety against the planned 

2) The loading devices shall have a sufficient capacity for the planned maximum load and 

3) The loading devices shall be positioned on the center of the test pile to avoid eccentricity 

4) The base plate shall be sufficiently rigid for the planned maximum load. 

maximum load. 

loading duration. 

in the load. 

4.3 Measurement devices 

1) All measurement devices shall be inspected and shall have adequate accuracy and 

2) The sensors shall be firmly set in their appropriate positions and proper directions. 
3) Care shall be taken to prevent any influences of the displacement and/or the vibrations of 

dynamic responses to achieve the test objectives. 

the test pile and loading devices on the measurement devices. 

4.4 Reference points 

1) All reference points shall be established on the stationary points. 
2) The reference points shall be set at a sufficient distance so as to avoid test-ipduced 

disturbances such as vibration odand displacement (Generally at a distance of at least 10 
m away from the test pile). 

3) When vibration is expected during the loading, the reference point shall have enough 
rigidity so as not to be influenced by the vibration. 

5. METHOD OF LOADINGS AND MEASUREMENTS 

5. I Loading pattern 

An appropriate number of cycles shall be selected as the loading pattern according to the 
objectives of the test. 

5.2 Items to be measured 

The following items shall be measured depending on the test objectives: 
(1) time, 
(2) load applied, 
(3) displacement at pile head, 

Method for Rapid Load Test ofsingle Piles (JGS 1815) 4 
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(4) acceleration at pile head, 
( 5 )  accelerations at pile tip and middle part of pile shaft, 
(6)  axial strains along pile, and 
(7) others. 

5.3 Sampling periods and intervals 

1) Data shall be acquired from the initial condition before the loading to the condition when 

2) The sampling intervals shall be less than 1 ms. 
vibration of the pile are sufficiently small that they can be ignored after the loading. 

6. EXECUTION OF TEST 

6. I Testing personnel 

Testing personnel shall consist of a test supervisor, a loading operator, a record keeper and a 
safety manager. 

6.2 Tasks of tesringpersonnel 
. 
1) The test supervisor shall, in accordance with the execution plan, arrange appropriate 

personnel to share the tasks and shall be in charge of overall management of the test to 
achieve the test objectives safely and properly. 

2)The testing personnel shall ensure the safety of the loading systems prior to the 
commencement of the test and shall ensure the normal functioning of the equipment. 

3) The loading operator shall operate the loading devices accurately. 
4) Before the commencement oftest, the test recorder shall inspect and check the measuring 

devices and ensure their normal operation during the loading. 
5) The safety manager shall pay sufficient attention to the safety of the test equipment and 

surrounding site. 

6.3 Commencement and completion of test 

1)The test shall be commenced only after ensuring the surrounding site conditions, 
preparations of each equipment, and the suitability of the weather conditions. 

2) If any abnormal condition(s) idare noticed before the test, the load shall not be applied to 
the pile. The test can only be resumed when the cause for the abnormal condition is 
detected and removed so that the load can he applied. 

3) The test shall be terminated when the objectives of the test have been achieved. 

6.4 Items to be recorded at the site 

The following items shall be recorded at the site: 
( I )  dates and times of commencement, intemption and completion of the test, 
(2) names of the testing personnel, 
(3) weather conditions, 
(4) arrangement and dimensions of test equipment and test pile, 
( 5 )  photographs showing test equipment and test conditions, and 
( 6 )  special items such as site situations, reasons for and measures taken when the actual 

execution differs from the initial plan, and others. 

Appendix C, Part B - 5



 

VO

MPM 

Figure 1.  Stress Propagation in a Fixed End Bar Struck by a Moving Mass (after Timoshenko and 
Goodier, 1934). 

 

 
 

Figure 2.  Stress Wave Magnitude and Duration (Graphical Representation of Functions So and S1) as 
a Function of the Ratio Between the Mass of the Pile to the Mass of the Striking Body. 
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Figure 3.  Physical and Mechanical Representation of a Mass Impacting Infinite Long Pile. 
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Figure 4.  Non-Dimensional Force Pulses in a Pile as a Function of Time and the Ratio of 
Cushioning Element to Pile Stiffness (Holeyman 1992, see also Parola, 1970). 

Figure 4.  Non-Dimensional Force Pulses in a Pile as a Function of Time and the Ratio of 
Cushioning Element to Pile Stiffness (Holeyman 1992, see also Parola, 1970). 
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Figure 5.  Typical Load Testing Values for Pile Acceleration vs.
(a) Relative Wavelength and (b) Force Duration (after Holeyman, 1992).
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Figure 6.  Wave Propagation through a Pile with Free Ends; 

(a) As a Result of a Sudden Applied Force Ri Located at Xi 
(b) As a Result of Activation of Ri by a Traveling Compression Wave 
(c) Velocity Effect at Pile Top Caused by a Resistance Step Force Ri at Location Xi 
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Figure 7.  Typical Loading Durations for Various Tests Performed on Test Pile #3 by the Geotechni-
cal Engineering Research Laboratory of the University of Massachusetts Lowell, at the Newbury Test 

Site 

 



 
 

 
 
 

Figure 8.   Notations used for model of pile and soil in TEPWAP analysis (Paikowsky, 1982). 



 
 

 
 
 

Figure 9.   Flow chart describing the analysis process using TEPWAP (Paikowsky, 1982) 



 

                    (a)      (b) 

Figure 10.  Drop Weight System DW-A (Li, 1993):  (a) General view, and (b) 
Lowering the system in an excavation above a drilled shaft 



  
 
 
 
 
 

Figure 11.   Drop Weight System DW-B (Li, 2000):  (a) General View, and (b) Close view with 
dynamic measurements taken by Zengxuan (Frank) Li 



 

(c) (d) 

(a) (b) 

Figure 12.    Drop Weight System – DW-C (Weibing, 2000).  From TL to BR: 
(a) General view, hanging ram without a guiding system and the data acquisition 

system   
(b) tranducer attachment under the hanging ram   
(c) ram and cushion, close up view with pipes keeping the ram above the pile 
(d) impact 
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Figure 13.  Israeli Drop Weight System DW-D  (GTR, 1997):  (a) photograph, and (b) schematic. 



 
 

 
 
 

Figure 14.   Isotop Drop Weight Device DW-E (Sokolovsky et al., 1998) 
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Figure 15.   GRL Newton’s Apple System DW-F; (a) General view, (b) Details of instrumented 

ram impacting a drilled shaft (Robinson and Rausche, 2000) 
 



 
 

 
 

Figure 16.   Drop Weight System DW-G (Briaud et al. 2000) 
 



  
 

Figure 17.   Drop Weight System DW-H (Townsend et al., 1991) 



 

1. Frame/Guide 
2. Manual Trigger (hook) 
3. Modular steel hammer 
4. Anvil/Striking Plate 
5. Plywood Cushion  
6, Reaction Frame 
7. Electric Motor 
8. Platform 
9. Wood Blocking 
10. Tested Pile 

Figure 18.   Drop Weight System DW-I (Longgen et al. 1999) 



 
Figure 19.  Individual Force and Velocity Records of Four Strain and Acceleration Gauges Used 

During Impact No. 3 on Shaft-A (GTR, 1997) 
 



 
Figure 20.  Individual Force and Velocity Records of Four Strain and Acceleration Gauges Used 

During Impact No. 4 on Shaft-A (GTR, 1997) 
 



 
 
 
 
 
 

Figure 21.  Average Force and Velocity Measurements for Impact No. 3 on Shaft-A (GTR, 
1997) 



 
 
 
 
 
 
 

Figure 22.   Average Force and Velocity Measurements for Impact No. 4 on Shaft-A 
(GTR, 1997) 



 
Figure 23. Signal Match Analysis (CAPWAP) Results for Impact No. 3 on Shaft-A (GTR, 1997) 



 
Figure 24.    Signal Match Analysis (CAPWAP) Results for Impact No. 4 on Shaft-A (GTR, 1997) 



 
 

Figure 25. Schematic of the Statnamic Testing Device 



 

 
 

Figure 26.   Statnamic Piston (16 MN) 
 
 

 
 

Figure 27.   Statnamic Cylinder (4 MN) 
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Figure 28.   (a) 4 MN reaction mass utilizing gravel and water in a rectangular steel shell, (b) 16 
MN reaction masses utilizing concrete in a steel shell 
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Figure 29.   (a) 30 MN gravel catch system, (b) Mechanical catch system utilizing submerged, water-filled reaction masses 

 



 

 
 (a) (b) 

 
Figure 30.   (a) 0.6 MN device, and (b) 4 MN device utilizing mechanical and hydraulic catch mechanisms respectively 

 



 
Figure 31.  Piezoelectric accelerometer diagram (Courtesy of PCB Piezotronics) 
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Figure 32.  Capacitive accelerometer diagram 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

Figure 33.  Wheatstone Bridge (Courtesy of Optim Electronics) 



 
 

 
 

Figure 34.  MEGADAC computer system (Courtesy of Optim Electronics). 
 
 
 
 
 
 

 
 

Figure 35.  MEGADAC daisy-chain 
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Figure 36.  K-V Model (After Das 1994) 
 
 

Force

FStatnamic

FStatic (1)

(2)

 
Figure 37.  UPM time window for C determination 
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Figure 38.  Variation in C between times (1) and (2) 
 
 
 

 
Figure 39.   Selection Criteria (After Middendorp 1998) 
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Figure 40.   The effects of mass ratio on Statnamic load duration 



 
 

Figure 41.  Statistics screen available in Statnamic analysis software 
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Figure 42.  Schematic of segments and strain gage levels 



 
Figure 43.   SUP Software Screen Capture (Gage Level Information Input Screen) 

 

 
Figure 44.   SUP Segmental Analyzer Module 



Figure 45.   Static Pile Load Testing Procedures According to ASTM in Comparison with the 
Static-Cyclic Loading Procedure (Paikowsky et al., 1999).
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Figure 46.  Various Static and Statnamic Test Results, Test Pile #2 in Newbury MA (Hajduk et al., 1998) 
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Figure 11.  Static-Cyclic Test Plots of Displacement vs. Time, and Load vs. Displacement
(a lic)  Slow Maintained, (b)  Short Duration, (c)  Static-Cyc

Figure 47. Static-Cyclic Test plots of Displacement vs. time and Load vs. displacement 
(a) Slow maintained (b) short Duration (c) Static- Cyclic 
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Figure 48  Schematic Diagram of O-cell Testing 

 



 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

Figure 49.  O-cell Testing Results for the Kowloon-Canton Railway, Hong Kong 
(Littlechild, et al., 2000) 
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Figure 50.  Schematic Diagram of Axi-symmetric FE Model 



 

 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

Figure 51.  Drucker-Prager Model Yield Surface in Meridian Plane 
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 (a) Pile-Soil Interface (b) Pile-Rock Interface 
 

Figure 52.  Pile-Soil and Pile-Rock Interface Model 
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Figure 53.   Dimensions and Instrumentation of Test Shaft6, Henderson Case 
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Figure 54.   Comparison of Load vs. Displacement Curve, O-cell Test, Henderson Case 
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Figure 55.   Comparison of Load Transfer Curve, O-cell Test, Henderson Case 
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Figure 56.   Comparison of Load vs. Displacement Curve, Top Down Test, Henderson Case 
 



 
 

Figure 57.   Dimensions and Instrumentation of Test Shaft, Wilsonville Case 
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Figure 58.   Comparison of Load vs. Displacement Curve, O-cell Test, Wilsonville Case 
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Figure 59.   Comparison of Load Transfer Curves, O-cell Test, Wilsonville Case 
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Figure 60.   Comparison of Load vs. Displacement Curve, Top Down Test, Wilsonville Case 
 



 
 

Figure 61.   Dimensions and Instrumentation of Test Shaft, Denver Case 
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Figure 62.   Comparison of Load vs Displacement curve, O-cell Test, Denver Case 
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Figure 63.   Comparison of Load Transfer Curves, O-cell Test, Denver Case 
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Figure 64.   Comparison of Load vs. Displacement Curve, Top Down Test, Denver Case 
 



 
 

 
 
 
 
 
 
 
 
 
 
 
 
 

 a) Ko = 0.43, Shaft/Soil friction δ = 31o     b) Ko = 1, Shaft/Soil friction δ = 31o

 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

 c) Ko = 2, Shaft/Soil friction δ = 31o     d) Ko = 1, Shaft/Soil friction δ = 50o 

Figure 65.  Top Down vs O-cell Computed Load-Deflection for Soils



 
 
 (a)  tip resistance 
 
 

 
 
 
 
 

 
 
 (b)  side shear 

Figure 66.  Computed Tip Resistance and Side Shear for Ko = 1, δ = 31o



 
 
 (a)  Ko = 1, δ = 31o

 
 
 

 
 
 
 
 
 
 
 

 
 
 (b)  Ko = 1, δ = 50o 

 

Figure 67.  Stress Path at Points Along the Shaft/Soil Interface 



 

 

Figure 68.  Comparison of Side Shear vs. Displacement for Rock Models 



 

 (a)  Top Down Model 

 

 (b)  O-cell Model

 

Figure 69.  Computed Rock Socket Shear Stresses 
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Figure 70.   Effect of Erock on Load vs. Displacement Curve, Top Down Test 
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(a) Side Load vs. Displacement 
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(b) Tip Load vs. Displacement 

 
Figure 71.   Effect of Erock on Side Load vs. Displacement and Tip Load vs. Displacement 

Curve, Top Down Test 
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Figure 72.   Effect of Erock on Load vs. Displacement Curve, O-cell Test 
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Figure 73.   Side Load vs. Displacement Comparison for Different Erock Values 
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Figure 74.   Effect of φi on Load vs. Displacement Curve, Top Down Test 
 



0 0.1 0.2 0.3 0.4 0.5 0.6 0.7 0.8 0.9
0

500

1000

1500
Side Load vs Displacement, Topdown Test

Displacement (in)

Ni=50E
i=31E
i=14E

N

N

φi=50°__ 
φi=31°__ 
φi=14°__ 

 
(a) Side Load vs. Displacement 
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(b) Side Load vs. Displacement 

 
Figure 75.   Effect of φi on Side Load vs. Displacement and Tip Load vs. Displacement Curve, 

Top Down Test 
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Figure 76.   Effect of φi on Load vs. Displacement Curve, O-cell Test 
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Figure 77.   Side Load vs. Displacement Comparison for Different φi Values 
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Figure 78.  Effect of Erock and φi on the Difference Between Two Testing Methods (top down vs. 

O-cell). 
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Figure 79.  Shear Stress Distribution Comparison for Different Erock Values 
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Figure 80.  Shear Stress Distribution Comparison for Different φi Values (z = depth below rock, 
Lsocket = socket length) 
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Figure 81.  Simplified Model of Rock-Socketed Pile 
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Figure 82.  The Effect of  and sp EE / pν  on Stress Coefficient  rK
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Figure 83.  Free Body Diagram for a Segment of Pile 
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Figure 84.  Load Distribution, Example 
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Figure 85.  Comparison of Side Shear Distribution 
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(b) Top Down Loading 

Figure 86.  Load Distribution using the simplified model for the Wilsonville, AL case (a) 
O-Cell Test, (b) Top Down Loading 
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Figure 87.  Side Shear Distribution for Wilsonville (a) Case I, (b) Case II, and (c) Case III  
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Figure 88.  Load Distribution, O-cell Test, Denver Case 
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Figure 89.  Side Shear Distribution, Denver Case 

 



 
 

Figure 90.  Side Shear Distr
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Figure 91.  Side Shear Distribution for Different iφ  
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Figure 92.  Side Shear Distribution for Different  ic

 



 
Figure 93. General Arrangement of the SIMBAT system (Testconsult Website) 

 
 

 

 
 

Figure 94. The Components of the SIMBAT System (Testconsult Website) 
 



 
 

Figure 95.  Dynamic Testing at Varying Strain Rates (Testconsult Website) 
 
 

 
 

Figure 96.  SIMBAT Pile/Soil Model (Testconsult Website )



 
 

Figure 97.  Digital/Optical Theodolite used in the SIMBAT Test (Testconsult Website) 
 

 
Figure 98.   Raw Curves from a Single Impact (Testconsult Website) 

 



 
Figure 99.   Separation of Forces, Calculated Rdynamic (Testconsult Website) 

 

 

 
Figure 100.   Predicted Load/Settlement Curves (Testconsult Website) 

 



 
Figure 101.  SIMBAT Dynamic to Static Correction Procedure (Testconsult Website) 

 
 

 
Figure 102.  Correction of Velocity Using Theodolite Measurement (Testconsult 

Website) 



 

 
Figure 103.  Computer Matching of Velocity (Testconsult Website) 

 
 
 
 

 
 

Figure 104.  Computer Matching of Displacement. (Testconsult Website) 
 
 



 

 
Figure 105.  Comparison between Static and Dynamic Load Tests (Testconsult Website) 

 
 

 
 

Figure 106.  Final Static Load Settlement Plot from SIMBAT (Testconsult Website) 
 



 
Figure 107.  Bored Piles at NGES-TASU Sites (Briaud et al. 2000) 

 
 

 
Figure 108.  Complete Load-Settlement History for All Test on Pile No.2 (Briaud et al. 2000) 

 



 
Figure 109.  Comparison between Predicted and Measured Static Capacities ( Briaud et al. 

2000) 
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Figure 110.  Comparison of SIMBAT and Static Testing Results (Long, 2001) 

 



 

 
Figure 111.  Piles in Rock – Loading to SWL / 1.5SWL (Long, 2001) 

 
 

 
Figure 112.  Piles in Sand and Gravel Loading to SWL TO 1.5SWL (Long, 2001) 

 
 



 

 
Figure 113.  All piles Loading to SWL / 1.5SWL (Long. 2001) 

 
 
 

 
Figure 114.  Influence of Pile Diameter/Length to Diameter Ratio (Long, 2001) 

 
 



 

 
Figure 115.  Mobilized Safety Factor (Long, 2001) 

 
 
 
 

 
Figure 116.  Case History of Identification of Failed Pile (Long, 2001) 

 



 

              
 

Figure 117.  The FUNDEX Field Testing System (Americanpiledriving Website) 
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Figure 118.  Force Pulses Acting on a Given Pile’s Head under Different Size Impacting Mass 

and a constant Stroke Height of 1.5m 
 



 

 
Figure 119.  The Load Settlement Curves Calculated for a Dynamic, a FUNDEX and a Static 

Load Test. (Schellingerhort, 1996)) 
 



 
 

 
 

 
Figure 120.  Illustration of the Pseudo Static Pile Load Tester (Schellingerhort, 1996, 

Coe.Berkeley Website) 



 

0

500

1000

1500

2000

2500

3000

3500

4000

4500

0.0 0.5 1.0 1.5 2.0 2.5 3.0 3.5 4.0

Drop Height (m)

M
ax

im
um

 F
or

ce
 (k

N
)

 

(k
N

) 

Figure 121.  Maximum Force as a Function of Drop Height (Schellingerhort, 1996) 
 
 
 

 
Figure 122.  The Force at the Pile Top as a Function of Time for Different Drop Heights 

(Schellingerhort, 1996) 
 



 
 

Figure 123.  The Measured Force and Displacement Under a Single Impact by PSPLT 
(Schellingerhort, 1996) 

 
 



 

 
Figure 124.  Load Displacement Curve Generated by Four Consecutive Drop Heights 

(Schellingerhort, 1996) 
 
 

 
Figure 125.  Case 1, Comparison of a Static Load Test and FUNDEX Measurements. 

(Schellingerhort, 1996) 
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Figure 126.  Case 2, Comparison of a Static Load Test and FUNDEX Measurements. 

(Americanpiledriving Website) 
 
 

 
Figure 127.  Case 3, Comparison of a Static Load Test and FUNDEX Measurements. 

(Iwanowski et al. 1984) 
 



 

 
Figure 128.  Case 4, Comparison of a Static Load Test and FUNDEX Measurements. 

(Iwanowski et al. 1984) 
 
 



   
Figure 129.  Smartpile Test Set-up 

(Ooi and Frederick, 2003)  
Figure 130.  Force Sensor (a) Elevation View (b) Plan View  

(Ooi and Frederick, 2003) 
 



 

 
(a) Typical Sensor Installation 

 

 
(b) The Smartpile Sensor 

 
Figure 131.  Smartpile Sensor Installation Photographs.  (Geotechnical Engineering Research 

Laboratory, University of Massachusetts Lowell, Newbury Site TP#3) 
 



 

 
 

Figure 132.  Typical Force Versus Time Plots from Smartpile Test:  (a) with a Peak between Fsd 
and Fds, and (b) with a Trough between Fsd and Fds.  

(Ooi and Frederick, 2003) 



 
 

Figure 133.  The Smartpile Testing Field Measurements using Top and Tip Sensors (Haley & 
Aldrich, 1995) 

 
 

Figure 134.  The Smartpile Testing Field Measurements using Top Measurements Alone (Haley 
& Aldrich, 1995) 

 



 
Figure 135.  The Smartpile Measurements for TP#1(Ooi and Frederick, 2003) 

 

 
Figure 136.  The Static Testing Result for TP#1 (Ooi and Frederick, 2003) 



 
Figure 137.  The Smartpile Measurements for TP#1 (Ooi and Frederick, 2003) 

 
 

 
Figure 138.  The Static Testing Result for TP#1 (Ooi and Frederick, 2003) 

 



 

 
 

Figure 139.  Illustration of Smartpile results for Courthouse Project Frederick Engineering Co. 
(Haley & Aldrich, 1995) 
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Figure 140.  Comparison of PDA Prediction and Smartpile Measurements (Tests were done by 

Haley & Aldrich. Cambridge, MA. May 1995) 
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Figure 141.  Typical Smart Coil System (SCS) Setup (after Frederick, 1999). 
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Figure 142.  Histogram and frequency distributions of KSD for 186 PD/LT2000 pile-cases in all 
types of soils. (Paikowsky and Stenerson 2000) 
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Figure 143.  Comparison between pile capacity based on Davisson’s criterion for slow main-
tained load tests and static cyclic load test capacity for 75 piles, (Paikowsky et al., 1999). 
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Figure 144.   CAPWAP Drilled Shaft Capacity vs. Transferred Energy 
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Figure 145.   The Ratio of CAPWAP Drilled Shaft Capacity to Transferred Energy vs. Transferred Energy (No. of Cases=167, 
Mean=196, S.D. =174) 
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Figure 146.   CAPWAP Drilled Shaft Capacity vs. Transferred Energy For Capacity to Energy Ratio < Mean+1.5(S.D) 
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Figure 147.   Transferred Energy vs. Nominal Energy 
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Figure 148.  Drilled Shaft Static Load Test Results (Representative Capacity) vs. Drop Weight 
CAPWAP Analysis for All Cases 

n=65 
mx=1.15 
σx=0.48 
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Figure 149.  Drilled Shaft Static Load Test Results (Davisson’s Failure Criterion) vs. Drop 
Weight CAPWAP Analysis for All Cases 

n=62 
mx=1.08 
σx=0.54 
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Figure 150.  Drilled Shaft Static Load Test Results (FHWA Failure Criterion) vs. Drop Weight 
CAPWAP Analysis for All Cases 

n=62 
mx=1.31 
σx=0.59 
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Figure 151.  Drilled Shaft Static Load Test Results (DeBeer Failure Criterion) vs. Drop Weight 
CAPWAP Analysis for All Cases 

n=58 
mx=1.01 
σx=0.40 
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Figure 152.  Drilled Shaft Static Load Test to Failure Results (Representative Capacity) vs. 

Drop Weight CAPWAP Analysis 
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Figure 153.  Drilled Shaft Static Load Test to Failure Results (Davisson’s Failure Criterion) vs. 
Drop Weight CAPWAP Analysis 
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Figure 154.  Drilled Shaft Static Load Test to Failure Results (FHWA Failure Criterion) vs. 

Drop Weight CAPWAP Analysis 
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 Figure 155.  Drilled Shaft Static Load Test to Failure Results (DeBeer Failure Criterion) vs. 
Drop Weight CAPWAP Analysis 

n=36 
mx=0.85
σx=0.15 
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Figure 156.  Drilled Shaft Static Extrapolated Load Test Results (Representative Capacity) vs. 
Drop Weight CAPWAP Analysis 

 
 

0 5 10 15 20 25 30 35
Static Capacity Based on Davisson Failure Criterion (MN)

0

5

10

15

20

25

30

35

C
A

PW
A

P 
A

na
ly

sis
 (M

N
)

 

Measured=Predicted

Trendline 
y = 0.8000*x 
R2 = 0.8821 

n=21 cases 
mx=1.46 
σx=0.64 

 
Figure 157.  Drilled Shaft Extrapolated Static Load Test Results (Davisson Failure Criterion) 

vs. Drop Weight CAPWAP Analysis 
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Figure 158.  Drilled Shaft Extrapolated Static Load Test Results (FHWA Failure Criterion) vs. 

Drop Weight CAPWAP Analysis 
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Figure 159.  Drilled Shaft Extrapolated Static Load Test Results (DeBeer Failure Criterion) vs. 
Drop Weight CAPWAP Analysis 

n=21 cases 
mx=1.23 
σx=0.49 
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Figure 160.  Static L.T. Capacity Over CAPWAP Prediction vs. Ram Weight Over Static L.T. 
Capacity; (a) Using the Representative Static Capacity, (b) Using the FHWA Failure Criterion. 
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 Figure 161.  Measured Static Capacity (FHWA Failure Criterion) vs. Ram Weight Using 
Database DW/LT 2000 for All Load Test Cases 
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Figure 162.  Relationship Between the Ratio of Ram Weight to Drop Weight Capacity (FHWA 
Failure Criterion) vs. Ram Weight Based on Database DW/LT 2000 
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Figure 163.  Load test program parameters used to uniquely define comparisons 
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                            Figure 164.   TFC-241 Pre                                                                    Figure 165.    TFC-241 Post 
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                           Figure 166.    TFC 532 Pre       Figure 167.   TFC 532 Post 
 

-0.018

-0.016

-0.014

-0.012

-0.01

-0.008

-0.006

-0.004

-0.002

0
-30000-25000-20000-15000-10000-50000

Load (kN)

D
is

pl
ac

em
en

t (
m

)

SLD

SLT



-0.035

-0.030

-0.025

-0.020

-0.015

-0.010

-0.005

0.000
-8000-7000-6000-5000-4000-3000-2000-10000

Load (kN)

D
is

pl
ac

em
en

t (
m

)

SLD

SLT

-0.035

-0.030

-0.025

-0.020

-0.015

-0.010

-0.005

0.000
-8000-7000-6000-5000-4000-3000-2000-10000

Load (kN)

D
is

pl
ac

em
en

t (
m

)

SLD

SLT
 
 
 
 
 
 
 
 
 
 
 
 Figure 168.    FLLS TP-1/2 Pre     Figure 169.    FLLS TP-1/2 Post 
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Figure 170.  FLLS TP-3/4 Pre      Figure 171.  FLLS TP-3/4 Pre 
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 Figure 172.   JFK OMSF P-10 Pre                    Figure 173.   JFK OMSF P-10 Post 
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     Figure 174.  NNO T1 Pre         Figure 175.  NNO T1 Post 
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    Figure 176.    STG LT-1 Pre     Figure 177.    STG LT-1 Post  
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Figure 178.  BC Pier 15 Pre      Figure 179.   BC Pier 15 Post 
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  Figure 180.    BC Pier 10 Pre     Figure 181.    BC Pier 10 Post 
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              Figure 182.  BC Pier 5 Pre          Figure 183.  BC Pier 5 Post 
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Figure 184.   Ohito TEST Pre           Figure 185.   Ohito TEST Post
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  Figure 186.  BQE SA 1&8 Pre     Figure 187.  BQE SA 1&* Post 
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Figure 188.   STG LT-5 Pre      Figure 189.  STG LT-5 Post 
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Figure 190.   SHONAN T6 Pre         Figure 191.  SHONAN T6 Post 
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        Figure 192.  SHONAN T5 Pre          Figure 193.  SHONAN T5 Post 
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       Figure 194.  SHONAN T2 Pre          Figure 195.  SHONAN T2 Post 
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   Figure 196.  SHONAN T2 Post              Figure 197.  SHONAN T1 Post 

-0.08

-0.07

-0.06

-0.05

-0.04

-0.03

-0.02

-0.01

0
-3000-2500-2000-1500-1000-5000

Load (kN)

D
is

pl
ac

em
en

t (
m

)

SLT

SLD

Projected
Envelope

-0.08

-0.07

-0.06

-0.05

-0.04

-0.03

-0.02

-0.01

0
-3500-3000-2500-2000-1500-1000-5000

Load (kN)

D
is

pl
ac

em
en

t (
m

)

SLT

SLD

Projected
Envelope

         Figure 198.  Aub 1 Pre       Figure 199.  Aub 1 Post 
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   Figure 200.  Aub 10 Pre             Figure 201.  Aub 10 {pst 
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   Figure 202.  Aub 8 Pre                   Figure 203.  Aub 8 Post 



-0.090

-0.080

-0.070

-0.060

-0.050

-0.040

-0.030

-0.020

-0.010

0.000
-3000-2500-2000-1500-1000-5000

Load (kN)

D
is

pl
ac

em
en

t (
m

)

SLD

Projected
Envelope

SLT

-0.090

-0.080

-0.070

-0.060

-0.050

-0.040

-0.030

-0.020

-0.010

0.000
-4000-3500-3000-2500-2000-1500-1000-5000

Load (kN)

D
is

pl
ac

em
en

t (
m

)

SLD

Projected
Envelope

SLT

 

       Figure 204.  Aub 7 Pre         Figure 205.  Aub 7 Post 
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       Figure 206.  Aub 5 Pre         Figure 207.  Aub 5 Post 
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      Figure 208.  Aub 3 Pre       Figure 209.  Aub 3 Post 
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      Figure 210.  Aub 2 Pre       Figure 211.  Aub 2 Post 
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    Figure 212.  NIA TP-1&2a Pre               Figure 213.  NIA TP-1&2a Post 
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    Figure 214.  NIA TP-1&2b Pre               Figure 215.  NIA TP-1&2b Post 
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    Figure 216.  NIA TP –1&3a Pre     Figure 217.  NIA TP-1&3a Post 
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    Figure 218.  NIA TP –1&3b Pre     Figure 219.  NIA TP-1&3b Post 
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 Figure 220.  NIA TP-9&10a Pre     Figure 221.  NIA TP-9&10a Post 
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 Figure 222.  NIA TP-9&10b Pre     Figure 223.  NIA TP-9&10a Post 
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        Figure 224.  NIA TP-5&6b Pre        Figure 225.  NIA TP 5&6b Post  
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        Figure 226.  NIA TP-5&6a Pre        Figure 227.  NIA TP 5&6a Post 
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           Figure 228.  LC T-114.5 Pre      Figure 229.  LC T-114.5 Post 
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          Figure 230.  LC X-123 Pre      Figure 231.  LC X-11123 Post 
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Figure 232.   Safety and Resistance Factors vs. Rate Effect Factor 
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Figure 233.   Predicted (SLD) vs. actual (SLT) for rock 

 

Figure 234   Predicted (SLD) vs. Actual (SLT) for Silt 
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Figure 236.   Predicted (SLD) vs Actual (SLT) for All Soils 

 

Figure 235.   Predicted (SLD) vs. Actual (SLT) for Sand 
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Figure 237.   Predicted (SLD) vs. Actual (SLT) 

 



 
 
Figure 238.   (a) Definition Diagram for Pile-driving Equations, (b) Equilibrium of Ram, 
(c) Equilibrium at Capblock-pile Interface, (d) Definition diagrams for pile force. (Irvine, 

1986) 
 
 

 

M (ram weight) 

K (capblock) C (pile) 

Figure 239.   Equivalent Model for Pile System (Irvine, 1986) 
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 Figure 240.   Force Pulse on Pile Head (ζ<1) Figure 241.   Non-dimensional Force Pulse on Pile Head (ζ<1) 
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 Figure 242.   Force Pulse on Pile Head (ζ=1) Figure 243.  Non-dimensional Force Pulse on Pile Head (ζ=1) 
 



 
Figure 244.  Limiting Cases for Dynamics Loads in Piles (a) Rigid Capblock; and (b) Rigid Pile 

(Irvine, 1986) 
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Figure 245.  Dimensional Force Pulse on Pile 

Head (ζ>1) 
Figure 246.  Non-dimensional Force Pulse on 

Pile Head (ζ>1) 
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Figure 247.   Force Pulse on Pile Head Figure 248.   Non-dimensional Force Pulse on 
Pile Head 
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Figure 249.   Force Pulses on Pile Head (ζ<1) 
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Figure 250.   Non-dimensional Force Pulses on Pile Head (ζ<1) 
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Figure 251.   Force Pulse on Pile Head (ζ<1) 
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Figure 252.   Non-dimensional Force Pulse on Pile Head (ζ<1) 
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Figure 253.   Force Pulses on Pile Head (ζ<1) 
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Figure 254.   Non-dimensional Force Pulses on Pile Head (ζ<1) 
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Figure 255.   Force Pulses on Pile Head (ζ>1) 
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Figure 256.   Non-dimensional Force Pulses on Pile Head (ζ>1) 
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Figure 257.  Force Pulses on Pile Head (ζ>1) 
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Figure 258.   Non-dimensional Force Pulses on Pile Head (ζ>1) 
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Figure 259.  Force Pulses on Pile Head (ζ>1) 
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Figure 260.   Non-dimensional Force Pulses on Pile Head (ζ>1) 
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Figure 261. Force Pulses on the Pile Head With Same R Value 
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Figure 262.   Force Pulses on Pile Head (ζ<1), M=50kN, H=1.5m, K=(2.0,1.5,1.0,0.5,0.25 

*1000kN/mm) 
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Figure 263. Force Pulses on Pile Head (ζ<1), M=420kN, H=0.5m, K=(2.0,1.5,1.0,0.5,0.25 

*1000kN/mm) 
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Figure 264.   Capblock Stiffness K vs. Force Pulse Duration Tp (0.0596<ζ<0.9985) 

 

 
Figure 265.   Force Pulses on Pile Head (ζ>1), M=150kN, H=1.5m, 

K=(15,10,5,2.5,1,0.5*1000kN/mm) 
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Figure 266.   Force Pulses on Pile Head (ζ>1), M=1500kN, H=0.1m, K=(0.5,0.4,0.3,0.2,0.1,0.05 

* 1000kN/mm) 
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Figure 267.  Time Histories of Force Pulse on Pile Head (ζ<1) (Same Energy) 
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Figure 268.   Force Pulses on Pile Head (ζ<1) 
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Figure 269.   Force Pulse on Pile Head; Same M and H, Different I 
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Figure 270.   Non-dimensional Force Pulse on Pile Head; Same M and H, Different I 
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Figure 271.   Force Pulse on Pile Head; Same K, H and I, Different M 
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Figure 272.   The Influence of a Load Testing System 
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Figure 273.  Force Pulse on pile Head (Newbury Test Pile No.2) 
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Figure 274.  Force Pulse on pile Head (Newbury Test Pile No.3) 
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Figure 275.  Schematic of Pile and 
Impact System in LSDYNA 

Modeling. 

Figure 276.  Isometric View of Pile and Ram.

Ram 
Striker 
Cushion

Pile 

 

   
 Figure 277.  Top View of Pile.  Figure 278.  Top View of Ram. 

 



 

   
 

Figure 279.  Half-Symmetry Constraint 
Schematic for Ram and Pile. 

Figure 280.  Constraint Schematic for the 
Pile’s Tip. 

 
 

 

Figure 281.  Isometric View of System with a Rotated Ram for an Offset (Uneven) Impact. 
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Figure 282.  (a) Depiction of Nodes and Elements on the Concrete Pile Chosen for the 
Detailed Presentation of the Results (b) Depiction of Nodes Chosen for Calculating Velocity 
and Elements Chosen for Calculating Normal Stress for the Non-symmetric (Uneven impact) 

Analysis. 
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Figure 283.  Calculated Normal Stress for Elements 

on Concrete Surface in Baseline FE Model 
Figure 284.  Calculated Velocity (V∗I) for Nodes 

on Concrete Surface in Baseline FE Model 
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Figure 285.  Calculated Normal Stress for Elements 
~1m Below Surface in Baseline FE Model 

Figure 286.   Calculated Velocity (V∗I) for Nodes 
~1m Below Surface in Baseline FE Model 
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Figure 287.  Calculated Normal Stress for Elements 
~2m Below Surface in Baseline Model. 

Figure 288.  Calculated Velocity (V∗I) for Nodes 
~2m Below Surface in Baseline FE Model. 
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Figure 289.  Calculated Normal Stress for Elements 
~3m Below Surface in Baseline Model. 

Figure 290.  Calculated Velocity (V∗I) for Nodes 
~3m Below Surface in Baseline FE Model. 
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Figure 291.  Calculated Normal Stress for 
Elements on Concrete Surface in FE Model with 

Ram Diameter = 0.2m for 0ms – 20ms. 

Figure 292.  Calculated Velocity (V∗I) for Nodes 
on Concrete Surface in FE Model with Ram 

Diameter = 0.2m for 0ms – 20ms. 
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Figure 293.  Calculated Normal Stress for 
Elements ~1m Below Surface in FE Model with 

Ram Diameter = 0.2m for 0ms – 20ms. 

Figure 294.  Calculated Velocity (V∗I) for Nodes 
~1m Below Surface in FE Model with Ram 

Diameter = 0.2m for 0ms – 20ms. 



Ax
ia

l S
tre

ss
 (k

N
/m

^2
)

0 4 8 12 16 20
Time (ms)

0

1000

2000

3000

4000

Distance Measured 
from Centerline of 

Concrete Pile 

0.500 m

0.437 m

0.250 m

0.062 m

0

1571

3142

4712

6283

 0 4 8 12 16 20
Time (ms)

0

1000

2000

3000

4000

V 
* (

EA
/c

) (
kN

)

Distance Measured 
from Centerline of 

Concrete Pile

0.500 m

0.437 m 

0.250 m 

0.062 m 

0

163

327

490

653

Ve
lo

ci
ty

 (m
m

/s
)

 

Eq
ui

va
le

nt
 F

or
ce

 (k
N

)

3142
 
 
 
 
2356
 
 
 
 
1571

 

 

785 

Figure 295.  Calculated Normal Stress for 
Elements ~2m Below Surface in FE Model with 

Ram Diameter = 0.2m for 0ms – 20ms. 

Figure 296.  Calculated Velocity (V∗I) for Nodes 
~2m Below Surface in FE Model with Ram 

Diameter = 0.2m for 0ms – 20ms. 
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Figure 297.  Calculated Normal Stress for 
Elements ~3m Below Surface in FE Model with 

Ram Diameter = 0.2m for 0ms – 20ms. 

Figure 298.  Calculated Velocity (V∗I) for Nodes 
~3m Below Surface in FE Model with Ram 

Diameter = 0.2m for 0ms – 20ms. 
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Figure 299.  Calculated Normal Stress for Elements on 

Concrete Surface in FE Model with Ram Diameter = 
1.0m and Tilt Angle = 1° for 0ms – 16ms. 

Figure 300.  Calculated Velocity (V∗I) for Nodes on 
Concrete Surface in FE Model with Ram Diameter = 

1.0m and Tilt Angle = 1° for 0ms – 16ms 
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Figure 301.  Calculated Normal Stress for Elements ~1 

m Below Surface in FE Model with Ram Diameter = 
1.0m and Tilt Angle = 1° for 0ms – 16ms. 

Figure 302.  Calculated Velocity (V∗I) for Nodes ~1m 
Below Surface in FE Model with Ram Diameter =1.0m 

and Tilt Angle = 1° for 0ms – 16ms. 
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Figure 303.  Calculated Normal Stress for Elements ~2 

m Below Surface in FE Model with Ram Diameter = 
1.0m and Tilt Angle = 1° for 0ms – 16ms. 

Figure 304.  Calculated Velocity (V∗I) for Nodes ~2 m 
Below Surface in FE Model with Ram Diameter = 1.0m 

and Tilt Angle = 1° for 0ms – 16ms. 
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Figure 305.  Calculated Normal Stress for Elements 
~3m Below Surface in FE Model with Ram Diameter = 

1.0m and Tilt Angle = 1° for 0ms – 16ms. 

Figure 306.  Calculated Velocity (V∗I) for Nodes ~3m 
Below Surface in FE Model with Ram Diameter = 1.0m 

and Tilt Angle = 1° for 0ms – 16ms. 
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Figure 307.  Calculated Normal Stress for 

Elements on Concrete Surface in FE Model with 
Ram Diameter = 1.0m and Tilt angle = 0° for Time 

= 0ms – 40ms. 

Figure 308.  Calculated Velocity for Nodes on 
Concrete Surface in FE Model with Ram Diameter 
= 1.0m and Tilt Angle =0° for Time = 0ms – 40ms. 
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Figure 309.  Calculated Normal Stress for Elements 

on Concrete Surface in FE Model with Ram 
Diameter = 1.0m and Tilt Angle =0° for Time = 0ms 

– 10ms. 

Figure 310.  Calculated Velocity for Nodes on 
Concrete Surface in FE Model with Ram Diameter = 

1.0m and Tilt Angle =0° for Time = 0ms – 10ms 
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Figure 311.  Calculated Normal Stress for Elements on Concrete Surface in FE Model with Ram 

Diameter = 1.0m and Tilt Angle =0° for d = -0.5 to 0.5m. 
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Figure 312.  Calculated Normal Stress for Elements on the Concrete Surface in the FE Model 
with Ram Diameter = 1.0m and Tilt Angle = 0° for Time Equal to; (a) 1.8ms, (b) 2.0ms, (c) 
2.5ms, (d) 3.0ms, (e) 3.5ms, (f) 4.0ms, (g) 4.5ms, (h) 5.0ms, (i) 6.0ms, (j) 7.0ms, (k) 8.0ms, and 
(l) 9.0ms.  
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Figure 313.  Calculated Normal Stress for Elements 1m Below the Concrete Surface in the FE Model with 
Ram Diameter = 1.0m and Tilt Angle = 0° for Time equal to; (a) 1.8ms, (b) 2.0ms, (c) 2.5ms, (d) 3.0ms, (e) 

3.5ms, (f) 4.0ms (g) 4.5ms, (h) 5.0ms, (i) 6.0ms, (j) 7.0ms, (k) 8.0ms, and (l) 9.0ms. 
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Figure 314.  Calculated Normal Stress for Elements on the Concrete Surface in the FE Model with Ram 

Diameter = 1.0m and Tilt Angle = 1° for Time = 0ms – 40ms. 
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Figure 315.  Calculated Velocity for Nodes on the Concrete Surface in the FE Model with Ram Diameter 

= 1.0m and Tilt Angle = 1° for Time = 0ms – 40ms. 
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Figure 316.  Calculated Normal Stress for Elements on the Concrete Surface in the FE Model with Ram 

Diameter = 1.0m and Tilt Angle = 1° for Time = 0ms – 10ms. 
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Figure 317.  Calculated Velocity for Nodes on the Concrete Surface in the FE Model with Ram Diameter 

= 1.0m and Tilt Angle = 1° for Time = 0ms – 10ms. 
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 (a) (b) 

Figure 318.  Calculated Normal Stress for Elements on the Concrete Surface in the FE Model with Ram 
Diameter = 1.0m and Tilt Angle = 1° for d = -0.5 to 0.5m and time equal to (a) 1.8 to 2.2ms, and (b) 2.0 to 

4.5ms. 
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Figure 319.  Calculated Normal Stress for Elements on the Concrete Surface in the FE Model with Ram 
Diameter = 1.0m and Tilt Angle = 1° for Time Equal to; (a) 2.0ms, (b) 2.5ms, (c) 3.0ms, (d) 3.5ms, (e) 

4.0ms, (f) 5.0ms, (g) 6.0ms, (h) 7.0ms, (i) 8.0ms, (j) 9.0ms, and (k) 10.0ms. 



 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
Figure 320.  Calculated Normal Stress for Elements 1m Below Concrete Surface in FE Model with 

Ram Diameter = 1.0m and Tilt Angle = 1° for Time equal to; (a) 2.0ms, (b) 2.5ms, (c) 3.0ms, (d) 
3.5ms, (e) 4.0ms, (f) 4.5ms, (g) 5.0ms (h) 6.0ms, (i) 7.0ms, (j) 8.0ms, (k) 9.0ms, and (l) 10.0ms. 
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Figure 321.  Calculated Normal Stress for Elements 2m Below the Concrete Surface in the FE 
Model with Ram Diameter = 1.0m and Tilt Angle = 1° for Time equal to; (a) 2.0ms, (b) 3.0ms, (c) 
4.0ms, (d) 5.0ms, (e) 6.0ms, (f) 7.0ms, (g) 8.0ms, (h) 9.0ms, (i) 10.0ms, (j) 11.0ms, and (k) 12.0ms. 
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Figure 322.  Calculated Normal Stress for Elements 3m Below the Concrete Surface in the FE Model 

with Ram Diameter = 1.0m and Tilt Angle = 1° for Time Equal to (a) 6.0ms, (b) 7.0ms, (c) 8.0ms, and (d) 
9.0ms. 

  

  
Figure 323.  Calculated Normal Stress for Elements 4m Below the Concrete Surface in the FE 

Model with Ram Diameter = 1.0m and Tilt Angle = 1° for Time Equal to (a) 6.0ms, (b) 7.0ms, (c) 
8.0ms and (d) 9.0ms. 
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Figure 324.  Calculated Normal Stress for Elements 2m Below the concrete Surface in the FE Model with 

Ram Diameter = 1.0m and Tilt Angle = 1° with a Soft Cushion for Time Equal to (a) 3ms, (b) 6ms, (c) 8ms, 
(d) 10ms, (e) 12ms, and (f) 14ms. 
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Figure 325.  Average Forces with Time Across the Shaft at the Top (Surface) and One and Two Diameters 

Below the Surface (1m, 2m Respectively) for Representative and “Soft” Wood Cushions. 
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Figure 326.  The Rheological Model Component for the Description of Pile-Soil Interaction 
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Figure 327.  Load Displacement Relations 
for Element T 

Figure 328.  Load Displacement Relations 
for Element T*
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Figure 329.  Time –Settlement Relations Under a Constant Load Step Pj 
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Figure 330.  Load-Displacement Relations for a Compression Express static-Cyclic Test with 
Defined Controlling Loads, the Maximum Elastic Load (Pc), the Bearing Capacity (Pk), the 

Failure Load (Pf) and the Maximum Applied Load (Pmax). 
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Figure 331. Comparison of Load-Displacement Relations for a Static Slow Maintained Load Test Measured and Calculated by the 
Rheological Model Based on a Statnamic Test No. 3 on Newbury Test Pile No. 2 (TP#2-3) 
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Figure 332.   Comparison of Load-Displacement Relations for a Static Slow Maintained Load Test Measured and Calculated by the 

Rheological Model Based on a Statnamic Test No. 4 on Newbury Test Pile No. 2 (TP#2-4) 



 

 
 
 
 
 
 
 
 

Table 1.  Typical Key Attributes of Different Types of Pile Tests (Holeyman, 1992). 
 

 

 
Attributes 

Integrity 
Testing 

High-Strain 
Dynamic 
Testing 

Kinetic  
Testing 

Static  
Testing 

Mass of Hammer 0.5 - 5kg 2,000 - 10,000 kg 2,000 - 5,000 kg N/A 
Pile Peak Strain 2 - 10 µstr 500 - 1,000 µstr 1,000 µstr 1,000 µstr 
Pile Peak Velocity 10 - 40 mm/s 2,000 - 4,000 mm/s 500 mm/s 10-3 mm/s 
Peak Force 2 - 20 kN 2,000 - 10,000 kN 2,000 - 10,000 kN 2,000 - 10,000 kN 
Force Duration 0.5 - 2 ms 5 - 20 ms 50 - 200ms 107 ms 
Pile Acceleration 50 g 500 g 0.5 - 1 g 10-14 g 
Pile  
Displacement 0.01 mm 10 - 30 mm 50 mm >20 mm 

Relative Wave 
Length 0.1 <1.0 >10 108

Test 
Type 

 



 

Table 2.  Summary of Innovative Load Testing Methods and Analyses 
 

Available Analysis Method 

Wave Analysis Dynamic Static 
Usage Test 

Type 
Test 

Principle 
Testing  
Method 

Manufacturer 
Developer 

Case           WM SPS UP EA PS OC SC RM O
th

er
 

Type Extent

Drop Weight              Varied Y Y Y Rep. WW

SIMBAT CEBTP 
France Y            Y Y Rep. L

SmartPile (SPS) Frederick 
Engineering           Y P Ex./ 

Rep. L 

Dynamic - 
Wave Action 

Smart Coil 
(SCS) 

Frederick 
Engineering          Y p. L Re

STATNAMIC Berming- 
hammer P           P Y  

 Rep. WW

Dynatest             France Atlas P P Y  
 Rep. L

PSPLT     Fundex    P  Y     Rep. L

D
Y

N
A

M
IC

 

Dynamic - 
Fast 

Penetration 

Pile Load Tester American Pile 
Driving             P Y Rep. L

Osterberg Load Cell Load Test       Y P P  Ex. WW 

ST
A

T
IC

 

New Static 
Static-Cyclic             UML  

 Y Y Rep. L

Legend: 
 Dynamic Fast Penetration: PSPLT = Pseudo Static Load Tester 

Available Analysis Methods: (Y = Yes,  P = Possible) 
        Wave Analysis: Case: Case Method WM: Wave Matching (e.g. CAPWAP) SPS: SmartPile System 

  Dynamic:  UP: Unloading Point Method EA: Energy Approach Method  PS: Pseudo-Static 
  Static:  OC: Osterberg Load Cell SC: Static-Cyclic   RM: Rheological Modeling 
 Usage Type: (Rep. = Repetitive, Ex. = Expendable), L = Limited, WW =Worldwide 

 



 

Table 3.     Summary of Drop Weight Systems 
 

System 
Designation 

Geographic 
Location 

Ram 
Weight 

(kN) 

Stroke 
(m) 

Max 
Energy 
(kN•m) 

Comments Reference Figure 

DW-A China 
Zhanjing 

30, 50, 
80 4 320 Requires a crane and 

includes a guidance system Li, 1993 10 

DW-B China 
Shanghai 60 2.5 150 

Does not require a crane, 
has a limited guiding 
system 

Li, 2000 11 

DW-C China 
Shanghi 20-90 4 360 Requires a crane, does not 

have a guiding system 
Weibirg, 

2000 12 

DW-D Israel 20-90 4 360 
Requires a crane, guided 
system with a modular ram 
and strokes 

GTR, 1997 13 

DW-E Isreal 35 1.5(?) 53 
Requires a crane, 
effectiveness of guiding 
system is questionable 

Sokolovski 
et al. ,1998 14 

DW-F USA 50-200 2.7 540 
Part of the Newton system 
with instrumented ram 

Robinson & 
Rausche, 

2000 
15 

DW-G USA 
Texas A&M 90 5 450 

Requires a crane, includes 
a guidance system, 
available pile-driving 
hammer 

Briaud et 
al., 2000 16 

DW-H 
 

USA 
UOF 100 3 300 

Requires a crane, includes 
a guidance system, 
available pile-driving 
hammer 

Townsend 
et al., 1991 17 

DW-I 
 

China 
Shanghai 20-80 4 320 

Includes a self lifting 
winch and guidance 
system, does not require a 
crane 

Longgen, 
et. al, 1999 18 

 

 



 

Table 4.  Sources for Possible Difficulties of Dynamic Measurements on In-place Constructed 
Deep Foundations 

 

Case Description Comment Figure Effect Possible Remedy 

1 

Non-
uniform 
Cross-
section 

Mostly dry or 
slurry 

construction 

 • Unknown area for 
force calculations 

• Wave reflections 
and analysis of 
unknown geometry 

• Use of a caissing at 
the top part of the 
shaft 

2 Uneven 
shaft surface 

All type of 
construction 

 

• Uneven impact 
results with uneven 
stress distribution 
and hence 
misleading force 
calculations 

• Careful leveling of 
the shaft top with 
above ground 
extension 

• Multiple gauges (4) 
located 2-3 
diameters below 
impact 

• Additional 
acceleration 
measurements on 
the ram 

3 

Poor quality 
concrete in 
the exterior 

sections 

Mostly slurry 
construction 

 

• Inaccurate force 
measurements as 
force calculations 
based on typical 
modulus do not 
reflect actual gauge 
location conditions 

• Use of caissing and 
concrete quality 
control at the end of 
construction (e.g. 
placing concrete 
until clear concrete 
appears at the top) 

4 Uneven ram 
impact 

• Poor or no 
guiding 
system 

• Uneven 
shaft 
surface 

 

• Uneven stress 
distribution 

• Use of a cushion 
• Use of a guiding 

system for the ram 
• Placing gauges as 

suggested in 2 

5 Small 
section ram 

• Shaft area 
larger than 
ram’s 

 

• Uneven stress 
distribution to a 
limited distance 
below impact 

• Use of a cushion 
• Use of a striking 

plate 
• Placing gauges as 

suggested in 2 

6 

High 
friction at 
the top of 
the shaft 

Placement of 
concrete 

against rock 
or granular 
dense soil 

Section Section

Plan 
View

 

• Non proportionality 
between force and 
velocity due to early 
reflections does not 
allow verification of 
data quality and 
difficulties in 
analysis 

• Placing gauges as 
suggested in 2 

• Careful signal 
matching analysis 

 



 

Table 5.  Listing of Statnamic Devices and Capacities 
 

Manufacturer Rated Capacity Practical Load Application Range 

30    MN 7.5 - 33       MN 

20    MN 5 - 22          MN 

16    MN 4 - 17.6       MN 

14    MN 3.5 - 15.4    MN 

8      MN 2 - 8.8         MN 

5      MN 1.25 - 5.5    MN 

4      MN 1 - 4.4         MN 

3      MN 0.75 - 3.3    MN 

0.6   MN 0.15 - 0.66  MN 

98.9  kN 2.2 - 9.8      kN 
 
 

 



 

Table 6.  Summary of Static Load Test Procedures (after Paikowsky et al. 1999) 
 

Loading Unloading Code Test Name 
Increments Hold Time

Hold Time 
at Max. 

Load Increments Hold Time 

Hold time 
at Zero 
Load 

Standard Loading 
Procedure 25% .01"/Hr 12-24 Hr 25% 1 hr and 

.01"/Hr 1 Hr 

Cyclic Loading 50% 1 Hr 0 Hr 50% .33 Hr 1 Hr 
 50% .33 Hr 12-24 Hr 25% 1 Hr 0 Hr 

Quick Load Test 10-15% 2.5 Min 5 min 1 step Instantaneous 0 Hr 

ASTM 

Constant Rate of 
Penetration 

0.25-2.5 mm/min 
(.01-.1 in/min) 0 Hr - - - - 

Short Duration 25% .5 Hr 1 Hr 25% .25 Hr 1 Hr 
Maintained Load 

Test 50% 2 Hr 12-24 Hr 25% 4 Hr 4 Hr MHD 

Quick Load Test 50-100 kN 2.5 min 5 min 25% of Max. 2.5 min 15 min 
MBC Loading Procedure 25% .5 Hr 1 Hr 25% .25 Hr 1 Hr 
TQT Quick Load Method 10-15% 2.5 min 2.5 min 1 step Instantaneous 2.5 min 

S USSR Standard STest 1/10 Max Varies - 2 x loading .25 Hr - 

Recent 
Research Static-cyclic loading 

3 cycles to 
failure at 

150kN/min 
(15t/min) 

0 0 
Rate of 

300kN/min 
(30t/min) 

0 0 

 Notes: 
1. ASTM  American Standard for Testing and Materials 
2. MHD Massachusetts Highway Department 
3. MBC Massachusetts Building Code 
4. TQT Texas Quick Test 
5. S USSR Standard USSR State Code 
6. All percentages are in percent of total design load of the pile. 
7. The loading increment for the standard test is based on the assumed bearing capacity of the pile. 
 

 



Table 7.  Comparison of the Maximum Mobilized Unit Shaft Resistance, Henderson Case 

Depth Interval 
Measured 

(O-cell Test) 
(ksf) 

FE Model 
(O-cell Test) 

(ksf) 

FE Model 
(Top Down Test) 

(ksf) 
Gage 1 to O-cell 6.02 5.62 4.06 
O-cell to Gage 2 8.83 6.67 5.30 
Gage 2 to Gage 3 2.72 4.41 5.03 

Gage 3 to Pile Top 1.08 1.57 6.49 
 
 

Table 8.  Comparison of the Unit Shaft Resistance Between Field Test Results and Model 
Results, Wilsonville Case 

O-cell to Gage 1 Gage 1 to Gage 2 Gage 2 to Gage 3 Gage 3 to Gage 4 Applied 
Load 
(tons) 

From 
Test 
(tsf) 

From 
Model 
(tsf) 

From 
Test 
(tsf) 

From 
Model 
(tsf) 

From 
Test 
(tsf) 

From 
Model 
(tsf) 

From 
Test 
(tsf) 

From 
Model 
(tsf) 

183 
(198) 0.5 4.7 2.3 1.7 1.8 0.8 0.5 0.5 

246 
(248) 3.9 5.4 1.6 2.2 2.0 1.1 0.7 0.7 

308 
(298) 3.2 5.6 3.4 2.8 2.5 1.5 0.9 0.9 

434 
(446) 4.7 4.0 4.0 4.8 3.3 3.3 1.2 1.7 

496 
(496) 6.3 3.8 4.3 4.8 3.8 4.1 1.3 1.5 

 

Table 9. Comparison of the Maximum Mobilized Unit Shaft Resistance, Wilsonville Case 

Depth Interval 
Measured 

(O-cell Test) 
(tsf) 

FE Model 
(O-cell Test) 

(tsf) 

FE Model 
(Top Down Test) 

(tsf) 
O-cell to Gage 1 7.8 5.6 3.6 
Gage 1 to Gage 2 4.3 4.8 4.1 
Gage 2 to Gage 3 3.8 4.1 4.2 
Gage 3 to Gage 4 1.3 1.7 4.5 

 



Table 10.  Comparison of Side Shear at Gage Intervals Between Field Test Results and Model 
Results, Denver Case 

O-cell to Gage 1 Gage 1 to Gage 2 Gage 2 to Pile Top Applied 
Load 
(kips) 

From 
Test 
(ksf) 

From 
Model 
(ksf) 

From 
Test 
(ksf) 

From 
Model 
(ksf) 

From 
Test 
(ksf) 

From 
Model 
(ksf) 

273 (279) 2.05 2.31 0.76 0.81 0.42 0.39 

351 (355) 2.44 2.91 1.38 1.09 0.63 0.56 

429 (449) 2.87 2.86 1.82 1.83 0.82 1.09 

507 (505) 3.25 2.75 2.28 2.35 1.03 1.28 

559 (559) 3.61 2.58 2.63 2.80 1.03 1.61 

 

Table 11. Comparison of the Maximum Mobilized Unit Shaft Resistance, Denver Case 

Depth Interval 
Measured 

(O-cell Test) 
(ksf) 

FE Model 
(O-cell Test) 

(ksf) 

FE Model 
(Top Down Test) 

(ksf) 
O-cell to Gage 1 3.61 2.91 2.73 

Gage 1 to Gage 2 2.63 2.80 3.06 

Gage 2 to Pile Top 1.03 1.61 2.25 
 



Table 12.  Effect of Different Factors on Pile Response and Difference Between Two 
Testing Methods 

o14=iφ  o31=iφ o50=iφ  

rockE
 

 (ksi) 

tdrockf )(
 (psi) 

ocrockf )(
 (psi) ocrock

tdrock

f
f

)(
)(

ocrock

tdrock

f
f

)(
)(

ocrock

tdrock

f
f

)(
)(

 
tdrockf )(

 (psi) 
ocrockf )(

 (psi)  
tdrockf )(

 (psi) 
ocrockf )(

 (psi)  

70 29.83 28.43 1.05 42.70 37.31 1.14 64.80 49.76 1.30 
700 42.31 30.92 1.37 72.82 44.00 1.66 152.20 60.68 2.51 
7000 139.63 43.70 3.20 / / / / / / 

(a) Effect of iφ  and  rockE

0=ic  psici 10=  psici 20=  
 

iφ  
(º) 

tdrockf )(
 (psi) 

ocrockf )(
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ocrock
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f
f

)(
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ocrockf )(

 (psi) 
ocrock

tdrock

f
f

)(
)(  tdrockf )(

 (psi) 
ocrockf )(

 (psi) 
ocrock

tdrock

f
f

)(
)(  

14 10.30 10.27 1.00 20.05 19.44 1.03 29.83 28.43 1.05 
31 23.05 21.50 1.07 32.92 29.67 1.11 42.70 37.31 1.14 
50 44.65 37.57 1.19 54.81 43.83 1.25 64.80 49.76 1.30 

(b) Effect of  ic

Elastic Rock psicrock 200=  psicrock 50=  

tdrockf )(
 (psi) 

ocrockf )(
 (psi) 

ocrock

tdrock

f
f

)(
)(  tdrockf )(

 (psi) 
ocrockf )(

 (psi) 
ocrock

tdrock

f
f

)(
)(  tdrockf )(

 (psi) 
ocrockf )(

 (psi) 
ocrock

tdrock

f
f

)(
)(  

45.97 44.69 1.03 42.70 37.31 1.14 38.76 29.12 1.33 

(c) Effect of  rockc

o31=iφ o50=iφ  
 

DLsocket /  tdrockf )(
 (psi) 

ocrockf )(
 (psi) 

ocrock

tdrock

f
f

)(
)(  tdrockf )(

 (psi) 
ocrockf )(

 (psi) 
ocrock

tdrock

f
f

)(
)(  

1.5 42.74 37.37 1.14 61.47 51.02 1.20 
3.0 41.70 38.07 1.10 61.85 51.08 1.21 
5.0 42.70 37.31 1.14 64.80 49.76 1.30 

10.0 46.78 37.97 1.23 74.47 48.44 1.54 

(d) Effect of  DLsocket /

o31=iφ o50=iφ  
 

0K  tdrockf )(
 (psi) 

ocrockf )(
 (psi) 

ocrock

tdrock

f
f

)(
)(  tdrockf )(

 (psi) 
ocrockf )(

 (psi) 
ocrock

tdrock

f
f

)(
)(  

0.43 28.97 21.77 1.33 37.07 26.39 1.40 
1.0 42.70 37.31 1.14 64.80 49.76 1.30 

(e) Effect of  0K



Table 13.  Detailed Results for Different sp EE /  

O-cell Test Top Down Test 
sp EE /  Bottom Load 

(kips) 
Average Side 
Shear (psi) 

Top Load 
(kips) 

Average Side 
Shear (psi) 

octd ff /

1 1550 72 12100 500 6.9 

10 580 27 1300 36 1.3 

100 510 24 1000 25 1.04 
 
 
 

Table 14.  Detailed Results for Different iφ  

O-cell Test Top Down Test 
iφ  Bottom Load 

(kips) 
Average Side 
Shear (psi) 

Top Load 
(kips) 

Average Side 
Shear (psi) 

octd ff /

14º 480 23 990 25.5 1.1 

31º 580 27 1290 36 1.3 

50º 770 36 2050 63 1.7 
 
 
 

Table 15.  Detailed Results for Different  ic

O-cell Test Top Down Test 
ic  

(psi) Bottom Load 
(kips) 

Average Side 
Shear (psi) 

Top Load 
(kips) 

Average Side 
Shear (psi) 

octd ff /

10 340 16 750 21 1.3 

20 580 27 1290 36 1.3 

40 1050 50 2380 64 1.3 
 



 
Table 16.  Comparison of Pile Capacities from Smartpile and Static Load Test (Ooi and 

Frederick, 2003) 

Test Pile 
Number Method of Defining Ultimate Failure Ultimate Pile Capacity 

kN (tons) 

SMARTPILE 
Capacity 

Ultimate Pile 
Capacity 

 
 

Test Pile 1 

Davisson (1972) 
DeBeer (1972) 

Brinch Hansen’s 80% Criterion (1963) 
Chin (1970, 1971) 

SMARTPILE 

560 (63) 
543 (61) 

920 (103) 
1050 (103) 

868 (98) 

155% 
160% 
94% 
83% 

100% 
 
 

Test Pile 2 

Davisson (1972) 
DeBeer (1972) 

Brinch Hansen’s 80% Criterion (1963) 
Chin (1970, 1971) 

SMARTPILE 

854 (96) 
712 (80) 

1070 (120) 
1210 (136) 
1080 (121) 

126% 
152% 
101% 
89% 

100% 
 



Table 17  Testing Result Summary For US Courthouse Pile Foundation (Ooi and Frederick, 2003) 
 

Location  Date Boring 
Top of 
Glacial 
El. (Ft) 

Top 
of Till 

El 
(Ft) 

Pile of 
Rock 

El. 
(Ft) 

Pile 
Tip 
El. 
(Ft) 

Driving Criteria 
(BPI) 

PDA 
Capacity 

(Kips) 

Smartpile 
Capacity 

(Kips) 

Hammer 
Type 

Hammer 
Energy 
Kip-Ft 

Comments 

B.9/19.8            5/2/95 B208 - -97.7 -115.7 -114.2 9,8,8,9,8,9 320 600 CON160 28

EC/70          5/2/95 RC-2 - 101.0 -112.0 -113.4 10,11,10,11,12,12 500 550 CON160 30

EC/70             5/3/95 - Redrive

L1/21.8            5/3/95 B101 - -95.3 -116.5 -111.1 9,10,11,12,11,12 240 400 CON160 31

B.9/8 5/3/95 
5/4/95 

B207   - -90.4 -120.4 -111.3 8,8,7,9,8,8 
9,7,8,7,7,7

400     500 CON160 28 Redrive

L.1/9 5/4/95 
5/5/95 

RC-1    - -86.2 -114.2 -107.8 7,7,7,8,7,8 410 
600 

390 
600

CON160 30 
26

Restrike 

JJ.9/26.1            5/5/95 B113 - -92.2 -112.2 -111.4 14,15,14,15,15,17 490* 1060* CON140 25

FF.9/34.9            5/5/95 B203 -86.4 -97.9 -110.4 -110.5 13,15,18,16,16,16 500-550* 876* CON140 25

V.1/PY            5/9/95 B105 - -92.7 -127.2 -108.3 9,9,9,8,9,9 330 N/A CON140 29

D.4/PX/E.9 5/10/95 
5/11/95 

B206    - -87.4 -117.4 -100.7 7,8,7,8,8,9 360 
460 

N/A CON140 
CON140

26 
23

Restrike 

G.7/PX/2.5             5/11/95 B206 - -87.4 -117.4 -105.1 8,8,8,8,7,8 N/A N/A CON160 34

TEST PILE 
1 

5/9/95 
5/10/95 

B203     -86.4 -97.9 -110.4 -100.6 7,8,8,8,8,10 700 
740 

N/A 
N/A

CON140 29 
24

Restrike 

TEST PILE 
2 

5/11/95 
5/12/95 

B208      - -97.7 -115.7 -109.1 4,4,4,4,4,4 630 N/A CON160 
CON160

36 
32

Restrike 

TEST PILE 
3 5/12/95            B208 - -97.7 -115.7 -108.6 8,8,8,9,9,9 CON160 26 Backup

Notes:  
1. Test pile 3 was driven with a 12-in thickness of plywood pile cushion; 
2. * PDA removed their instruments approx. 2 in about ground level. SMARTPILE reading taken after 2 in furtherdriving. 



 
Table 18.  Evaluation of Failure Criteria for Statically Loaded Drilled Shafts  

Statistics for the Ratio between Drilled Shaft Capacity of different Interpretation Methods and the Representative Capacity 

Davisson DeBeer Shape of Curve FHWA 

#    mx σx # mx σx # mx σx # mx σx

47            0.862 0.17 39 0.908 0.11 36 0.956 0.09 40 0.999 0.13

# - no. of cases   mx=mean  σx=standard deviation   loads 0.85 to 20 MN diameter 0.3 to 1.5m  length 5.3 to 58.5m 

 
 



Table 19. Recommended Relations Between Tested Shaft Capacity and Drop Weight System 
Requirements for 0.5m<H<2.5m 

 
Capacity  Height (m) for Ram Weight (G) 

(kN) G=50kN G=70kN G=90kN G=120kN G=150kN G=200kN 

1000 0.5           
2000 1.0 0.7 0.5       
3000 1.5 1.0 0.8 0.6 0.5   
4000 2.0 1.4 1.1 0.8 0.7 0.5 
5000 2.5 1.8 1.4 1.0 0.8 0.6 
6000   2.1 1.6 1.2 1.0 0.7 
7000   2.5 1.9 1.4 1.2 0.9 
8000     2.2 1.6 1.3 1.0 
9000     2.5 1.9 1.5 1.1 

11000       2.3 1.8 1.4 
12000       2.5 2.0 1.5 
13000         2.2 1.6 
14000         2.3 1.7 
15000         2.5 1.9 
16000           2.0 
17000           2.1 
18000           2.2 
19000           2.4 

20000           2.5 
Using η=40% for simplicity: G•H = (C – 100)/40  
where H(m)=Stroke height, G(kN)=weight of ram, C(kN)=drilled shaft capacity (estimated or required) 



Table 20.  Statistical Summary of Drop-Weight Dynamic Analysis Predictions For Drilled Shafts 
 

Static Failure Criterion 
Representative   Davisson FHWA DeBeerData Type 

#   mx σx Figure # mx σx Figure # mx σx Figure. # mx σx Figure 
All  

Tests 65                1.15 0.48 148 62 1.08 0.54 149 62 1.31 0.59 150 58 1.01 0.40 151

Tests 
 to Failure 42              0.95 0.13 152 39 0.85 0.19 153 39 1.05 0.12 154 36 0.85 0.15 155

Failure from 
L.T.Extrapolation 22              1.55 0.63 156 21 1.46 0.64 157 20 1.71 0.73 158 21 1.23 0.49 159

# - no. of analyzed cases  m x – Mean (bias) of the static capacity over the dynamic predictions  σx – Standard deviation 
 
 

Table 21.  Statistical Summary of the Dynamic Methods for Capacity Prediction of Driven Piles (Paikowsky and Stenersen, 2000) 

Method Time of Driving No. of Cases Mean λ  Standard Deviation COV 

General     377 1.368 0.620 0.453
EOD     125 1.626 0.797 0.490

EOD - AR < 350 & 
Bl. Ct. < 16 

BP10cm 
37    2.589 2.385 0.921

CAPWAP 

BOR     162 1.158 0.393 0.339
General     371 0.894 0.367 0.411

EOD     128 1.084 0.431 0.398
EOD - AR < 350 & 

Bl. Ct. < 16 
BP10cm 

39    1.431 0.727 0.508D
yn

am
ic

 M
ea

su
re

m
en

ts
 

Energy Approach 

BOR     153 0.785 0.290 0.369
Notes: EOD = End of Driving BOR = Beginning of Restrike  AR = Area Ratio 
 Bl. Ct. =  Blow Count BP10cm = Blows per 10cm  COV = Coefficient of Variation 
 Mean = of the Ratio between Static Load Test Results (Davisson) to the predicted capacity (Bias)



Table 22.  A Statistical Summary of the Performance of the FHWA Drilled Shaft Static Analysis 
Method (Based on Paikowksy, 2004). 

 

Soil Type No. of 
Cases 

Mean 
mx

COV 

Sand 32 1.71 0.60 
Clay 53 0.90 0.47 

Mixed 44 1.19 0.30 
Rock* 46 1.23 0.41 

 
 



Table 23.  Statnamic Database Summary 
 

 Identification Code
Sheet File Pile Type Soil Type Same/Near Order Comp. Method Static Method Country Code Site ID Pile ID λ SLD SLT 

1 Florida LS1 1 1 2 0 3 1 USA FLLS TP-1/2 1.056 6587 6957 
2 Florida LS2 1 1 2 0 3 1 USA FLLS TP-3/4 0.916 5164 4733 
3 JFK P10a 4 1 1 2 3 2 USA JFK OMSF P-10 1.067 3289 3509 
4 NNO 4 1 1 2 4 3 JPN NNO T1 0.890 4987 4440 
0 STGLT1 2 1 1 2 4 2 USA STG LT-1 1.031
5 TFC-241 1 1 1 2 3 1 TWN TFC 241 1.007 9316 9608 
6 TFC-532 1 1 1 1 3 1 TWN TFC 532 1.022 23387 23544 
7 Ohito 1 2 1 2 3 3 JPN OHITO TEST 1.021 24548 25084 
8 BQE 1 2 2 0 2 1 USA BQE SA 1&8 0.949 10523 10747 
9 BCPier10 2 2 1 2 3 2 USA BC Pier10 1.065 8019 7606 

10 BCPier15 2 2 1 2 4 2 USA BC Pier 15 1.042 3175 3382 
11 BCPier5 2 2 1 2 4 2 USA BC Pier 5 0.909 5387 5612 
13 STGLT5 2 2 1 2 4 2 USA STG LT-5 1.177 10683 12575 
14 ShonanT6 4 2 1 1 3 2 JPN SHONAN T6 0.974 1056 1028 
15 ShonanT5 6 2 1 2 4 2,3 JPN SHONAN T5 0.935 509 476 
16 ShonanT2 6 2 1 1 3 3,2 JPN SHONAN T2 0.920 451 415 
17 ShonanT1 6 2 1 2 4 3,2 JPN SHONAN T1 0.947 505 478 
18 ashaft10 1 3 1 2 4 2 USA Aub 10 0.796 2069 1647 
19 ashaft8 1 3 1 2 4 2 USA Aub 8 0.883 1894 1672 
20 ashaft7 1 3 1 2 4 2 USA Aub 7 0.953 2549 2429 
21 ashaft5 1 3 1 2 4 2 USA Aub 5 1.083 2496 2703 
22 ashaft3 1 3 1 2 4 2 USA Aub 3 0.957 1248 1194 
23 ashaft2 1 3 1 2 4 2 USA Aub 2 1.040 2304 2397 
24 ashaft1 1 3 1 2 4 2 USA Aub 1 1.012 2275 2302 
25 NIA TP 12a 4 3 2 0 3 2 USA NIA TP-1&2a 1.174 1287 1511 
26 NIA TP 12b 4 3 2 0 3 2 USA NIA TP-1&2b 1.069 2496 2669 
27 NIA TP 13a 4 3 2 0 3 2 USA NIA TP-1&3a 1.128 1397 1576 
28 NIA TP 13b 4 3 2 0 4 2 USA NIA TP-1&3b 1.109 2018 2238 
29 NIA TP 910a 4 3 2 0 3 2 USA NIA TP-9&10a 1.179 2058 2425 
30 NIA TP 910b 4 3 2 0 3 2 USA NIA TP-9&10b 1.144 2947 3371 
31 Contraband T114 2 4 1 2 3 1 USA LC T-114.5 1.108 2070 2293 
32 Contraband X123 2 4 1 1 3 1 USA LC X-123 0.866 2664 2306 
33 NIA TP 56a 4 4 2 0 3 2 USA NIA TP-5&6a 1.127 1942 2189 
34 NIA TP 56b 4 4 2 0 3 2 USA NIA TP-5&6b 1.037 2770 2874 



 
 

Table 24.    Pile Specific Bias (λ) Values. 
 
 Site ID Pile ID Soil Type λ

FLLS TP-1/2 1 1.06
FLLS TP-3/4 1 0.92
JFK OMSF P-10 1 1.07
NNO T1 1 0.89
STG LT-1 1 1.03
TFC 241 1 1.01
TFC 532 1 1.02

OHITO TEST 2 1.02
BQE SA 1&8 2 0.95
BC Pier10 2 1.07
BC Pier 15 2 1.04
BC Pier 5 2 0.91

STG LT-5 2 1.18
SHONAN T6 2 0.97
SHONAN T5 2 0.94
SHONAN T2 2 0.92
SHONAN T1 2 0.95

Aub 10 3 0.80
Aub 8 3 0.88
Aub 7 3 0.95
Aub 5 3 1.08
Aub 3 3 0.96
Aub 2 3 1.04
Aub 1 3 1.01
NIA TP-1&2a 3 1.17
NIA TP-1&2b 3 1.07
NIA TP-1&3a 3 1.13
NIA TP-1&3b 3 1.11
NIA TP-9&10a 3 1.18
NIA TP-9&10b 3 1.14
LC T-114.5 4 1.11
LC X-123 4 0.87
NIA TP-5&6a 4 1.13
NIA TP-5&6b 4 1.04

 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

1-rock, 2-sand, 3-silt, 4-clay 
 
 



Table 25.  Summary of Safety Factors Without Using Rate Effect Corrections 
 

Soil 
Type 

Bias 
Factor 

λ 

Standard 
Deviation σdev

Required Safety 
Factor 

Resistance Factor 
φ 

Number of 
Observations 

Rock 0.959 0.066 2.0 0.71 7 

Sand 0.904 0.076 2.1 0.66 10 

Silt 0.718 0.080 2.8 0.51 13 

Clay 0.672 0.077 3.0 0.47 4 

All 
Soils 0.817 0.135 2.6 0.54 34 

 
 

Table 26.  Summary of Rate Effect Factors and Associated Values 
 

Soil 
Type 

Rate Effect 
Factor 

Bias 
Factor 

λ 

Standard 
Deviation 
σdev

Required 
Safety Factor 

Resistance 
Factor 

φ 

Number of 
Observations

Rock 0.96 0.999 0.068 1.92 0.739 7 

Sand 0.91 0.994 0.083 1.95 0.726 10 

Silt 0.69 1.041 0.116 1.92 0.737 13 

Clay 0.65 1.035 0.119 1.94 0.730 4 

All 
Soils N/A 1.017 0.097 1.93 0.734 34 

 



Table 27 Summary of Rate Effect Factors and Design Values. 
 

 

Soil 
Type 

Rate 
Effect 
Factor 

η 

Recommended 
Safety Factor 

without η 

Recommended 
Resistance 

Factor without η 

Recommended 
Safety Factor 

with η 

Recommended 
Resistance Factor 

with η 

Rock  0.96 2.0 0.7 2.0 0.7 

Sand  0.91 2.1 0.65 2.0 0.7 

Silt 0.69 2.8 0.5 2.0 0.7 

Clay 0.65 3.0 0.45 2.0 0.7 
All 

Soils N/A 2.6 0.5 2.0 0.7 

 
Table 28. Data Details for an Under-Damped System (ζ<1) 

G H K I ωn α Case 
(kN) (m) (109 N/m) (103 N/m/s)

ζ 
(s-1) (s-1) 

R=ωn/α 

1 50 2.50 1.500 4636 0.2984 542.22 161.78 3.352 
2 50 2.00 1.500 4636 0.2984 542.22 161.78 3.352 
3 50 1.50 1.500 4636 0.2984 542.22 161.78 3.352 
4 50 1.00 1.500 4636 0.2984 542.22 161.78 3.352 
5 50 0.50 1.500 4636 0.2984 542.22 161.78 3.352 
6 50 1.98 1.000 4636 0.2436 442.72 107.85 4.105 
7 50 2.45 0.750 4636 0.2110 333.41 80.89 4.740 
8 50 3.32 0.500 4636 0.1723 313.05 53.93 5.805 
9 50 2.43 0.250 4636 0.2110 127.80 26.96 4.740 

10 50 2.80 0.125 4636 0.2110 63.90 13.48 4.740 

 
Table 29. Data Details for an Over-Damped System (ζ>1) 

 
G H K I ωn α Case 

(kN) (m) (109 N/m) (103 N/m/s) 
ζ 

(s-1) (s-1) 
R=ωn/α 

1 50 1.50 15 1219 3.5891 1714.64 6154.04 0.279 
2 50 1.00 15 1219 3.5891 1714.64 6154.04 0.279 
3 50 0.50 15 1219 3.5891 1714.64 6154.04 0.279 
4 50 0.10 15 1219 3.5891 1714.64 6154.04 0.279 
5 50 1.15 5 1219 2.0722 989.95 2051.35 0.483 
6 50 1.33 2.5 1219 1.4652 700.00 1025.67 0.683 
7 50 1.62 1.25 1219 1.0361 494.97 512.84 0.965 
8 125 1.33 1 1219 1.4652 280.00 410.27 0.683 
9 208 1.80 0.6 1219 1.4652 168.00 246.16 0.683 



 
Table 30.  Secant Modulus of Elasticity for Common Capblock and Pile-Cushion Materials. 

 
Material E (ksi) E (MPa) 
Micarta 450 3100 

Hardwood, oak 45 310 
Asbestos disks 45 310 
Plywood, fir 35 240 

Pine 25 170 
Softwood, gum 30 205 

(Approximate A=12 in. or 20 cm square and L=A unless other data are available to compute spring constant of 
AE/L.) 

 
 

Table 31. Data Details for the Analyses with the Same M, H and K, and a Different I 
 

G H K I ωn α Case 
(kN) (m) (109 N/m) (103 N/m/s) 

ζ 
(s-1) (s-1) 

R=ωn/α 

1 70 1.5 1.0 2000 0.6745 374.17 252.38 1.483 
2 70 1.5 1.0 4000 0.3373 374.17 126.19 2.965 
3 70 1.5 1.0 8000 0.1686 374.17 63.094 5.930 
4 70 1.5 1.0 16000 0.0843 374.17 31.547 11.861 
5 70 1.5 1.0 32000 0.0422 374.17 15.774 23.721 
6 70 1.5 1.0 64000 0.0211 374.17 7.887 47.442 
7 70 1.5 1.0 128000 0.0105 374.17 3.943 94.884 
8 70 1.5 1.0 256000 0.0053 374.17 1.972 189.768 

 
 

Table 32.The Influence of a Load Testing System (Data Details for Figure 272) 
 

G H K I ωn α Testing 
Method (kN) (m) (109 N/m) (103 N/m/s) 

ζ 
(s-1) (s-1) 

R=ωn/α 

Dynamic 25 0.4 1 1219 0.6553 626.10 410.27 1.526 

STATNAMIC 50 0.2 0.5 1219 0.6553 31.30 20.51 1.526 
FUNDEX 800 0.04 0.1 1219 0.3707 11.07 4.10 2.698 
Static 1500 0.02 0.07 1219 0.4247 6.76 2.87 2.355 

 
 



Table 33. Details of Newbury Test Pile No.2, Figure 273 (a, b, c) 

Fig. G H K I ωn α 
No. 

Testing 
Method (kN) (m) (109 N/m) (103 N/m/s) 

ζ 
(s-1) (s-1) 

R=ωn/α 

 Dynamic 17.6 1.3 2.224 503 1.9858 1112.82 2209.79 0.504 
a STATNAMIC 38.0 0.5 0.250 503 0.9783 253.92 248.40 1.022 
 Static 60.0 0.3 0.159 503 0.9803 161.15 157.98 1.020 
 Dynamic 17.6 1.3 2.224 503 1.9858 1112.82 2209.79 0.504 

b STATNAMIC 500 0.02 0.250 3265 0.5469 70.00 38.29 1.828 
 Static 1500 0.003 0.159 10064 0.2450 32.23 7.90 4.080 
 Dynamic 17.6 0.4 1.107 1510 0.4669 785.11 366.64 2.141 
c STATNAMIC 600 0.08 0.05 5032 0.1738 28.58 4.97 5.752 
 Static 1000 0.04 0.015 5032 0.1229 12.12 1.49 8.135 

 
 

Table 34. Details of Newbury Test Pile No.3, Figure 274 (a, b, c) 

G H K I ωn α Fig. 
No. Method 

(kN) (m) (109 N/m) (103 N/m/s) 
ζ 

(s-1) (s-1) 
R=ωn/α

 Dynamic 44.5 0.4 1.080 119 0.9273 487.80 452.34 1.087 
a STATNAMIC 70.0 0.3 0.300 119 0.6131 204.94 125.65 1.631 
 Static 100.0 0.07 0.200 119 0.5983 140.00 83.77 1.671 
 Dynamic 44.5 0.4 1.080 119 0.9273 487.80 452.34 1.078 

b STATNAMIC 300.0 0.025 0.300 1194 0.1269 98.99 12.56 7.879 
 Static 400.0 0.006 0.200 2388 0.0598 70.00 4.19 16.713 
 Dynamic 44.5 0.20 1.080 178 0.6198 487.80 302.35 1.613 
c STATNAMIC 600 0.08 0.040 1193 0.0655 25.56 1.68 15.257 
 Static 1000 0.04 0.015 2387 0.0260 12.12 0.31 38.597 

 
 

Table 35.  Summary of Attributes for Modeled Ram 

Ram 
Diameter 

Ram 
Length 

Ram 
Drop Height  Ram Mass Energy Impact 

Angle 

1.0m 1.6667m 2.0m 1.0276 E+04 kg 2.016 E+5 J 0° 

 
 

Table 36.  Model Statistics 

3-D Half-Symmetry Model 
Number of Nodes 9,500 
Number of Elements 7,728 
Type of Element 8-node solid 

 



Table 37.  Material Properties 

Component Density (kg/m3) Elastic Modulus (Pa) Poisson’s Ratio 
Striker Plate (steel) 7.850 E+03 2.00 E+11 0.30 
Pile (concrete) 2.380 E+03 2.55 E+10 0.15 
Cushion (plywood) 4.830 E+02 2.00 E+06 0.30 
Ram (steel) 7.850 E+03 2.00 E+11 0.30 

 
 

Table 38.  Component Geometry for Baseline Model 

Component Diameter (m) Length (m) 
Striker Plate  1.00  0.100 
Pile  1.00 40.000 
Cushion  1.00 0.100 
Ram 1.00 0.167 

 
 

Table 39.  Drop Height and Corresponding Impact Velocity 

Drop Height (m) Impact Velocity (m/s) 
0.5 3.1006 
1.0 4.4072 
1.5 5.4068 

2.0 (baseline) 6.2485 
2.5 6.9895 

 
 

Table 40.  Ram Diameter and Corresponding Density 

Ram Diameter (m) Density (kg/m3) 
0.2 1.9430 E+07 
0.6 2.1588 E+05 

1.0 (baseline) 7.850 E+03 
1.5 3.4541 E+04 

 
 



Table 41.  Summary of Attributes for Modeled Ram. 
 

Ram 
Diameter 

Ram 
Length 

Ram 
Drop Height  Ram Mass Energy Impact 

Angle 

1.0m 1.6667m 2.0m 1.0276 E+04 kg 2.016 E+5 J 0° 

1.0m 1.6667m 2.0m 1.0276 E+04 kg 2.016 E+5 J 1o  

 
 

Table 42.  Summary of Model Parameters Obtained from the Statnamic and Static Tests 
of TP#2 

 
Based on Statnamic Tests Analyzed Test 
TP # 2-3 TP # 2-4 

Based on 
Static Test 

T*
0 (kN) 542 202 250 

T4 = Pmax (kN) 764 770 806 
E0 (kN/mm) 194 5,000 300 
E0,1 (kN/mm) 259 108 187 
η4 = (kN⋅hr/mm) * 10-3 .34 1.03 --- 
η1 = (kN⋅hr/mm) * 10-3 --- --- 878 
η2 = (kN⋅hr/mm) * 10-3 --- --- 35 
η3 = (kN⋅hr/mm) * 10-3 --- --- 1 
E1 (kN/mm) --- --- 610 
E2 (kN/mm) --- --- 36 
T*

1 (kN) --- --- 283 
T*

2 (kN) --- --- 127 
T3 (kN) --- --- 710 

 
 



Table 43.  Summary Table for the Attributes, Status and Future Work of the Primary Investigated Load Testing Systems 
 

Test 
Type 

Loading 
Method 

Wave 
Length 

Λ 
Application 

Capacity 
Range 

MN 
(tons) 

Advantages  Limitations Principle 
of Analysis 

Current 
Status Guidelines Future 

Work 

D
ro

p 
W

ei
gh

t High 
stress 

dynamic 
– fast 

loading 

<1 
• IPCDF 
• Old DF 

(IPCDF/DP) 

<15 
(1500) 

• High mobility 
• Local 

development of 
simple impact 
device 

• Low cost 
• Proven wave 

mechanics 
analysis 

• Soil structure 
interaction from 
analysis 

• High strain 
integrity testing 

• Loading system 
capacity 

• Careful 
preparation and 
testing needed 
for good quality 
data 

• High quality, 
independent 
displacement 
measurements 
not used 
routinely 

1-D W.E. 
signal 

matching 

Mature 
proven 
requires 

clear 
identification 
of problems 
and solutions 

Needs a 
comprehensive 
development of 

guidelines 

1. Complete study of ram/DF 
impact; identifying 
problems, limits and 
solutions 

2. Detailed evaluation of 
foundation structure (shape 
and quality) influence on 
measurements and analyses 

3. Benchmark testing for 
comparison with static load 
tests 

4. Assessment of accuracy for 
soil-structure interaction 

St
at

na
m

ic
 

High 
stress – 
kinetic 

>10 
• IPCDF 
• Old DF 

(IPCDF/DP) 

<30 
(3000) 

• High mobility 
• Medium cost 
• High capacity in 

difficult to 
reach places 

• Reliable and 
consistent 
measurement 

• Low reliability 
in cohesive 
soils 

• Soil structure 
interaction is 
difficult to 
obtain 

• Proprietary 

UPM 
(Unloading 

Point 
Method) 

using Kalvin-
Voigt model 

and its 
modification 
(MUP) with 
multipoint 

measurements 

Proven for 
granular 

soils, needs 
reliable 
analysis 

tools for all 
subsurface 
conditions 

Existing guidelines 
for testing 

procedures and 
measurements 
Needs a clear 

distinction 
between reliable 
and unreliable 
conditions for 

application 

1. Reliable analysis tool to 
address the mechanics of 
the problem in all 
subsurface conditions 

2. Comparison testing 
between Statnamic and 
static 

3. Continued evaluation of the 
current/new analyses 
methods 

O
-C

el
l 

Static 108 • IPCDF 
• DP (rarely) 

Single cell 
<50 

(5000) 
 

multi-cell 
<150 

(15000) 

• High capacity 
• Static loading 
• Soil-structure 

interaction 
plausible with 
additional 
instrumentation 

• Preselected 
foundations 

• Upward loading 
and its 
interpretation 

• Questionable 
O-cell selection 
location 

• Possible soft 
end reaction 

• Proprietary 
• High cost/ 

unrecoverable 
equipment 

Top-down 
equivalent 

curves from 
bi-direction 

testing 

In use 
though 
limited 

knowledge 
of 

limitations 
and proof for 

accuracy 

Needs a 
comprehensive 
development of 

guidelines for use, 
design, and 

interpretation;  

1. In-depth study of factors 
affecting top-down and 
down-up interfacial shear 
and force-displacement 
curves 

2. Reliability and 
improvements of the 
equivalent curves  

3. Possible development of 
alternative non-proprietary 
testing methods 

4. Careful comparison and 
testing subjected to the 
above and in cooperation 
with industry 

IPCDF – In Place Constructed Deep Foundations  DF – Deep Foundations  DP – Driven Piles  1-D W.E. – One Dimensional Wave Equation 



Table 44.  Summary Table for the Attributes, Status and Future Work of the Secondary Investigated Load Testing Systems 
 

Test 
Type 

Loading 
Method 

Wave 
Length 

Λ 
Application 

Capacity 
Range 
MN 

(tons) 

Advantages  Limitations Principle 
of Analysis 

Current 
Status Guidelines Future 

Work 

Si
m

ba
t High stress 

dynamic – 
fast 

loading 

<1 
• IPCDF 
• Old DF 

(IPCDF/DP) 

<15 
(1500) 

• High mobility 
(have the 
potential for all 
drop weight 
advantages) 

• Sophisticated 
and reliable 
measuring 
system 

• Unproven 
reliability of 
interpretation 
method for 
ultimate 
capacity 

Seperation of 
measured 
dynamic 

force signal 
for up and 

down forces 
and a 

simplified 
evaluation of 
the synamic 

effects 

In use 
locally in 
Europe, 

France and 
England 

None 

1. Examine the possible use 
of the advantages of 
typical drop weight 
system and Simbat for 
improvements in both 

2. Combine drop weight 
future study with Simbat 

Fu
nd

ex
 

High stress 
– kinetic >10 

• IPCDF 
• Old DF 

(IPCDF/DP) 

<10 
(1000) 

• Complete 
system 
mobilized with 
a rig 

• Long stress 
waves with no 
proven benefit 

• Model does not 
seem to 
effectively 
address the 
conditions 
created during 
the loading 

Basic 
mechanics 
and simple 

model 

Limited use None No future work is proposed 

Sm
ar

tp
ile

 High stress 
dynamic – 

fast 
loading 

<1 • DP 

Dependin
g on the 

impacting 
hammer 

• Possible 
improvements 
of measurement 
(direct force) 
for dynamic and 
drop weight 
testing 

• Unproven 
interpretation 
method 

• Unrecoverable 
instrumentation 
at the tip 

Interpretation 
of recorded 

force 
response 

curve 

Limited use None 

1. Examine to use the 
advantages of drop 
weight/dynamic testing 
and Smartpile for 
improvements of all 

2. Combine drop weight 
future study with 
Smartpile 

Sm
ar

t C
oi

l High stress 
dynamic – 

fast 
loading 

<1 • DP 

Dependin
g on the 

impacting 
hammer 

• Potentially a 
promising 
system 

• Untested, 
unknown N/A 

No sufficient 
information 
is available 

N/A Cannot be evaluated at this 
stage 

IPCDF – In Place Constructed Deep Foundations  DF – Deep Foundations  DP – Driven Piles  
 


	NCHRP Web-Only Document 84 (Project 21-08): Contractor’s Final Report
	Previous Page
	Next Page
	Project Description
	Innovative Load Testing Systems
	TRB Disclaimer
	About the National Academies
	Contents
	List of Figures
	List of Tables
	Acknowledgements
	Summary of Findings
	Chapter 1: Introduction, Research Approach and Principles
	Chapter 2: Findings - Testing Methods - Critical Review
	Chapter 3: Findings - Databases and Intrepretations
	Chapter 4: Findings - Models
	Chapter 5: Summary, Codes, Conclusions, Recommendations and Suggested Research
	References
	Appendix A (Part A, B, and C) - Details of Osterberg Cell Finite Element Analysis
	Part A Study of a Soil Model
	Part B Parametric Study of Rock Socketed Pile
	Part C Comparison with Field Tests

	Appendix B (Part A, B, and C) - Details of Databases
	Part A Database of Drop Weight Testing on Drilled Shafts
	Part B Case Histories of Statnamic and Static Load Tests
	Part C Database of Simbat Analyses (Long, 2001)

	Appendix C (Part A and B) - Codes
	Part A Chinese Code for High Strain Testing of Piles
	Part B Draft of Japanese Code for Rapid Load Test

	Figures
	Tables



